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EXECUTIVE SUMMARY 

 
Our nation’s highway transportation network physically connects airports, train stations, harbors, 
and manufacturing plants as well as fire stations, hospitals, police and military headquarters. This 
transportation network must continue to function during and after a devastating natural hazard 
event, such as an earthquake, so that the lifelines of our society can be repaired or restored in a 
timely fashion and emergency facilities used for rescue operations immediately after the event. 
The Central United States is situated in a bottleneck area of the national transportation network 
along the corridor from California to New York. In this region, the New Madrid Seismic Zone 
(NMSZ) is the location of several of the largest earthquake events (1811–1812 earthquakes) in 
the contiguous United States. In the past three decades, due to the infrequent nature of 
earthquake occurrence in this region, limited attention has been paid to its potential threat to the 
national and regional transportation infrastructures. This study represents the first systematic 
investigation in the vicinity of the NMSZ. 
 
The potential threat in the NMSZ is real as illustrated by the January 26, 2001, Kutch Earthquake 
in India, which resulted in an estimated 0.45 million deaths and injuries as well as $5 billion in 
economic losses. The Kutch Earthquake was the second strong motion to hit the northwest state 
of Gujarat in India in the past 182 years. Often regarded as the “forgotten” earthquake, the Allah 
Bund Earthquake occurred in 1819 in the same region. The seismicity in this region is eerily 
similar to the NMSZ where the last major earthquake occurred in 1811–1812. The widespread 
nature of the earthquake motions and associated liquefaction were also similar to the NMSZ 
earthquakes. The Kutch Earthquake reinforces the need for preparing transportation 
infrastructures in the NMSZ region for a devastating seismic event. 
 
Of all the components of the highway transportation network, bridges are the most vulnerable to 
earthquake damage. Potential earthquake hazards for bridge structures near the NMSZ are 
expected to be unique for several reasons: 

1. NMSZ earthquakes are expected to generate anomalously high frequency and long 
duration ground motions, and to have long recurrence intervals. 

2. Deep alluvial soils are widespread within the Mississippi Embayment. These could 
amplify the seismic waves transmitted from rock to ground surface in a unique way 
which may lead to extensive damage. 

3. Shallow, liquefaction-susceptible silt, silty sands and sandy, silty soils are widely 
distributed throughout the Mississippi Embayment. 

4. Many bridges were constructed without seismic design considerations; most of these 
have bridge decks supported on steel rocker bearings with multiple expansion joints. 

 
Both single-span and multi-span girder bridges in the Central and Eastern United States (CEUS) 
are similar to those in Taiwan where the 1999 Chi-Chi Earthquake caused severe damage to 
bridge structures due to near-field ground motion effects. Although this and other seismic events 
generated a surge of research interests in the engineering community, engineers and 
seismologists have not yet reached a consensus on how to incorporate near-field effects into 
bridge designs. The manner in which bridges would react to the rupture of New Madrid faults 
has never been studied. Further investigation of this topic is thus necessary to better understand 
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the bridges’ response to such ground motions, an important consideration which was overlooked 
by most researchers prior to the 1994 Northridge Earthquake. 
 
Immediately after a strong earthquake, all bridges along predesignated emergency vehicle access 
routes have to be rapidly evaluated to insure that they are safe for emergency vehicle traffic. 
Current visual inspection protocols often give rise to overconservative conclusions, and not 
applicable for the condition assessment of structural members wrapped with steel or composite 
jackets. A decision could be made to close a bridge still capable of carrying a reduced traffic 
load. Such a decision is not only an economic consideration but can be a safety matter. Feasible, 
reliable, and cost-effective techniques are needed to allow bridge engineers to evaluate bridge 
damage after a destructive earthquake. 
 
After a bridge structure has been assessed and identified to be in deficient condition due to a 
strong earthquake, the structure needs to be repaired using effective measures. In the past, very 
few investigations have been conducted to understand the performance level(s) and potential 
failure modes of existing bridges in the CEUS, especially in the state of Missouri, or to develop 
the seismic retrofit technology of concrete structures. For emergency planning purposes, loss 
estimation for transportation highway system in a metropolitan area is critical. Such an exercise 
can also be used to prioritize highway routes and bridge structures to be retrofitted in preparation 
for the possibility of a devastating earthquake event. 
 
To address the above needs in various areas, the objectives of this research project were to 
improve earthquake resistance and mitigate earthquake damage to highway transportation 
networks, including loss of bridges and highways. This has been accomplished by developing 
new seismic design and assessment methodologies, by improving seismic retrofitting measures, 
and by exchanging and transferring new technologies. The main topics of this study include 
near-field rock and ground motion, deep soil deposit response, bridge response to near-field 
ground motion, seismic retrofit of bridge systems, loss estimation methodology, and post-
earthquake assessment of structural conditions. The study involved a group of researchers from 
various disciplines, including seismology, geology, geotechnical and structural engineering, and 
economics. 

 
RECOMMENDATIONS 
Based on extensive numerical simulations and physical tests, the following recommendations 
that can guide the seismic design and retrofit of bridge structures in the CEUS are made: 
1. The uncertainties of near-field rock motions in the NMSZ are significant and need to be 

considered in the evaluation of bridge structures. Due to lack of ground motion records, the 
maximum standard deviation of spectral accelerations or total uncertainty ranges from 0.5 g 
to 2.3 g. It increases significantly as the bridge site gets closer to a strike-slip fault zone, 
especially in the fault-normal component of motion due to forward rupture directivity effects. 
In comparison with the southwestern segment (strike-slip fault), the Bootheel lineament 
(reverse fault) introduced 26%, 11%, and 51% higher uncertainties for the fault-parallel, 
fault-normal, and vertical components of motion, respectively. 

2. A total of 60 sets of rock and ground motion time-histories were selected from this study, 
representing various combinations of fault mechanism, earthquake magnitude, and bridge 
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sites. They can be directly used by researchers, engineers, and educators for geotechnical and 
structural analysis of critical infrastructures in the NMSZ. 

3. For near-field strong earthquake motions associated with a reverse fault mechanism, the 
vertical spectra are significantly higher than their corresponding horizontal spectra. 
Therefore, the rule-of-thumb ratio of two-thirds between the vertical and horizontal spectra 
can be a poor descriptor of vertical motions. However, a ratio of two-thirds is generally 
appropriate for intermediate and long periods of spectral accelerations associated with a 
strike-slip fault mechanism. 

4. The fling step in the fault-parallel component of rock motions depends on the fault 
mechanism, depth to top of the fault, and stress drop, while the velocity pulse in the fault-
normal component mainly changes with the hypocenter location along the strike, rupture 
velocity, and depth to top of the fault. The fling step in rock associated with an Mw 7.5 
earthquake event can be as high as 2.0 m and the velocity pulse can be 2.6 m/sec. When a 
near-field rock motion is propagated through deep soil deposits to the ground surface, the 
fling step in the rock motion disappears due to the flexibility of deep soil deposits (over 600 
m). 

5. Based on the site response analyses conducted on deep soils in the vicinity of the NMSZ, 
most of the nonlinear behavior of soils was found to occur in the shallow soils as 
expected. Increased shear strains and degradation of soil properties were evident in the upper 
60 m. This indicates that site characterizations and the determination of nonlinear 
properties to evaluate the seismic response of the bridge foundations should focus on these 
upper soils. At greater depth, the sandy soils show little degradation in modulus and remain 
in the elastic range under earthquake loading due mainly to the effect of confining pressure. 
Below 60 m, the measurement of soil properties can also be limited to low strain methods. 
Neglecting the influence of confining pressure on site response analysis will significantly 
underestimate the ground response in deep soil sites. 

6. In comparison with the recommended LRFD Guidelines for the seismic design of highway 
bridges, the fault-normal spectral accelerations of the simulated ground motions are slightly 
higher at sites within 10 km of the causative fault. However, the geometric average of the 
fault-normal and fault-parallel components agrees well with the LRFD Guidelines. As a site 
moves away from the fault over 10 km, the near-field effect decreases. 

7. Liquefaction can be caused in the NMSZ by an Mw 6.5 or stronger earthquake event. Due to 
liquefaction, the strain and deformation in soils are increased and the acceleration at the 
ground surface is lowered. Based on the evaluation of liquefaction potential, both L472 and 
A1466 sites are likely to liquefy when the peak ground acceleration is larger than 0.1 g. 

8. A modified hyperbolic model was developed, incorporating Masing rules, to evaluate the 
response of soil embankments. This soil model was implemented in the FLAC computer 
code that was calibrated with the 1971 failure of the Upper San Fernando Dam. Based on this 
calibrated model, the earthquake-induced deformation was determined to have exceeded 1.0 
m when the approach embankment was subjected to an Mw 7.0 earthquake event. 
Liquefaction that occurs in the foundation soils can further increase the deformation of the 
approach embankments of Bridge A1466. 

9. The effect of vertical accelerations needs to be considered in the design of bridges near an 
active fault. Under the maximum considered earthquake, the vertical ground acceleration 
increases the axial compressive forces in the columns by an average of 1.8 times for Bridge 
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L472 (3.7 km from the fault) and 1.6 times for Bridge A1466 (10.9 km from the fault). The 
influence of the vertical acceleration is remarkably reduced with lower moment magnitudes. 

10. A site-specific rock and ground motion simulation is necessary for the evaluation of highway 
bridges in the NMSZ within 10 km of active faults. The resulting rock motions should 
include velocity pulses that affect the seismic response of the bridges. It is also important to 
consider the effects of vertical motion on the bridges’ behaviors. 

11. For highway bridges in the NMSZ located 10 km (6.2 miles) or more away from active 
faults, a simple methodology based on the average directivity conditions at the site and the 
directivity models is sufficient to take into account near-field effects in their design response 
spectra. 

12. CFRP wrapping for repairing of a cracked RC column can prevent the column from shear 
failure. Grouting of shear cracks in column repair is sufficient to allow the column to return 
to its full service. CFRP wrapping on bent cap/column joints is effective in enhancing the 
displacement ductility capacity of a beam-column component up to approximately 4, which 
is satisfactory for moderate earthquakes. 

13. An interlocked nail joint of two steel sheets fails in steel sheet bearing when a gap of 12.7 
mm is provided between the two connected ends. A lap-spliced nail joint of two steel sheets 
also fails in steel bearing when the number of rows of nails is five or more. Either joint can 
be used to connect with 25-mm long nails the two ends of a thin steel sheet for wrapping 
around a circular RC column to prevent shear failure of the column. Together with steel rings 
of 76-mm spacing provided in plastic hinge areas, the steel sheet strengthening technique is 
effective in achieving the satisfactory performance of the column for both moderate and large 
earthquakes. 

14. For a bent cap/column joint, steel plates can be placed around the bent cap to form two cages, 
one on either side of the column. The two cages can be connected with x-shaped diagonal 
plates on the front and back side of the joint. Such a retrofit technique can prevent shear 
failure of the joint but not widening of shear cracks at the joint, resulting in pullout of the 
longitudinal reinforcement in the column, unless prestressing is provided along the axis of 
the bent cap. 

15. Post-earthquake structural condition assessment can be rapidly carried out with the use of 
coaxial cable sensors for RC structures. A cable sensor can directly render damage location 
and severity in an RC member and requires minimum data interpretation during an 
earthquake event. The sensors can also record the most severe damage scenario without the 
use of a data acquisition. As such, they provide the reliability needed the most for post-
earthquake assessment of structural conditions. 

16. The microwave technology developed in this study used a portable hand-held probe for the 
detection of both surface and near-surface interior cracks. It can be applied to map cracks in a 
local area after cable sensors have identified the location of the cracks that have structural 
implications. The crack mapping on the surface of an RC member will ultimately provide 
information on the residual strength of main reinforcement in the structural member. 

17. The loss estimation study integrated the use of established methodologies in earthquake 
losses and transportation models. Both direct losses and indirect (partial) losses were 
calculated and compared. The direct losses range from $70 to $800 million for bridge 
structures along the highway system for a New Madrid and St. Louis earthquake event, 
respectively.  The partial indirect losses could be as much as $20 million per day depending 
on the ability to restore the transportation system to normal conditions. 
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FUTURE RESEARCH NEEDS 
This study was the first systematic investigation on many contemporary issues in earthquake 
engineering that are pertinent to the NMSZ. Due to limited time and resources, a number of 
issues were addressed in a qualitative manner. Future research is needed to provide quantitative 
relations for inclusion in design provisions in the following identified areas. 
1. The composite source model used to generate rock motions assumed that the source of a 

strong earthquake be taken as a superposition of the radiation from a significant number of 
circular subevents. The subevents are allowed to overlap within the plane of a seismic fault. 
While justifiable for interplate earthquakes due to existing weak surfaces along the fault, this 
assumption is likely overconservative for intraplate earthquakes and results in large 
uncertainties. Therefore, it is of engineering interest to investigate how a restraint of non-
overlapping subevents would affect the characteristics of rock motions. 

2. Although the computational tools used for site response analysis and liquefaction evaluation 
have been validated with the field measurements obtained from California sites, the 
numerical results simulated with the computational tools for deep soil deposits are yet to be 
ultimately validated with a special subsurface exploration program for deep soil deposits. 
The Network for Earthquake Engineering Simulations (NEES) facilities, recently made 
available to researchers, may provide a unique opportunity to conduct a series of in situ tests 
to understand the characteristics of deep soil deposits. 

3. Due to their unique features, the bridge structures in the CEUS behave quite differently than 
those structures in the Western Coast that have been extensively studied. Since the recurrence 
of large earthquakes in the NMSZ is long compared to the life span of bridges, the behavior 
of the bridges in the CEUS can never be fully understood and validated unless in-situ testing 
of representative existing bridges is conducted. Again, the NEES facility provides the 
engineering community with a unique opportunity. 

4. In the seismic retrofit of bent cap/column joints, GFRP anchors were provided between the 
CFRP sheets and concrete. These are effective for moderate earthquakes. Their performance 
under severe earthquakes, however, is yet to be studied. Although the anchors prevented 
potential delaminating of the longitudinal CFRP sheets and reduced buckling of the 
compressive CFRP sheets, the concrete at the joint surface that supported the anchors is 
likely to spall under a severe earthquake. 

5. The column softening and bent cap RC strengthening technology for the seismic retrofit of 
Alaska bridge structures was successful to a certain degree. Improvements need to be 
implemented for this retrofit scheme in order to prevent joint shear failure and subsequent 
pullout of the column longitudinal reinforcement. These improvements may include 
providing continuous reinforcement across the transverse direction of the joint in order to 
prevent unrestricted dilation of the joint. Also, additional hoops will be provided around the 
column reinforcement within the gap region in order to reduce the unbraced length of the 
column longitudinal reinforcement and postpone the onset of low cycle fatigue of this 
reinforcement. 

6. The potential direct and indirect losses of the transportation infrastructure in the St. Louis 
metropolitan area were evaluated for each earthquake scenario using a deterministic 
approach. As a result, an Mw 7.0 earthquake event originating in St. Louis will cause more 
than 12 times the direct economic losses of an earthquake event of Mw 7.7 in the NMSZ. 
Considering the very low likelihood of an Mw 7.0 earthquake event in St. Louis, the relative 
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impact from the two scenario earthquakes needs to be further investigated within the life span 
of bridges. 

7. This report used the HAZUS-MH methodology combined with a transportation model to 
assess the losses on the St. Louis, Missouri. Such an approach required extensive data 
manipulations by hand, which are tedious and repetitive work. This process can be eased by 
using more streamlined loss estimation software, such as REDARS, that has recently been 
made available. Research that will involve the use of these federally funded software 
applications at St. Louis, MO, is necessary and beneficial to all parties since the exercise of 
data collection has already been accomplished from this project. 

8. Although coaxial cable sensors have demonstrated high sensitivity, spatial resolution, and 
ruggedness for structural applications, their performance needs to be validated in field 
conditions on real-world structures. In addition, the new framework for RC structural 
condition assessment using the surface crack mapping data acquired from cable sensors and 
microwave technology needs to be developed.  
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SI* (MODERN METRIC) CONVERSION FACTORS 
 

Approximate Conversions to SI Units  

Length: 
inches (in) multiply by 25.4 to get millimeters (mm) 
feet (ft) multiply by 0.305 to get meters (m) 
yards (yd) multiply by 0.914 to get meters (m) 
miles (mi) multiply by 1.61 to get kilometers (km)  

Area: 
square inches (in2) multiply by 645.2 to get square millimeters (mm2) 
square feet (ft2) multiply by 0.093 to get square meters (m2) 
square yards (yd2) multiply by 0.836 to get square meters (m2) 
acres (ac) multiply by 0.405 to get hectares (ha) 
square miles (mi2) multiply by 2.59 to get square kilometers (km2)  

Volume: 
fluid ounces (fl oz) multiply by 29.57 to get milliliters (mL) 
gallons (gal) multiply by 3.785 to get liters (L) 
cubic feet (ft3) multiply by 0.028 to get cubic meters (m3) 
cubic yards (yd3) multiply by 0.765 to get cubic meters (m3) 
NOTE: volumes greater than 1000 shall be shown in m3  

Mass: 
ounces (oz) multiply by 28.35 to get grams (g) 
pounds (lb) multiply by 0.454 to get kilograms (kg) 
short tons - 2000 lb (T) multiply by 0.907 to get megagrams or metric ton (Mg or t)  

Temperature (exact degrees): 
Fahrenheit (°F) multiply by 5 (F-32)/9 or (F-32)/1.8 to get Celsius (°C)  

Illumination: 
foot-candles (fc) multiply by 10.76 to get lux (lx) 
foot-Lamberts (fl) multiply by 3.426 to get candela/m2 (cd/m2)  

Force and Pressure or Stress: 
poundforce (lbf) multiply by 4.45 to get newtons (N) 
poundforce per square inch (lbf/in2) multiply by 6.89 to get kilopascals (kPa)  

Approximate Conversions From SI Units  

Length: 
millimeters (mm) multiply by 0.039 to get inches (in) 
meters (m) multiply by 3.28 to get feet (ft) 
meters (m) multiply by 1.09 to get yards (yd) 
kilometers (km) multiply by 0.621 to get miles (mi)  
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Area: 
square millimeters (mm2) multiply by 0.0016 to get square inches (in2) 
square meters (m2) multiply by 10.764 to get square feet (ft2) 
square meters (m2) multiply by 1.195 to get square yards (yd2) 
hectares (ha) multiply by 2.47 to get acres (ac) 
square kilometers (km2) multiply by 0.386 to get square miles (mi2)  

Volume: 
milliliters (mL) multiply by 0.034 to get fluid ounces (fl oz) 
liters (L) multiply by 0.264 to get gallons (gal) 
cubic meters (m3) multiply by 35.71 to get cubic feet (ft3) 
cubic meters (m3) multiply by 1.307 to get cubic yards (yd3)  

Mass: 
grams (g) multiply by 0.035 to get ounces (oz) 
kilograms (kg) multiply by 2.202 to get pounds (lb) 
megagrams or metric ton (Mg or t) multiply by 1.103 to get short tons - 2000 lb (T)  

Temperature (exact degrees): 
Celsius (°C) multiply by 1.8C+32 to get Fahrenheit (°F)  

Illumination: 
lux (lx) multiply by 0.0929 to get foot-candles (fc) 
candela/m2 (cd/m2) multiply by 0.2919 to get foot-Lamberts (fl)  

Force and Pressure or Stress: 
newtons (N) multiply by 0.225 to get poundforce (lbf) 
kilopascals (kPa) multiply by 0.145 to get poundforce per square inch (lbf/in2)  

*SI is the symbol for the International System of Units. Appropriate rounding should be made to 
comply with Section 4 of ASTM E380. 
(Revised September 1993)  
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LIST OF SYMBOLS 
 
English Symbols 
 
maxa  = peak ground acceleration 
ya  = acceleration corresponding to initial yielding 
eA , Ave = effective shear area 
grossA = gross area of cross section  
h sc spA ,A ,A = area of transverse reinforcement of column 
jvA = area of steel through vertical stirrups  
vA = gross shear area 
vA = area of transverse reinforcement of rectangular column 

AvH = geometric mean of two horizontal components of motion 
jeb = effective width of joint 
w bb , w = width of rectangular cross section 

c = cohesion 
c = damping coefficient 
c′ = effective cohesion 

uc = undrained shear strength of soils 
C = radiation damping 

NC = overburden correction factor 
CRR  = cyclic resistance ratio 
CSR  = cyclic stress ratio 

uC = degradation parameter  
[ ]C  = global damping matrix  
d = effective depth of rectangular cross section 

bld = diameter of longitudinal reinforcing bar 
D = pile diameter 
D = column diameter 

'D = concrete core diameter of column 
rD = relative density 

e = void ratio 
exp = exponent factor 

cE = Young’s modulus of concrete 
ffE = theoretical free-fall hammer energy 
jE = modulus of jacket material 
mE = actual hammer energy 
sE = stiffness of soil springs 

f = force in damper 
af = axial compression stress 
' '
c cef , f = unconfined concrete compressive strength 
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'
ccf = ultimate strength of confined concrete core 
jf = design strength of jacket material 
ujf = ultimate jacket stress 
yf = yield strength 
ybf = yield strength of longitudinal bars in bent cap 
y,cf = yield strength of column longitudinal bars 
yef = characteristic yield strength 
yhf = yield strength of column transverse reinforcement 
y,vf = yield strength of vertical stirrups 
a PF ,P,V = axial compression force 
CFRPF = diagonal tension force of CFRP sheets 
HF = horizontal component of diagonal tension force in CFRP sheets 
lF = diagonal tension force of steel plates 

FN = fault normal 
FP = fault parallel 

VF = vertical component of diagonal tension force in CFRP sheets 
g = gravitational acceleration 
G  = shear modulus 

iG = initial shear modulus 
cG = shear modulus of concrete  
maxG  = maximum shear modulus 
sG = specific gravity 

h = depth of rectangular cross section  
bh = depth of beam cross section 
ch = depth of column cross section 

eI = effective moment of inertia 
gI = gross moment of inertia  

{ }I  = identity vector 
eJ = polar moment of inertia 

k = a factor related to plasticity index 
jk = stiffness of elastic soil springs 
sk = modulus of horizontal subgrade reactions 
wk = fluid bulk modulus 

K = reduction factor for concrete shear capacity 
[ ]K  = global stiffness matrix 
l = pile length 
L = fault length along the strike 
L = distance from the critical section of a plastic hinge to the point of inflection 

pL = plastic hinge length 
LL = liquid limit 
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M = effective tangent modulus of soil stress-strain skeleton in constrained rebound conditions 
cM = bending moment of column 
0M = seismic moment of an earthquake 
TM = target earthquake 
wM = moment magnitude of an earthquake 
yM = yield moment 

[ ]M  = global mass matrix of systems 
n = medium porosity 
N = measured penetration resistance 

1 60(N ) = normalized standard penetration resistance  
pN = ultimate lateral soil resistance coefficient 

p = lateral soil resistance 
pm = p-multiplier 

up = ultimate soil resistance 
tcrackingp = concrete cracking stress of joint 
t maxp = maximum allowable tensile stress 
aP  = atmospheric pressure 
c maxp = maximum allowable compression stress 

{ }tP  = effective earthquake force due to base excitation 
tq = net unit toe-bearing resistance 
bQ = mobilized tip resistance 
fQ = ultimate tip resistance 

dr = stress reduction coefficient 
hypor = hypocentral distance 
jbr = closest horizontal distance to the vertical projection of fault plane 
mr =  radius of influence zone 
0r = radius of pile 
rupr = closest distance to the fault plane 
ur = pore pressure ratio 

R = response modification factor 
iR = radius of subevent i on the fault plane 
minR = minimum radius of subevents 
maxR = maximum radius of subevents 

s = spacing of transverse reinforcement 
D1S = design spectral acceleration at 1.0 second 
DsS = design spectral acceleration at short periods 

SPT = standard penetration test 
uS = undrained shear strength 
jt = jacket thickness 

T = fundamental period of bridge 
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u = pore pressure 
gu (t)&&  = input base acceleration time history 

{ }u  = relative nodal displacement 
{ }u&  = relative nodal velocity 
{ }u&&  = relative nodal acceleration 

jhv = horizontal shear stress 
cV = shear force carried by concrete 
jhV = equivalent horizontal shear force 
NV = shear force carried by concrete and reinforcing steel 

Vo = equivalent shear force demand 
rV = rupture velocity  
sV = shear force carried by reinforcing steel 
sV = shear wave velocity 
sjV = required shear capacity from CFRP jackets 
yV = column shear corresponding to the first yielding of column longitudinal reinforcement 

w = water content 
W = fault width along dip 
X = fraction of the fault rupture distance that lies between epicenter and site to the fault length 
X cos θ = directivity parameter 
y = lateral pile deflection 

50y = critical lateral pile deflection 
z = vertical displacement 
z′ = depth below ground surface  

crz = critical depth where the soil wedge failure is transformed into flow failure 
 
Greek Symbols 
 
α = ratio between post-yield stiffness and elastic stiffness 
α = angle between column axis and axial force strut 
γ  = shear strain 
γ  = unit weight of soils 
′γ  = buoyant unit weight in saturated soils 
rγ  = shear strain at reversal 
Tγ = saturated unit weight 
wγ = unit weight of water 

bbAΔ = area of additional bottom longitudinal reinforcement of beam 
tbAΔ = area of additional top longitudinal reinforcement of beam 

z′Δ = tributary length of each soil spring 
iiΔε  = summation of incremental strains along three axes (i =1, 2, 3) 
ijΔε  = shear strain components 
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Δσ = stress drop of subevent 
iiΔσ  = summation of incremental stresses along three axes (i =1, 2, 3) 
ijΔσ  = shear stress components 

50ε = strain at one-half maximum deviator stress in a UU tri-axial compression test 
cuε = ultimate concrete strain 
ujε = ultimate jacket strain 
vε  = volumetric strain increment 

θ = angle between the direction of rupture propagation and wave traveling from fault to site 
θ = the greater of 35° and the column corner-to-corner angle that is subtended with column axis 
λ = damping ratio 
λ = geometric scaling factor 

0λ = over-strength factor 
Δμ = displacement ductility 
ϕμ = curvature ductility 

ν  = Poisson’s ratio  
ρ = soil density 

lρ = longitudinal reinforcement ratio of column 
σ = standard deviation of rupture area 

′σ , '
0σ  = mean effective principle stress 

v0σ  = total vertical effective stress/overburden pressure 
'
v0σ  = vertical effective stress/overburden pressure 
'
zDσ  = vertical effective stress at pile toe 

τ = shear stress 
τ = shear stress on pile-soil interface 

fτ = failure shear stress at pile-soil interface 
maxτ = maximum shear stress 
rτ = shear stress at reversal 
′φ = internal friction angle 
sφ = strength reduction factor for shear design 

yΦ = curvature at yielding  
 
Acronyms Used 
 
AASHTO American Association of State Highway and Transportation Officials 
ACI  American Concrete Institute 
ADOT  Alaska Department of Transportation 
ASTM  American Society for Testing and Materials 
ATC  Applied Technology Council 
AWG  American Wire Gauge standard 
BP  Before Present 
CEUS  Central and Eastern United States 
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CFRP  Carbon Fiber Reinforced Polymers 
CH  Highly Plastic Clay 
CL  Medium Plastic Clay 
COV  Coefficient of Variance 
CPI  Consumer Price Index 
CPT  Cone Penetration Test 
DOT  Department of Transportation 
DZC  Duzce Station 
FDTD  Finite Difference Time Domain model 
FEMA  Federal Emergency Management Agency 
FHWA  Federal Highway Administration 
FRP  Fiber Reinforced Polymers 
ETDR  Electrical Time-domain Reflectometry 
EWG  East-West Gateway 
GFRP  Glass Fiber Reinforced Polymers 
GIS  Geographic Information System 
GPIB  General Purpose Internal Bus 
IDOT  Illinois Department of Transportation  
ISIS  Illinois Structure Information System 
LRFD  Load Resistance and Factor Design 
LVDT  Linear Variable Differential Transformer 
MAE  Mid-America Earthquake Center 
MCE  Maximum Considered Earthquake 
MFS  Martin-Finn-Seed approach 
ML  Sandy Silt 
MODOT Missouri Department of Transportation 
MPO  Metropolitan Planning Organization 
MSL  Mean Sea Level 
MSSS  Multi-span Simply Supported 
NBI  National Bridge Inventory 
NBIS  National Bridge Inspection Standards 
NCHRP National Cooperative Highway Research Program 
NDE  Non-destructive Evaluation 
NEHRP National Earthquake Hazard Reduction Program 
NIBS  National Institute of Building Sciences 
NMSZ  New Madrid Seismic Zone 
OCR  Over-consolidation Ratio 
OH  Organic Clay 
PESH  Potential Earth Science Hazard 
PGA  Peak Ground Acceleration 
PI  Plasticity Index 
PPI  Producer Price Index 
PRV  Peak Rock Velocity   
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PTFE  PolyTetraFluoroEthylane (Teflon) 
SASW  Spectral Analysis of Surface Wave 
SCPT  Seismic Cone Penetration Test 
SIMS  Structural Information Management System 
SM  Fine Sands 
SP  Coarse Sands 
SP-SM  Fine to Coarse Sands 
SPT  Standard Penetration Test 
SRSS  Square Root of the Sum of the Squared 
RC  Reinforced Concrete 
TDR  Time-domain Reflectometer 
TRI  Treasure Island 
UBC  Uniform Building Code 
UCSD  University of California, San Diego 
UMR  University of Missouri-Rolla 
USC  University of Southern California 
USGS  United States Geological Survey 
UTC  University Transportation Center 
UTMS  Urban Transportation Modeling System 
VHT  Vehicle Hours Traveled 
VMT  Vehicle Miles Traveled 
WUS  Western United States 
YBI  Yerba Buena Island 
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CHAPTER 1. INTRODUCTION 
 
 
BACKGROUND 
 
The nation’s highway transportation network is an important component of our society. It 
physically connects airports, train stations, harbors, and manufacturing plants as well as fire 
stations, hospitals, police and military headquarters. This transportation network must continue 
to function during and after a devastating natural hazard event, such as an earthquake, so that the 
lifelines of our society can be repaired or restored in a timely fashion and the emergency 
facilities can be used for event rescue operations immediately after the event. Of all the 
components of the highway transportation network, bridges are the most vulnerable to 
earthquake damage. Approximately 70 percent of the 600,000 bridges in the United States were 
constructed prior to 1971 with little or no seismic considerations in their design. In the last three 
decades, earthquakes such as the 1989 Loma Prieta, California, the 1994 Northridge, California, 
and the 1995 Kobe, Japan, have demonstrated the need to find new ways to build earthquake-
resistant bridges and highways and to retrofit existing bridges. 
 
In 1992 and 1993, the Federal Highway Administration (FHWA) initiated two comprehensive 
seismic research programs to establish new design and retrofitting guidelines for bridges and 
highways. The final products of these two studies were seismic retrofitting manuals and 
recommendations for new seismic bridge design specifications. New technology was also 
generated from these and other research institutions, including the California Department of 
Transportation and the national earthquake research centers. The lack of strong-motion records 
and systematic studies of the Central and Eastern United States (CEUS) necessitated that the 
design and retrofitting guidelines in the region be based on the understanding and observations of 
previous earthquakes that occurred elsewhere. Their applicability in the CEUS must be refined 
and demonstrated to actual highway constructions in this low-frequency but high-consequence 
area associated with the New Madrid Seismic Zone (NMSZ). In light of these developments in 
technology, informational workshops/conferences are also needed to transfer useful technology 
to practitioners. 
 
Recent earthquakes, such as the 1999 Chi-Chi Earthquake in Taiwan and the 1999 Ducek 
Earthquake in Turkey, caused severe damage to bridge structures due to near-field ground 
motion effects. The lessons learned from these earthquakes are instrumental to the seismic design 
of bridges proximal to seismic faults. Although these seismic events generated a surge of 
research interests in the engineering community, engineers and seismologists have not yet 
reached a consensus on how to incorporate near-fault effects into bridge designs. Further 
investigation of this topic is necessary to better understand the bridge response to such ground 
motions, an important consideration which was overlooked prior to the 1994 Northridge 
Earthquake. 
 
Immediately after a strong earthquake, the urgent need is to transport supplies (food, medical and 
equipment) and rescue teams to the affected areas. All bridges along a predesignated emergency 
vehicle access route have to be evaluated soon after an earthquake event to insure that these 
bridges are safe for emergency vehicle traffic. The current practice for post-earthquake 
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evaluation relies merely on visual inspections of the structural condition of highway bridges. 
Visual inspections often give rise to overconservative conclusions. Additionally, they are not 
applicable for the condition assessment of structures wrapped with steel or composite jackets. 
Decisions could be made to close a bridge when it is still capable of carrying reduced traffic 
loads. The decisions are not only an economic issue but can be a life threatening matter. 
Feasible, reliable, and cost-effective techniques are needed to allow bridge engineers to evaluate 
bridge damage levels after a destructive earthquake. 
 
The January 26, 2001, Kutch Earthquake in India resulted in an estimated 150,000 deaths, 
300,000 injuries, and $5 billion in economic losses. Lessons learned from this 7.9 magnitude 
earthquake have several implications to the NMSZ area. The Kutch Earthquake was the second 
strong motion to hit the northwest state of Gujarat in India in the past 182 years. Often regarded 
as the “forgotten” earthquake, the Allah Bund Earthquake occurred in 1819 in the same region. 
The seismicity in that region is eerily similar to the NMSZ where the last major earthquake 
occurred in 1811–1812. The widespread earthquake motions and associated liquefaction were 
also similar to the NMSZ earthquake. The Kutch Earthquake reinforces the need for preparing 
transportation infrastructure in the NMSZ region for a devastating seismic event (Ellis et al., 
2001; Abrams, 2001). 
 
The NMSZ is the location of three of the most powerful earthquakes in the history of the United 
States. These great earthquakes were not unique events. In recent decades, scientists have 
collected evidence that strong earthquakes in the central Mississippi Valley have occurred 
repeatedly in the geologic past. Scientists estimate that there is a 9-in-10 likelihood of a 
magnitude 6 to 7 tremor occurring in the NMSZ within the next 50 years. Because of differences 
in the geology east and west of the Rocky Mountains, the effects of a magnitude 7 quake in the 
mid-continent United States could be far worse than those of the 1989 Loma Prieta Earthquake, 
California. Potential earthquake hazards for highways and bridge structures near NMSZ are 
expected to be unique in several ways: 

1. NMSZ earthquakes are expected to have anomalously high frequency, long duration of 
strong motions, and long recurrence intervals. 

2. Deep alluvial soils are widespread within the Mississippi Embayment. These may 
amplify the seismic wave transmitted from rock to ground surface in a unique way which 
may lead to extensive damage. 

3. Shallow, liquefaction-susceptible silt, silty sands and sandy, silty soils are widely 
distributed throughout the Mississippi Embayment. 

4. Many bridges were constructed without seismic design considerations; most of these 
have bridge decks supported on steel rocker bearings with multiple expansion joints. 

 
UMR EARTHQUAKE HAZARDS MITIGATION RESEARCH PROGRAM 
 
Considering the significant threats from the NMSZ and their potential consequences, a 
comprehensive research program was undertaken by the University of Missouri-Rolla (UMR), 
starting February 2002, to evaluate the seismic vulnerability of highway bridges and to develop 
mitigation techniques for inadequate structures. This program was a multidisciplinary effort 
requiring an in-depth study of analytical and experimental work, involving seismologists, 
geologists, geotechnical and structural engineers. The scope of the work included analysis and 
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prediction of the earthquake effects on urban and national highway systems, seismic design and 
retrofit of bridges (with physical testing of models), and the exchange and transfer of technology. 
Specifically, seven tasks associated with the pre- and post-earthquake mitigation of highway 
bridges were executed. They are interrelated, as illustrated in Figure 1.1. 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

 
 
 

Figure 1.1 Organization of the overall research program and tasks. 
 
OBJECTIVES 
 
The objectives of this research program were to improve earthquake resistance and mitigate 
earthquake damage to highway transportation networks, including loss of bridges and highways. 
This may be accomplished by developing new seismic design and assessment methodologies, by 
improving seismic retrofitting measures, and by exchanging and transferring new technologies. 
 
ORGANIZATION OF REPORT AND RESEARCH DESCRIPTION 
 
This report consists of nine chapters containing the results and findings from the research 
program. Chapter 1 gives an introduction to the significance of this research program, objectives, 
and scope of work. Chapter 2 focuses on the generation of rock motions in the vicinity of seismic 
faults within the NMSZ. The subsurface exploration and the propagation of rock motions to the 
ground surface of highway bridge sites are discussed in Chapter 3. The response and hazards 
mitigation methodologies of embankments are discussed in Chapter 4. The behavior of bridge 
structures under near-field ground motions is examined in Chapter 5. Chapter 6 deals with three 
ways of retrofitting beam and column structures as well as their joint connections. Chapter 7 
presents a systematic study on the direct and indirect loss of highway networks in St. Louis in the 
event of a devastating earthquake from the NMSZ or from earthquakes nearby. Two new 
techniques are presented in Chapter 8 for post-earthquake evaluation of structural conditions. 
The results and findings from individual tasks are summarized in Chapters 2–8. Based on the 
current study from this research program, the overall recommendations for improvement of 

Task 1: Project Administration 

Pre-Earthquake Mitigation Post-Earthquake Mitigation 

Task 2: Near-Fault Effects on Highway Bridges 

Task 3: Geotechnical 
Hazard Mitigation 

Task 4: Structural 
Hazard Mitigation 

Task 5: Loss 
Estimation  

Task 6: Damage 
Assessment 

Task 7: Technology Transfer & Exchange 
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highway bridge designs and future research needs for better understanding of unique bridge 
structures in a unique NMSZ environment are provided in Chapter 9. 
 
Most of the results and research findings have been disseminated to practitioners and 
academicians through a geotechnical and bridge design workshop that was held on October 28–
29, 2004, in Cape Girardeau, Missouri. Over 60 engineers, faculty and students from several 
states in the CEUS attended the workshop and benefited from this research program. They also 
provided constructive comments in terms of making this report more useful for both practitioners 
and academicians.  
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CHAPTER 2. SYNTHETIC NEAR-FIELD ROCK MOTIONS 
 
 

INTRODUCTION 
 
The New Madrid Seismic Zone (NMSZ) is the most significant regional seismic hazard in the 
Central and Eastern United States (CEUS). It was the location of three of the largest earthquakes 
(moment magnitude, MW, of 7.5–8.0) in the United States that occurred in 1811–1812 (Johnston, 
1996; Hough et al., 2000). Memphis and St. Louis are the metropolitan areas closest to the 
NMSZ where large populations, buildings, and infrastructures are exposed to significant seismic 
risks. The region within the NMSZ also hosts critical infrastructures that serve local, regional, 
and national interests. Among those are the long-span bridge (I-155) crossing the Mississippi 
River at southeast of Caruthersville, Missouri, many short-span bridges on interstate highway I-
55 in southeastern Missouri, and numerous main crossing pipelines and other lifelines. 
 
Due to lack of strong motion records in the CEUS, point-source and finite-fault models have 
been used to simulate the far-field motions at Memphis and St. Louis induced by earthquake 
events in the NMSZ. The hard-rock motions at St. Louis were simulated from three large 
earthquakes of MW 6.5, 7.0, and 7.5 using a finite-fault broadband time-history simulation 
technique developed by Saikai and Somerville (1997). These earthquakes were considered to 
occur on the southwestern segment of the NMSZ. A stochastic point-source model was used to 
generate acceleration time-histories at rock for a given magnitude and epicenter distance 
(Hwang, 2001). The simulated rock motions were propagated to the ground surface to study the 
seismic fragility of highway bridges in the CEUS (Hwang et al., 2001). The stochastic point-
source model was also used to simulate ground motions for several site-specific soil profiles in 
Memphis and St. Louis (Toro and Silva, 2001). The results were utilized in constructing seismic 
hazard maps for the entire region, including the effect of soil-column thickness, regional surficial 
geology, and nonlinear soil behavior. Based on the stochastic point-source model, the uniform 
hazard rock and ground motions were generated for Memphis, St. Louis, and Carbondale 
(Illinois), except for MW 8.0 where a finite-fault model was used (Wen and Wu, 2001). Suites of 
ten motions were selected from a large pool of simulations such that the median of the response 
spectra of each suite matched that of the uniform hazard response spectrum in a least square 
sense at two probability levels. The finite-fault model was also used to simulate rock and ground 
motions at Memphis and St. Louis from an earthquake event of MW 7.5 that occurs on the 
Reelfoot fault and an MW 8.0 on the Bootheel lineament, including the linear and nonlinear 
amplification of representative soil profiles at each city (Atkinson and Beresnev, 2002). 
Recently, the rock motions at three bridge sites in the NMSZ were simulated from three large 
earthquakes of MW 7.0, 7.5, and 8.0 using the finite-fault model (El-Engebawy et al., 2004). The 
sensitivity of near-fault rock motions to the seismic source parameters was also investigated. 
Although simple to use, the finite-fault model can only give a single horizontal component of 
rock and ground motions; it is unable to fully capture the characteristics of near-field ground 
motions.  
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METHODOLOGY 
 
Near-field motions and their associated characteristics, such as rupture directivity and fling step 
as well as hanging wall effect of reverse faults, have never been investigated within the NMSZ. 
The objective of this task was to generate the three-component near-field rock motions in the 
NMSZ with the well-established composite source model that has been validated against records 
from a dozen earthquakes, including the 1988 Saguenay Earthquake in Canada that occurred in 
Eastern North America, for which the tectonic environment, earthquake faulting, and geological 
conditions are similar to the NMSZ. The scope of the work was the generation of 100 rock 
motions for each combination of earthquake events of MW 6.5, 7.0, and 7.5 from two faulting 
mechanisms (strike-slip and reverse) at three bridge sites, including the near-field effects of 
forward rupture directivity, fling step, and hanging wall of reverse faults. To take into account 
the upper-bound uncertainties associated with the earthquake rupturing process and seismic wave 
propagation, an equal-weight logic tree of all parameters in the composite source model was 
developed so that every parameter was within physical, geological, and seismological 
constraints.  
 
GEOLOGICAL AND SEISMOLOGICAL ENVIRONMENT IN THE NMSZ 
 
Best Estimate Parameters of the Earthquake Source  
 
Future earthquake events of MW 6.5, 7.0, and 7.5 from rupture scenarios along the southwestern 
segment and the Reelfoot fault were considered in this study. These faults and the Bootheel 
lineament are delineated in Figure 2.1. The southwestern segment is a vertical right-lateral strike-
slip fault that is 150–200 km long (Gomberg et al., 2000). The northwest-southeast trending 
Reelfoot fault is a southwest-dipping reverse fault that is 70–80 km long or even longer since its 
northwestern end is not well defined (Schweig and Tuttle, 2000). The Bootheel lineament, a 
strike-slip fault, is not considered here as it is farther away from L472 and A1466 sites as 
compared to the southwestern segment. 
 
For each fault and moment magnitude, the best-estimate fault dimensions and their resulting 
rupture area are generally determined from the empirical relations established by Wells and 
Coppersmith (1994). For both faults, however, the width along the dip is constrained within the 
top portion (1 or 5 km) and the bottom portion (15, 20, or 33 km) of the seismogenic rupture, 
while the length along the strike is constrained within 20% of the plausible seismogenic length as 
the source parameters for large earthquakes in the NMSZ are not well understood (Gomberg and 
Schweig, 2000). Other parameters such as fault coordinates and strike are taken from Dryden et 
al. (2001). The best-estimate parameters of each fault within the physical constraints discussed 
above are summarized in Table 2.1. Figure 2.1 also illustrates the location of the three bridge 
sites of interest along interstate highway I-55, and the estimated epicenters of the 1811–1812 
New Madrid earthquakes. The coordinates of the three bridge sites are: (89.780° W, 36.100° N) 
for L472 site, (89.740° W, 36.220° N) for A1466 site, and (89.602° W, 36.520° N) for IS55 site. 
The closest horizontal distances from L472, A1466, and IS55 sites to the southwestern fault 
plane are 3.7, 10.9, and 26.5 km (about 2.3, 6.8, and 16.5 miles), respectively. The closest 
horizontal distances from IS55, A1466, and L472 sites to the upper edge of the Reelfoot fault are 
6.3, 31.1, and 39.8 km (about 3.9, 19.3, and 24.7 miles), respectively. 
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Figure 2.1 Overview of the study area (fault dimensions for MW 7.5). 

 
Table 2.1 Best-estimate mechanism and dimensions of each fault. 

Fault Parameter Value 

Southwestern segment 
(strike-slip fault) 

Strike = 226.5°, dip = 90°, rake = 180°, 
L = 188 km, W = 32 km     for MW  8.0, 
L = 120 km, W = 18 km     for MW 7.5, 
L = 56 km, W = 13.6 km    for MW 7.0, 
L = 27 km, W = 10 km      for MW 6.5 

Reelfoot fault 
(reverse fault) 

Strike = 156.1°, dip = 32°, rake = 90°, 
L = 96 km, W = 45 km     for MW  8.0, 
L = 82 km, W = 28 km     for MW 7.5, 
L = 44 km, W = 18 km     for MW 7.0, 
L = 22 km, W = 11 km     for MW 6.5 

L: fault length along the strike, and W: fault width along the dip. 
 
A Logic Tree of Uncertain Parameters 
 
An emphasis is placed on the consideration of uncertainties in modeling the seismic sources. For 
the uncertain parameters, an equal-weight logic tree, shown in Figure 2.2, is proposed to ensure 
that in future earthquake scenarios they are within physical, geological, and seismological 
constraints. These parameters include the fault rupture area, depth to top of the fault, hypocenter 
location along strike and dip, rupture velocity, rake angle of the slip on the fault, velocity model 
of the earth’s crust, and stress drop. Since numerous plausible rupture scenarios can be selected 
by taking one of the multiple paths of the logic tree from top to bottom, and each scenario 
functions as a sample of a random earthquake event with variations of all key parameters in the 
logic tree, a probabilistic component has been introduced to the seismic source model.  
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Figure 2.2 An equal-weight logic tree for uncertainty characterizations. 

(Each weight means a fraction of the total number of simulations.) 
 

In Figure 2.2, σ is the standard deviation of the rupture area. It is taken to be 22% of its best-
estimate value for the strike-slip fault and 26% for the reverse fault, as given by Wells and 
Coppersmith (1994). Two alternatives for the rupture area are considered in which one 
dimension is kept at its best-estimate value while the other is increased by σ. The two branches 
for the depth to top of the fault are based on the top portion of the seismogenic rupture in the 
NMSZ (Gomberg and Schweig, 2000). The hypocenter location is equally distributed along the 
strike to incorporate all rupture directivity conditions (backward and weak-to-strong forward) in 
the simulations. The best-estimate rupture velocity is 80% of the shear wave velocity of the 
earth’s crust at the fault. An alternative value of 85% is also considered to account for the 
uncertainty in this parameter. The rake angle of the slip on the fault is 180º for a pure right-
lateral strike-slip fault, and 90º for a pure reverse fault. Since pure strike-slip or reverse faults are 
rare in nature, two alternatives of ±30º of the reference rake angles are considered to express 
their uncertainty. The reference velocity profile of the primary and secondary waves for each 
layer of the earth’s crust (Chiu et al., 1992) is also altered by ±20%. The median stress drop in 
the CEUS is selected to be 150 bars (Frankel et al., 1996). A higher value of 200 bars, however, 
is chosen to include the possibility of occasional events with very high stress drops; for example, 
approximately 500 bars during the 1988 Saguenay Earthquake in Canada. For an MW 7.0 (also 
MW 6.5), where the rupture area is relatively small, two alternatives for its location are 

Increase fault length by σ  
Weight 1/3 

Increase fault width by σ  
Weight 1/3 

Rupture velocity = 80% shear wave velocity 
Weight 1/2 

Depth to top of fault 1 km 
Weight 1/2 

Hypocenter location along strike and dip 
Equally-distributed  

Reference rake angle – 30º  
Weight 1/3 

Reference rake angle 
Weight 1/3 

Reference rake angle + 30º  
Weight 1/3 

USGS’ velocity model 
Weight 1/3 

20% decrease in velocity 
Weight 1/3 

20% increase in velocity 
Weight 1/3 

Stress drop = 150 bars 
Weight 1/3 

Stress drop = 100 bars 
Weight 1/3 

Stress drop = 200 bars 
Weight 1/3 

Best-estimate rupture area 
Weight 1/3 

Depth to top of fault 5 km 
Weight 1/2 

Rupture velocity = 85% shear wave velocity        
Weight 1/2 
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considered, as illustrated in Figure 2.3. One is considered for the strong effect of forward rupture 
directivity at the sites of interest, while the other is for the average directivity effect. 
 

39°N
-89°W-90°W-91°W-92°W

Longitude
-89°W-90°W-91°W-92°W

Longitude

36°N

37°N

La
tit

ud
e

 Southwestern segment (alt. I)

 L472 bridge site

 A1466 bridge site

 Southwestern segment (alt. II)

 L472 bridge site
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Figure 2.3 Two alternative locations of the southwestern segment for MW 7.0. 

 
THE COMPOSITE SOURCE MODEL 
 
Basic Theory and Fault Discretization 
 
The composite source model developed by Zeng et al. (1994) is used to represent the complex 
fault rupturing process of an earthquake. This model assumes that the source slip function can be 
simulated, in a kinematic sense, by randomly distributed subevents on the fault plane, and a 
strong earthquake is made up of a hierarchical set of smaller earthquakes. Therefore, the source 
of a strong earthquake is taken as a superposition of the radiation from a significant number of 
circular subevents with a constant stress drop, as shown in Figure 2.4.  
 

Depth 

Rupture front 

Circular subevent 

5 km
Wave radiation 

Fault length 

Fault 
width 

Hypocenter 

Rock outcrop Δσ 
Stress 
drop 

Site of interest 

Square subfault 

 
Figure 2.4 Distribution of subevents on the fault plane. 

 
The subevents are allowed to overlap within the fault plane but cannot extend beyond the limits 
of the fault plane. The radius of each subevent, Ri, is between Rmin and Rmax. In general, Rmin is 
selected to be sufficiently small so that it has little effect on numerical results. Rmax is constrained 
by the smaller dimension of the fault plane. The number of subevents n(Ri) with the same radius, 
Ri , follows a power law given by: 

3)( −= ii RRn ρ       (2.1) 
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in which ρ is a constant defined by the constraint that the sum of the seismic moments of all the 
subevents, MO, is equal to the seismic moment of the target earthquake event, MT. The seismic 
moments are determined according to: 
 

3

7
16

iO RM ∑Δ= σ
     (2.2) 

7.10log
3
2

−= TW MM
    (2.3) 

 
In Equation 2.2, Δσ is the stress drop of a subevent, which is independent of the subevent radius, 
Ri. Rupture initiates at the presumed hypocenter of an earthquake event and propagates radially 
at a constant rupture velocity. Each subevent is triggered when the rupture front reaches the 
center of the subevent. The subevent then initiates the radiation of a displacement pulse 
according to a crack model that eventually gives the shape of Brune’s pulse in the far field. The 
generated displacement pulse propagates through a flat multilayered earth crust, as illustrated in 
Figure 2.5. The wave propagation process is modeled with synthetic (analytical) Green’s 
functions in both short- and long-period ranges. The short-period components are modified to 
account for the effects of random lateral heterogeneity of the earth, also illustrated in Figure 2.5, 
by adding scattered waves into the Green’s functions (Zeng, 1995). Because the number of 
subevents is substantial, the Green’s functions are not evaluated for all of them. Rather, the fault 
plane is divided into a grid of approximately 4 km by 4 km (about 2.5 miles by 2.5 miles) square 
subfaults, as illustrated in Figure 2.4. One Green’s function is evaluated for each subfault 
corresponding to the response at the site of interest due to a unit dislocation at the center of the 
subfault. The effect of every subevent within one subfault on the site responses is evaluated with 
the same Green’s function with its time scale shifted by the time required for the rupture front to 
travel from the hypocenter to the center of the subevent, and for the displacement pulse to 
propagate from the subevent to the site. Their effects are then added together to represent the 
total contribution of the subfault to the site responses. 
 
The radius and location of subevents, as well as the slip of the seismic fault, are randomly 
distributed over their respective physical limits with a uniform distribution function. They are 
implemented by specifying a random seed for each simulation. Other random seeds are 
introduced for each simulation to account for high-frequency wave propagation and scattering of 
seismic waves. 
 

Rock outcrop 

Subevent 

Site Rock outcrop Site 

Subevent  
Figure 2.5 Wave propagation and scattering within the earth’s crust. 
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Model Validation 
 
Figures 2.6 and 2.7 illustrate a comparison between observed and simulated time-histories of two 
stations very close to the faults that respectively triggered the recent 1999 Turkey’s Kocaeli 
Earthquake (strike-slip) and the 1999 Taiwan’s Chi-Chi (reverse) Earthquake. The comparison 
indicates that the simulations are in good agreement with their respective recorded results. 
  

 
Figure 2.6 Observed (red/dot) versus synthetic (blue/solid) ground accelerations, velocities, and 
displacements at station SKR (east horizontal component) during the 1999 Kocaeli Earthquake. 

 
In addition to the above earthquakes, the composite source model has been validated with other 
earthquake records from the United States (1979 Imperial Valley, 1989 Loma Prieta, 1992 
Landers, and 1994 Northridge earthquakes), Canada (1988 Saguenay Earthquake), Mexico (1985 
Michoacan and Guerrero earthquakes), Japan (1995 Kobe Earthquake), India (1991 Uttarkashi 
Earthquake), and Turkey (1995 Dinar Earthquake). The model can generate rock and ground 
motions, including the synthetic prediction of the rupture directivity effect induced from a strike-
slip or reverse fault, that are in good agreement with their respective observed records (Zeng and 
Anderson, 2001). Note again that the Saguenay Earthquake occurred in an intraplate tectonic 
environment that is similar to the NMSZ, and is thus representative of earthquakes in the NMSZ. 
In summary, the previous studies give confidence that the composite source model is applicable 
to the NMSZ.  
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Figure 2.7 Observed (red/dot) versus synthetic (blue/solid) ground accelerations, velocities, and 

displacements at station T052 (NS component) during the 1999 Chi-Chi Earthquake. 
 
UNCERTAINTY LEVEL 
 
A total of 18 cases are considered in this study. Each is composed of one of the three bridge sites 
(L472, A1466, or IS55), one of the three earthquake magnitudes (MW 6.5, 7.0, or 7.5), and one of 
the two faults (southwestern segment or Reelfoot fault). For each case, 100 rupture scenarios are 
selected by following various paths from top to bottom of the logic tree, Figure 2.2, such that no 
two identical scenarios are simulated. Thus, 100 acceleration time-histories are generated and 
their spectra are computed for 5% critical damping. Furthermore, the average response spectrum, 
and the “average-plus-one standard deviation” response spectrum are also determined. 
 
Total Uncertainty of the Maximum Considered Earthquake (MCE) 
 
The total uncertainty in rock motions at each bridge site is considered here for an MCE (MW 7.5) 
event. The rupture scenarios of the southwestern segment are considered for the L472 and A1466 
sites, while those of the Reelfoot fault are considered for the IS55 and A1466 sites. The 
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simulation results are shown in Figures 2.8 and 2.9. For each case, the average response 
spectrum and standard deviation spectrum can be determined. The maximum standard deviation 
corresponding to a range of vibration periods of interest in the average response spectrum is used 
as a measure of the total uncertainty of all input parameters of the seismic source and wave 
propagation models. As shown in Figure 2.8, for rupture scenarios of the southwestern segment, 
the total uncertainty of the fault-parallel (FP) component of rock accelerations is 0.58 g 
corresponding to 0.15 sec at A1466 site, and 1.55 g corresponding to 0.15 sec at L472 site. 
Similarly, the total uncertainty of the fault-normal (FN) component is 0.83 g (0.50 sec) at A1466 
site and 2.33 g (0.65 sec) at L472 site, while that of the vertical (V) component is 0.53 g (0.20 
sec) at A1466 site in comparison with 1.19 g (0.15 sec) at L472 site. The total uncertainty at 
L472 site is therefore 167%, 181%, and 125% higher than its corresponding value at A1466 site, 
for the fault-parallel, fault-normal, and vertical components, respectively. These results indicate 
that the total uncertainty increases significantly for sites closer to the strike-slip fault, especially 
in the fault-normal component of motion due to the forward rupture directivity effect in most of 
the 100 simulations. For rupture scenarios of the Reelfoot fault, shown in Figure 2.9, the total 
uncertainties at site A1466 are 0.73 g at 0.60 sec, 0.92 g at 0.65 sec, and 0.80 g at 0.30 sec for the 
fault-parallel, fault-normal, and vertical components of motion, respectively. Their 
corresponding values at IS55 site are 1.23 g at 0.15 sec, 1.14 g at 0.20 sec, and 1.27 g at 0.20 sec, 
which are 68%, 24%, and 59% higher than the individual components of motion at A1466 site. 
These results show that the total uncertainty increases remarkably for sites located above the 
reverse fault, also due to forward rupture directivity effect. For A1466 site, the closest distance to 
the rupture area of the southwestern segment is 10.9 km (6.9 miles), while the distance to the 
Reelfoot fault is 18.2 km (11.3 miles). However, comparing the values given above for A1466 
site from both fault mechanisms, the total uncertainty from the reverse fault is 26%, 11%, and 
51% higher than the corresponding values from the strike-slip fault for the fault-parallel, fault-
normal, and vertical components of motion, respectively. These results indicate the importance 
of considering all seismic sources in the region as their mechanisms and associated uncertainties 
may have a significant influence on the simulated rock motions, particularly the vertical 
component. Finally, comparing the total uncertainty of L472 and IS55 sites, it is more 
pronounced in the near-field motions associated with the southwestern segment (strike-slip) than 
in the Reelfoot fault (reverse). 
 
Average Response Spectra for Various Earthquake Levels 
 
Figure 2.10 shows the average response spectra of 100 simulations at L472 and A1466 sites from 
various levels of earthquakes as a result of rupture of the southwestern segment. It can be 
observed from the figure that the spectral accelerations at L472 site increase significantly with 
the level of earthquake magnitude, especially for the fault-normal component of motion due to 
forward rupture directivity effect. The peak spectral acceleration in the fault-normal component 
at L472 site (3.7 km from the fault) increases from 2.10 g for MW 7.0 to 4.69 g for MW 7.5, an 
increase of 123%. The associated percentages are 92% and 98% in the fault-parallel and vertical 
components, respectively. The corresponding percentages at the A1466 site (10.9 km from the 
fault) are only 88%, 60%, and 66%, respectively. Figure 2.10 also shows that near-field 
characteristics are observed for L472 site from all three levels of earthquakes in which the 
response spectra of the fault-normal component of motion are higher than the associated fault-
parallel spectra. The spectra of the vertical component of motion are also as high as the fault-
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parallel spectra. For A1466 site farther away from the fault, however, the near-field 
characteristics are only observed for MW 7.5, while the spectra of the vertical component are 
remarkably lower than the fault-parallel spectra. 
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Figure 2.8 Uncertainty at L472 and A1466 sites due to MW 7.5 events from 100 rupture scenarios 

of the southwestern segment. 
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Figure 2.9 Uncertainty at IS55 and A1466 sites due to MW 7.5 events from 100 rupture scenarios 

of the Reelfoot fault. 
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Figure 2.10 Average of 100 response spectra at L472 and A1466 sites due to MW 7.5, 7.0, and 

6.5 earthquake events from rupture scenarios of the southwestern segment. 
    
Similarly, Figure 2.11 illustrates the average spectra at the IS55 and A1466 sites due to the 
rupture of the Reelfoot fault. In this case, for all components of motion, there is almost no 
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increase in the spectral accelerations at IS55 site from MW 6.5 through MW 7.0 to MW 7.5. At 
A1466 site, however, the spectral accelerations significantly increase at all periods with the level 
of earthquake.  
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Figure 2.11 Average of 100 response spectra at IS55 and A1466 sites due to MW 7.5, 7.0, and 6.5 

earthquake events from rupture scenarios of the Reelfoot fault. 
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The results in Figure 2.11 can be explained by examining the location of the IS55 and A1466 
sites with respect to the rupture area of the Reelfoot fault, as shown in Figure 2.12. The two 
edges of the Reelfoot fault merging at its northern corner are fixed in the model for any level of 
Mw, while the two opposite edges are considered free to move, to match the required rupture area 
corresponding to the level of Mw. As illustrated in Figure 2.12, the IS55 site is located at the 
northern corner of the fault, while the A1466 site is in the southwestern area of the fault. 
Therefore, as the earthquake magnitude Mw increases, the IS55 site seems to move away from 
the center of the fault and the A1466 site gets closer to the fault. As a result, the peak spectral 
acceleration at the IS55 site remains nearly the same, but at the A1466 site it increases. However, 
the subfaults farther away from the IS55 site tend to increase the simulation durations rather than 
the acceleration amplitudes. 
 
 

Rupture area for Mw 7.5

 Reelfoot fault
 A1466 site 
 IS55 site 

    Rupture area for Mw 7.0     Rupture area for Mw 6.5  
Figure 2.12 Location of A1466 and IS55 sites and rupture area of the Reelfoot fault. 

 
Near-field characteristics from the rupture scenarios of the Reelfoot fault are not so clear at both 
sites except that in the intermediate and high period ranges the spectra of the vertical component 
of motion are generally higher than the horizontal ones. The hanging wall of reverse faults has an 
influence on the spectral accelerations at sites located above the vertical projection of the rupture 
area. The maximum effect occurs at the closest distance from the site to the fault plane between 8 
and 18 km (5–11.2 miles) according to Abrahamson and Silva (1997). This effect, however, is 
not included in the attenuation relations representative to the CEUS. Nevertheless, it can be 
roughly estimated by applying the attenuation relations established by Abrahamson and Silva 
(1997), which are representative to the Western United States (WUS). For IS55 site, 5.0 km (3.1 
miles) from the Reelfoot fault plane, the increase in spectral accelerations due to the hanging 
wall effect unlikely exceeds 10% at periods less than 0.5 sec for all levels of MW. 
 
SENSITIVITY STUDY ON MODEL PARAMETERS 
 
The spectral accelerations at critical periods, as well as the peaks for 8 of the 18 cases, are given 
in Tables 2.2 and 2.3 from rupture scenarios of the MW 7.5 and 7.0 earthquake events, 
respectively, to show the effects of fault mechanism and site location with respect to the fault. 
The values given in these tables are the ordinates of the average response spectrum of each of the 
eight cases obtained from Figures 2.10 and 2.11. 
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Table 2.2 Spectral accelerations (g) at critical periods from an MW 7.5 earthquake. 
Fault Southwestern segment Reelfoot fault 
Site L472 A1466 IS55 A1466 

Motion FP FN V FP FN V FP FN V FP FN V 
Peak 3.67 4.69 3.20 1.95 2.09 1.48 3.29 3.14 3.20 2.14 1.96 1.86 

0.50sec 1.69 3.20 1.57 1.17 1.44 0.95 1.76 1.93 2.03 1.52 1.81 1.56 
0.75sec 1.18 2.46 1.04 0.88 1.18 0.65 1.22 1.26 1.46 1.26 1.57 1.46 
1.00sec 0.80 1.91 0.76 0.63 0.94 0.50 0.82 0.98 1.15 1.08 1.37 1.36 
1.50sec 0.54 1.21 0.62 0.45 0.68 0.37 0.55 0.64 0.77 0.81 1.04 1.07 
2.00sec 0.42 0.90 0.51 0.32 0.52 0.28 0.41 0.44 0.54 0.56 0.82 0.80 

 
Table 2.3 Spectral accelerations (g) at critical periods from an MW 7.0 earthquake. 

Fault Southwestern segment Reelfoot fault 
Site L472 A1466 IS55 A1466 

Motion FP FN V FP FN V FP FN V FP FN V 
Peak 1.91 2.10 1.62 1.22 1.11 0.89 3.27 3.18 2.74 0.96 0.95 0.88 

0.50sec 0.71 1.17 0.58 0.59 0.54 0.38 1.38 1.59 1.63 0.80 0.80 0.63 
0.75sec 0.49 0.96 0.37 0.43 0.38 0.26 0.84 1.05 1.32 0.60 0.64 0.41 
1.00sec 0.34 0.72 0.27 0.33 0.28 0.19 0.63 0.81 1.03 0.51 0.51 0.38 
1.50sec 0.20 0.45 0.18 0.24 0.20 0.13 0.42 0.51 0.67 0.35 0.37 0.31 
2.00sec 0.13 0.30 0.13 0.17 0.15 0.10 0.31 0.34 0.49 0.22 0.27 0.27 

 
Site Location 
 
In Table 2.2 for MW 7.5 from rupture scenarios of the southwestern segment, the peak spectral 
accelerations at L472 site (3.7 km from the fault) are 88%, 124%, and 116% higher than their 
corresponding values at A1466 site (10.9 km from the fault), for the fault-parallel, fault-normal, 
and vertical components of motion, respectively. The corresponding percentages at intermediate 
frequencies (i.e., period 0.75 sec) are reduced to 34%, 108%, and 60%, respectively. At 
relatively low frequencies (i.e., period 2.0 sec), the percentages become 31%, 73%, and 82%, 
respectively. Similar results are observed in Table 2.3 for MW 7.0 from rupture scenarios of the 
southwestern segment where the peak spectral accelerations at L472 site are only 57%, 89%, and 
82% higher than their corresponding values at A1466 site for the fault-parallel, fault-normal, and 
vertical components, respectively. These results indicate that in many of the 100 simulations the 
spectral accelerations in the fault-normal component of motion increase significantly for sites 
closer to the strike-slip fault at all frequencies due to forward rupture directivity effect. 
 
In Table 2.2 for MW 7.5 from rupture scenarios of the Reelfoot fault, the peak spectral 
accelerations at IS55 site (5.0 km from the fault plane) are 54%, 60%, and 72% higher than their 
corresponding values at A1466 site (18.2 km from the fault plane) for the fault-parallel, fault-
normal, and vertical components of motion, respectively. The corresponding percentages at 
intermediate frequencies (i.e., period 0.50 sec) are reduced to 16%, 7%, and 30%, respectively, 
after which the spectra of A1466 site become higher than those of IS55 site. On the other hand, 
in Table 2.3 for MW 7.0 from rupture scenarios of the Reelfoot fault, the peak spectral 
accelerations at IS55 site are 240%, 235%, and 211% higher than their corresponding values at 
A1466 site for the fault-parallel, fault-normal, and vertical components, respectively. The 
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corresponding percentages at period of 0.75 sec are reduced to 40%, 64%, and 222%, 
respectively. At period of 2.0 sec, the percentages become 41%, 26%, and 81%, respectively. 
The difference in the results at the A1466 site for MW 7.5 and 7.0 is attributed to the location of 
the site with respect to the Reelfoot fault, as shown in Figure 2.12. For MW 7.5, the closest 
horizontal distance from the site to the fault is 7.3 km (4.5 miles) where the site is close to the 
center of the bottom edge of the fault, for which the acceleration time-histories from individual 
subfault divisions tend to be accumulated leading to higher amplitudes and, thus, higher spectral 
accelerations. However, for MW 7.0, the closest horizontal distance from the site to the fault is 
15.8 km (9.8 miles) where the site is close to the end of the bottom edge of the fault, for which 
the acceleration time-histories from individual subfault divisions tend to increase the durations 
rather than the amplitudes. 
 
Fault Mechanism 
 
In addition to the values given in Tables 2.2 and 2.3, the effect of fault mechanism on the 
spectral accelerations is quantified by comparing the results from rupture scenarios of the 
southwestern segment in Figure 2.10 with those of the Reelfoot fault in Figure 2.11. For MW 7.5, 
Table 2.2, the fault-parallel and the vertical spectral accelerations at IS55 site (5.0 km from the 
reverse fault plane) are generally higher by up to 5% at 0.55 sec and 51% at 1.0 sec, respectively, 
than the corresponding ones at L472 site (3.7 km from the strike-slip fault plane). However, in 
many of the 100 simulations, the fault-normal spectral accelerations of L472 site are much 
higher with a maximum ratio of 133% at 5.0 sec due to strong forward rupture directivity. On the 
other hand, for MW 7.0, Table 2.3, the spectral accelerations of IS55 site are higher for all 
components of motion by as much as 161% at 3.05 sec, 52% at 0.20 sec, and 289% at 1.80 sec 
for the fault-parallel, fault-normal, and vertical components, respectively. Furthermore, it can 
also be observed from Tables 2.2 and 2.3 that the average spectra of all components of motion at 
A1466 site from rupture scenarios of the Reelfoot fault are significantly higher than those from 
the southwestern segment although its closest distance to the Reelfoot fault is about 1.45 times 
the corresponding distance to the southwestern segment. The results of MW 7.5 from rupture 
scenarios of the Reelfoot fault are higher by a maximum of 82% at 1.70 sec, 59% at 1.15 sec, 
and 204% at 1.25 sec, while the corresponding percentages of MW 7.0 are of 54% at 1.10 sec, 
87% at 1.35 sec, and 199% at 2.65 sec, for the fault-parallel, fault-normal, and vertical 
components, respectively. The results at the A1466 site from both fault mechanisms, again, 
indicate the importance of considering all seismic sources in the region.  
 
The vertical spectral acceleration developed by a reverse fault mechanism is remarkably higher 
than that of a strike-slip fault, as illustrated in Figures 2.10 and 2.11, as well as Tables 2.2 and 
2.3. For the peak spectral accelerations of MW 7.5 in Table 2.2, the ratios of the vertical to the 
geometric mean of the two horizontal components (the ratio is defined as the square-root of their 
product) are 0.77 and 0.73 at L472 and A1466 sites from rupture scenarios of the southwestern 
segment, and 1.00 and 0.91 at IS55 and A1466 sites from rupture of the Reelfoot fault. In case of 
MW 7.0, Table 2.3, the corresponding ratios are 0.81 and 0.76 at L472 and A1466 sites from 
rupture scenarios of the southwestern segment, and 0.85 and 0.92 at IS55 and A1466 sites from 
rupture of the Reelfoot fault. All peak spectral accelerations of Tables 2.2 and 2.3 occur at short 
periods (0.15–0.20 sec). For intermediate and long periods (≥ 0.50 sec), the ratios are in the 
range of 0.61–0.83 and 0.64–0.73 for MW 7.5, and of 0.54–0.66 and 0.59–0.67 for MW 7.0, at 
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L472 and A1466 sites from rupture scenarios of the southwestern segment, respectively. The 
corresponding ratios are in the range of 1.10–1.30 and 0.94–1.18 for MW 7.5, and of 1.10–1.21 
and 0.66–1.11 for MW 7.0, at IS55 and A1466 sites from rupture of the Reelfoot fault, 
respectively. These results demonstrate that for near-field large-magnitude earthquakes, the rule-
of-thumb ratio of two-thirds between the vertical and horizontal spectra can be a poor descriptor 
of vertical ground motions, as addressed by Friedland et al. (1997), particularly for a reverse 
fault mechanism where the vertical-to-horizontal spectral ratios can substantially exceed unity. A 
ratio of two-thirds would generally be appropriate for strike-slip earthquakes at intermediate and 
long periods. 
 
Moment Magnitude 
 
The seismic energy radiated from MW 7.0 and 7.5 earthquakes is approximately 5.6 and 31.6 
times that radiated from an MW 6.5 earthquake. The effect of moment magnitude on the average 
response spectra of the fault-normal component of motion of the 100 simulations is illustrated in 
Figure 2.13 for L472 and A1466 sites from rupture scenarios of the southwestern segment, and 
in Figure 2.14 for IS55 and A1466 sites from rupture scenarios of the Reelfoot fault. It can be 
observed from Figures 2.13 and 2.14 that all the spectral accelerations but the ones for IS55 site 
increase significantly with the earthquake magnitude due mainly to more energy being released 
from a higher magnitude earthquake. For example, the peak spectral accelerations at L472 site 
are 1.15 g, 2.10 g, and 4.69 g for MW 6.5, 7.0, and 7.5, respectively. At A1466 site, regardless of 
the fault mechanisms, the corresponding accelerations are 0.45 g, 1.11 g, and 2.09 g, as shown in 
Figure 2.13, and 0.51 g, 0.95 g, and 1.88 g for MW 6.5, 7.0, and 7.5, respectively, as illustrated in 
Figure 2.14. At IS55 site, however, the peak spectral accelerations change little; they are 3.14 g, 
3.18 g, and 3.14 g for MW 6.5, 7.0, and 7.5, respectively. These results are due to the location of 
IS55 and A1466 sites with respect to the rupture area of the Reelfoot fault, as discussed before 
and illustrated in Figure 2.12.  
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Figure 2.13 Influence of MW on the average spectrum from rupture of southwestern segment. 

 



 22

     

IS55 site - FN

0.0

0.1

1.0

10.0

0 0 1 10
Period (sec)

Sp
ec

tra
l A

cc
el

er
at

io
n 

(g
)

  Mw 6.5
  Mw 7.0
  Mw 7.5

10  +1

10  0

10  -1

10 +110  -2 10  -1 10
   010  -2

              

A1466 site - FN

0.0

0.1

1.0

10.0

0 0 1 10
Period (sec)

Sp
ec

tra
l A

cc
el

er
at

io
n 

(g
)

  Mw 6.5
  Mw 7.0
  Mw 7.5

10+1

10  0

10-1

10  +110-2 10-1 10   0
10  -2

 
Figure 2.14 Influence of MW on the average spectrum from rupture of Reelfoot fault. 

 
Source Parameters 
 
The influence of the parameters uncertainty on near-field characteristics is illustrated with the 
rock motions at L472 and A1466 sites from the MW 7.5 earthquake events associated with the 
rupture scenarios of the southwestern segment. These parameters include rupture area, depth to 
top of fault, hypocenter location along strike and dip, fault mechanism (strike, dip, and rake), 
rupture velocity, stress drop, and velocity model of the earth crust. The uncertainty of each 
parameter is evaluated when all but that parameter are set to their best-estimate values. Both the 
best-estimate values and their alternatives are given in Table 2.4 (Chen et al., 2004). 

 
Table 2.4 Best-estimate values of the seismic source and their alternatives. 

Parameter Best-estimate value Alternative values 

Rupture area 120 km × 18 km 

97 km × 18 km 
120 km × 14.6 km 
145 km × 18 km 

120 km × 21.7 km 
Fault strike (measured 
clockwise from North) 226.5º 231.5º and 236.5º 

Fault dip 90º 80º and 70º 
Rake angle of slip on fault 180º 150º, 165º, -165º, and -150º 

Depth to top of fault 1 km 3, 5, 10, and 15 km 
Stress drop 150 bars 75, 100, 175, and 200 bars 

Rupture velocity 80% of shear wave velocity 70%, 75%, 85%, and 90% 
Hypocenter location along 

the strike 
At the middle of fault length along 

the strike* 
10 locations at the center of 

every third subfault 
Hypocenter location along 

the dip 
At the middle of fault 
width along the dip* 

4 locations at the center of 
every subfault 

Velocity profile of the earth 
crust Reference profile 2 profiles that vary by ±20% 

Seed for source generation 
and slip distribution  Random 

* The fault area is divided into 30 subfaults along the strike × 5 subfaults along the dip. 
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In Table 2.4, the standard deviation of the rupture area is taken to be ±22% of its best-estimate 
value (Wells and Coppersmith, 1994). Four alternatives are considered when one dimension of 
the rupture area is kept at its best-estimate value and the other is reduced or increased by 22%.  
A simple way of expressing the uncertainty in source location of a large earthquake, such as the 
1811–1812 sequence, is to slightly change the fault strike toward the sites of interest. Therefore, 
the strike is altered by 5º and 10º. Similarly, the dip is considered to be altered by 10º and 20º as 
well. The influence of various alternatives on rock motions is evaluated as follows: in terms of 
the amplitude of fling steps in the fault-parallel component and velocity pulses in the fault-
normal component. 
 
Effects on Fling Step 
 
The amplitudes of fling steps and the parameters in Table 2.4 that have significant influences on 
them are summarized in Table 2.5. In general, their influence decreases with distance from the 
fault (L472 site is closer to the fault than A1466). The fault mechanism (strike, dip, and rake) has 
the largest influence on the amplitude of fling steps. The displacement time-histories for L472 
site are presented in Figures 2.15(a,b,c) when one of the fault mechanism parameters varies. 
Changing the fault strike from 226.5º of the basic analysis to 236.5º has altered the location of 
the L472 site from the northwestern wall of the fault, in Figure 2.1, to the southeastern wall. The 
direction of the slip in the northwestern wall is toward the northeast, and that of the southeastern 
wall is toward the southwest, since the southwestern segment is a right-lateral strike-slip fault. 
As a result, the displacements appear in the opposite direction for the case of 236.5º strike. This 
result indicates the importance of considering the fling step for lifeline structures such as 
pipelines, tunnels, and bridges that cross active faults whose rupture may extend to the ground 
surface. When the fault is dipping toward a site, a dip from 90º to 70º increases the fling of the 
basic analysis by 47%. Likewise, changing a rake angle from 180º to 150º increases the fling of 
the basic analysis by 28%, whereas the use of a –150º rake angle reduces the fling by 45%. 

 
Table 2.5 Amplitude of fling steps (m) and significant source parameters. 

Parameter L472 site A1466 site 
Basic analysis –1.99* –0.93 

Rupture area 

97 km × 18 km 
120 km × 14.6 km 
145 km × 18 km 

120 km × 21.7 km 

–1.73 
–2.04 
–0.85 
–1.66 

–1.33 
–1.04 
–0.55 
–0.83 

Fault strike 231.5º 
236.5º 

+0.05** 

+1.98 
–1.02 
–1.02 

Fault dip 80º 
70º 

–2.42 
–2.92 

–1.09 
–1.25 

Rake angle 

150º 
165º 
–165º 
–150º 

–2.54 
–2.34 
–1.49 
–0.90 

–0.94 
–0.97 
–0.83 
–0.67 

Depth fault top 3 km 
5 km 

–1.08 
–0.62 

–0.82 
–0.72 

Stress drop 100 bars 
175 bars 

–1.43 
–1.61 

–0.78 
–1.11 

* The minus sign indicates that the fling direction is toward the northeast  

** The plus sign indicates that the fling direction is toward the southwest 
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The influence of the depth to top of the fault and the stress drop of the seismic source on the 
amplitude of fling steps are illustrated in Figures 2.15(d, e). It is clearly observed from the 
figures that fling steps are reduced significantly with an increasing depth or a decreasing stress 
drop. As for the effect of rupture areas, there seems to be no consistent trend to follow, as 
indicated in Table 2.5. The general trend, however, is that as the rupture area decreases, the 
average slip along the fault increases due to the conservation law of seismic energy, which is 
proportional to the product of the rupture area and the average slip. Consequently, the 
displacement pulse radiated by the subevents is higher, resulting in a larger fling step. The reason 
that the results in Table 2.5 do not support the general trend is because the number of subfaults 
along the strike or dip has changed from one alternative to another and, as a result, the slip 
distribution and values of each alternative analysis are different from the basic analysis. This 
implies that each alternative analysis cannot be compared with the basic analysis in a fair way. 
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Figure 2.15 Influence of various source parameters on fling steps at L472 site. 
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Effects on Velocity Pulse 
 
The hypocenter location along the strike has the most significant influence on the velocity pulses 
in the fault-normal component of motion due to rupture directivity. The spatial variation of 
rupture directivity effects can be evaluated with the distribution of spectral accelerations 
(Somerville et al., 1997). For a strike-slip fault, as illustrated in Figure 2.16, it depends on the 
angle between the direction of rupture propagation and the direction of waves traveling from the 
fault to the site (angle θ) and on the fraction of the fault rupture distance that lies between the 
epicenter and the site to the fault length (parameter X). Forward directivity increases with the 
increase of the directivity parameter (Xcosθ) till it reaches a maximum at Xcosθ = 0.40 
(Abrahamson, 2000). 

 
 
 
 
 
 
 
 
 
 

  
Figure 2.16 Directivity parameters of strike-slip faults (Somerville et al., 1997). 

 
Table 2.6 illustrates the directivity parameter for each hypocenter location used in this sensitivity 
study and its corresponding peak rock velocity (PRV). For L472 site, the PRV significantly 
increases with the directivity parameter to a certain limit of approximately 0.27, after which it is 
substantially reduced to a minimum and remains almost constant after Xcosθ = 0.37. Similar 
results are obtained for A1466 site, but the PRV remains constant after Xcosθ = 0.46. The ratio 
of the maximum to minimum values of peak rock velocities given in Table 2.6 is 2.55 and 3.05 
for L472 and A1466 sites, respectively. Figure 2.17 illustrates a distinctive two-sided velocity 
pulse due to the maximum forward directivity condition at A1466 site when the hypocenter is 
located at 62 km from the northeastern edge of the fault. Figure 2.17 also illustrates the velocity 
time-history with no distinctive pulses when the hypocenter is located at 86 km from the 
northeastern edge of the fault where the directivity parameter limit is exceeded. The time 
window shown in Figure 2.17 ranges from only 15 to 35 sec for better viewing. 
 
The rupture velocity also has a significant influence on the velocity pulses at L472 site, as 
illustrated in Figure 2.18. When the rupture velocity (Vr) is equal to 85% of the shear wave 
velocity (Vs), two cycles of strong velocity pulses are developed at the beginning of the record 
with a peak velocity of 3.71 m/sec. The duration of a half cycle is much smaller as compared to 
that for the case of Vr = 75% of Vs. The peak velocity in this case is 2.04 m/sec, a reduction of 
approximately 45%. For A1466 site, however, the corresponding reduction in peak velocity is 
around 6%. Similar results are obtained from the variability of the depth to top of the fault, in 
which the peak velocity significantly decreases with the depth. The peak velocity is 2.66 m/sec 
with 1 km depth, and 1.38 m/sec with 5 km depth. The influence of this parameter is remarkably 
reduced with increasing distance from the fault. For A1466 site, the corresponding velocities are 
1.86 and 1.36 m/sec, respectively. 
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Table 2.6 Influence of hypocenter location along the strike on the peak rock velocity (m/sec). 
L472 site A1466 site Hypocenter 

location a X cosθ PRV b X cosθ PRV 
2 km –– c 1.51 –– 1.25 

14 km –– 1.47 –– 1.05 
26 km –– 1.28 –– 0.98 
38 km –– 1.76 –– 1.12 
50 km 0.07 1.94 0.15 1.05 

62 km d 0.17 2.66 0.26 1.86 
74 km 0.27 2.86 0.36 1.33 
86 km 0.37 1.22 0.46 0.60 
98 km 0.47 1.17 0.57 0.64 

110 km 0.57 1.12 0.67 0.61 
118 km 0.64 1.19 0.73 0.61 

a Hypocenter located at the specified distance from the northeastern edge 
b Peak rock velocity in the fault-normal component of motion 

c Dashes indicate backward rupture directivity 
d The basic analysis 
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Figure 2.17 Hypocenter location influence on 

velocity pulses at A1466 site. 
Figure 2.18 Rupture velocity influence on 

velocity pulses at L472 site. 
 
VALIDATION OF SYNTHETIC ROCK MOTIONS 
 
Comparison With Attenuation Relations 
 
The simulation results are validated by comparing the average of the 100 simulated geometric 
means of two horizontal spectral accelerations (fault-parallel and fault-normal components) with 
those from the attenuation relationships representative to the CEUS (Campbell, 2002; Toro et al., 
1997; Frankel et al., 1996). The last two attenuation relations were based on the stochastic point-
source model, while the first was derived from the empirical WUS attenuation relations by 
taking into account the CEUS source parameters and crustal propagation, thus including finite-
fault effects implicitly. The different distances used in various attenuation relationships are 
summarized in Table 2.7. They are the closest distance to the fault rupture, rrup, the closest 
horizontal distance to the vertical projection of the rupture, rjb, and the hypocentral distance, 
rhypo. In Table 2.7, rhypo is taken as the distance from the site to the center of the fault plane in 
order to be consistent with the assumption that the hypocenter location is equally distributed  
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among subfaults. Furthermore, for the case of MW 7.0 from rupture scenarios of the southwestern 
segment, rhypo is the average of the distances from the site to the center of the fault plane of each 
alternative shown in Figure 2.3. 
 

Table 2.7 Distances (km) used in various attenuation relationships. 
Southwestern segment Reelfoot fault Attenuation   

relationship Range MW 
A1466 site L472 site A1466 site IS55 site 

Campbell 
(2002) 1≤ rrup≤ 1000 7.5 

7.0 
11.08 
11.08 

4.20 
4.20 

18.16 
19.57 

5.02 
5.02 

Toro et al. 
(1997) 1≤ rjb≤ 100 7.5 

7.0 
10.90 
10.90 

3.69 
3.69 

7.32 
15.80 

1.00 
1.00 

Frankel et 
al. (1996) 10≤ rhypo≤ 1000 7.5 

7.0 
34.48 
27.12 

22.29 
18.65 

22.27 
27.54 

32.03 
14.40 

 
Comparisons between the simulated spectral accelerations and various spectral attenuation 
relationships are made in Figure 2.19 for the southwestern segment and in Figure 2.20 for the 
Reelfoot fault. It is clearly observed that the differences among the three attenuation 
relationships are vast for MW 7.5, but become much smaller for MW 7.0. This implies that the 
effect of different distance definitions used in various attenuation relations, as shown in Table 
2.7, increases with MW. More important, the assumptions made and the data set used to derive 
various attenuation relations can be quite different. For an MW 7.5 earthquake scenario resulting 
from the rupture of the southwestern segment, as presented in Figure 2.19, the simulated results 
from this study are generally higher than the attenuation relations due mainly to strong forward 
rupture directivity effect in many of the 100 simulations. However, the simulations are in good 
agreement with the attenuation relations for MW 7.0 since the directivity effect is less 
pronounced in this case. For rupture scenarios of the Reelfoot fault, as shown in Figure 2.20, the 
simulated results are generally consistent with the attenuation relations of Toro et al. (1997) at 
IS55 site, irrespective of earthquake magnitudes. At A1466 site they are higher due mainly to 
increasing effects of seismic wave scattering. Considering that this study fully addresses the 
near-field characteristics of rock motions, the simulated results are generally reasonable. 
  
Comparison With NCHRP and AASHTO Guidelines 
 
The average spectral accelerations from this study are also compared with those of the 
recommended Load and Resistance Factor Design (LRFD) Guidelines for seismic design of 
highway bridges, known as the National Cooperative Highway Research Program (NCHRP) 12-
49 project (ATC/MCEER, 2001). The NCHRP project was based on the 1996 United States 
Geological Survey (USGS) Hazard Maps (Frankel et al., 1996) and Federal Emergency 
Management Agency (FEMA) 302 document (BSSC, 1997), where a characteristic moment 
magnitude of 8.0 was used to construct the 1996 maps. However, the logic tree used to construct 
the 2002 maps in the NMSZ included four characteristic moment magnitudes with different 
weights (0.15 for MW 7.3, 0.20 for MW 7.5, 0.50 for MW 7.7, and 0.15 for MW 8.0), which is 
equivalent to the mean hazard of an MW 7.7 event (Frankel et al., 2002). Therefore, the spectra at 
2% PE (probability of exceedance) in 50 years from the NCHRP 12-49 project are plotted 
against the simulation results of MW 7.5 from rupture scenarios of the southwestern segment and 
the Reelfoot fault. (See Figures 2.21 and 2.22, respectively.) 
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Figure 2.19 Spectral accelerations from attenuation relations versus simulations associated with 

rupture scenarios of the southwestern segment. 
   
In Figures 2.21 and 2.22, the method described in the NCHRP 12-49 project was applied to 
obtain the response spectrum from the 1996 maps using the spectral acceleration values provided 
by USGS at 0.2 and 1.0 sec with a 2% PE in 50 years. Note that the values obtained from the 
1996 USGS maps are multiplied by 0.8 to represent motions on hard rocks in order to be 
consistent with the simulations. Furthermore, the spectral accelerations obtained by applying the 
specifications of the American Association of State Highway and Transportation Officials 
(AASHTO) seismic design division I-A (AASHTO, 1996) are also plotted in Figures 2.21 and 
2.22 for comparison. 
 
In Figure 2.21, the fault-parallel component of motion at L472 site matches perfectly with the 
NCHRP curve except at low periods where a cap is placed on the median values of the ground 
motions within the USGS hazard code. The capping recognizes that the values derived from the 
point source simulations are not reliable for strong earthquakes at distances less than 20 km (12.4 
miles) from the New Madrid faults (Frankel et al., 1996). The fault-normal component is 
significantly larger than the NCHRP curve due to the forward rupture directivity effect in most 
of the 100 simulations. For A1466 site farther away from the fault, however, the simulation 
results are consistent with the NCHRP curve except for low periods below 0.55 seconds. This 
observation is attributable to the site-fault distance (10.9 km) where the high frequency 
component of motion is not as strong as that for the case of L472 site (3.7 km). In Figure 2.22, 
from rupture scenarios of the Reelfoot fault, the simulation results at IS55 site are in excellent 
agreement with the NCHRP curve. On the other hand, for A1466 site, the results are significantly 
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higher than the NCHRP curve in the intermediate and long periods due to strong scattering 
effects of the seismic waves, but are lower for periods below 0.55 sec. 
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Figure 2.20 Attenuation relations versus simulations from rupture of the Reelfoot fault. 
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Figure 2.21 Simulations from rupture of the southwestern segment versus AASHTO and the 

recommended LRFD Guidelines (NCHRP 12-49 project). 
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Figure 2.22 Simulations from rupture of the Reelfoot fault versus AASHTO and the 

recommended LRFD Guidelines (NCHRP 12-49 project). 
 
Figures 2.21 and 2.22 show that when the bridge site is within the near-field of seismic waves, 
the simulated spectral acceleration is sometimes much higher than what the NCHRP curve 
suggests. To understand their relation in far fields, another site at St. Francis River, Bridge 
A3708, was considered. The latitude and longitude of the bridge are 36.8° and –90.2°, 
respectively. Figures 2.23(a, b) show the average spectra of 20 rock motion simulations at the 
bridge site resulting from rupturing of the southwestern segment and the Reelfoot fault, 
respectively. They are also compared in Figure 2.23 with the NCHRP and the AASHTO spectra. 
It can be observed that the simulated spectra are compatible with the NCHRP and AASHTO 
spectra at long periods. For short period components, the simulated results are much lower than 
the NCHRP spectrum. It is also observed from Figure 2.23(a) that the fault-normal component 
may be even smaller than its corresponding fault-parallel component, indicating weak or no 
directivity effect in far fields. 
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   (a) Southwestern segment (87 km from site)               (b) Reelfoot fault (50 km from site) 

Figure 2.23 Comparison among average spectra of simulations, NCHRP Provisions, and 
AASHTO Specifications in far field. 
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Comparison With the Finite-Fault and the Point-Source Simulation Results 
 
The simulation results from the composite source model are compared at the same bridge sites 
with those of the finite-fault model developed by Beresnev and Atkinson (1998) and applied by 
El-Engebawy et al. (2004). The results are also compared with those of the point-source model 
developed by Boore (1996) and applied by Anderson et al. (2001) for other bridge sites in the 
NMSZ. Their comparisons are shown in Figures 2.24 and 2.25 from rupture scenarios of the 
southwestern segment and the Reelfoot fault, respectively. In both figures, the curves of the 
composite-source model represent the average of the 100 geometric mean spectral accelerations 
of two horizontal components. The curves of the finite-fault model represent the average of 100 
simulations (each resulting in a single horizontal component), while those of the point-source 
model represent the average of only five simulations. Note that MW = 7.0 in the composite-
source and the finite-fault models is compared to MW = 6.75 in the point-source model that 
corresponds to a distance of 10 km. 
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Figure 2.24 Comparison among three models for the rupture of the southwestern segment. 
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Figure 2.25 Comparison among three models for the rupture of the Reelfoot fault. 

 
In Figures 2.24 and 2.25, the spectral accelerations of the composite-source model are generally 
higher than those of the other two models at intermediate and long periods, particularly for MW 
7.5. This is attributable to several reasons: First, the composite-source model can fully capture 
strong directivity effects, especially from rupture scenarios of the southwestern segment as its 
epicenter location is equally distributed along the strike and most of the simulations are therefore 
in forward directivity conditions, as illustrated in Figure 2.1. On the other hand, the point-source 
model is unable to take directivity effects into account in the simulations. The finite-fault model 
provides only a single component of randomly oriented horizontal acceleration, and it can at 
most partially capture directivity effects. Second, the synthetic (analytical) Green’s functions 
introduced in the composite source model include the complete effect of seismic waves 
scattering due to lateral heterogeneity in the earth’s crust. Other models use simple functions to 
account for geometrical spreading, attenuation (combining intrinsic and scattering attenuation), 
and the general increase of duration with distance due to wave propagation and scattering (El-
Engebawy et al., 2004). The simplified path effect in other models is given by the multiplication 
of the geometric spreading and inelastic attenuation functions. Finally, the amplification effects 
of the velocity gradient of a multilayered earth crust are explicitly taken into account in the 
composite source model. Both point-source and finite-fault models are approximate in the 
consideration of the influence of the velocity gradient by empirically specifying frequency-
dependant amplification factors established by Boore and Joyner (1997). 
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RECOMMENDED ROCK MOTIONS 
 
Representative Time Histories 
 
Five sets of three-component acceleration time-histories are selected for each case considered in 
this study, such that the response spectrum of the fault-parallel, fault-normal, and vertical 
components of each set individually matches the average response spectrum of its corresponding 
100 simulations over a period of 0.04–5.0 sec in a least-square sense. At least one set of time-
histories contains distinctive velocity pulse(s) due to forward rupture directivity, and one set has 
a large fling step. In addition, the peak rock accelerations of all selected time-histories are within 
75%–125% of the corresponding values derived from the attenuation relations established by 
Toro et al. (1997). 
 
A total of 60 sets of three-component acceleration, velocity, and displacement time-histories 
were generated. They include 30 sets of simulations at L472 and A1466 sites induced by an MW 
6.5, 7.0, and 7.5 from rupture scenarios of the southwestern segment, and 30 sets at IS55 and 
A1466 sites corresponding to MW 6.5, 7.0, and 7.5 from rupture scenarios of the Reelfoot fault. 
These time-histories can be directly used by researchers, engineers, and educators for the 
geotechnical and structural analysis of critical infrastructures in the NMSZ. A complete list of 30 
sets of rock motions associated with the southwestern segment fault was compiled in Appendix 
Table A.1 with typical time-histories. 
 
A sample of representative rock motions at L472 and A1466 sites from rupture scenarios of the 
southwestern segment is presented in Figures 2.26 and 2.27, while a sample at IS55 site from 
rupture scenarios of the Reelfoot fault is presented in Figure 2.28, all corresponding to MW 7.5 
earthquake events. In Figure 2.26, for L472 site, the peak rock accelerations are 1.29 g for the 
fault-parallel component of motion and 1.77 g for the fault-normal component. These values are 
in good agreement with the 1.60 g peak acceleration estimated using Toro et al. (1997) 
attenuation where rjb = 3.7 km, as illustrated in Table 2.7. Similarly, for A1466 site, as shown in 
Figure 2.27, the peak accelerations are 1.08 g and 1.13 g for the fault-parallel and fault-normal 
components, respectively. They both agree well with the 1.00 g from the attenuation relation 
where rjb = 10.9 km. Furthermore, in Figure 2.28 for IS55 site, the peak accelerations are 1.57 g 
and 1.40 g for the fault-parallel and fault-normal components, respectively. They are also 
comparable with the 1.74 g from the attenuation relation where rjb = 1.0 km. It should be noted 
that the peak rock acceleration of the vertical component of motion is 1.61 g at IS55 site from 
rupture of the Reelfoot fault, which is much higher than the corresponding components of 1.17 g 
and 0.83 g at L472 and A1466 sites, respectively, from rupture of the southwestern segment. 
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Figure 2.26 Time-histories at L472 site: Sim #50 with MW 7.5 from the southwestern segment. 
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Figure 2.27 Time-histories at A1466: Sim #22 with MW 7.5 from the southwestern segment. 
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Figure 2.28 Time-histories at IS55 site: Sim #37 with MW 7.5 from the Reelfoot fault. 

 
Near-Field Characteristics of the Selected Motions 
 
The influence of MW on the permanent rock displacement or fling step is illustrated in Figure 
2.29 for L472 and A1466 sites from rupture scenarios of the southwestern segment, and in 
Figure 2.30 for IS55 site from rupture scenarios of the Reelfoot fault. For a strike-slip fault 
(southwestern segment), the fling step occurs along the fault slip or in the fault-parallel 
component of motion. For a reverse fault (the Reelfoot fault), however, it has both the fault-
normal and the vertical components due to fault dipping. For each MW, one of the five select 
displacement time-histories is shown in Figures 2.29 and 2.30 for each of the three bridge sites. 
Each selected time-history corresponds to the maximum fault-parallel fling step for a strike-slip 
fault or the maximum vertical component for a reverse fault. The fling steps at L472 site are 0.28 
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m, 0.51 m, and 1.89 m from MW 6.5, 7.0, and 7.5 earthquakes, respectively. Their triggering time 
instance also increases with MW, particularly for MW 7.5. In comparison with those at L472 site, 
the fling steps at A1466 site are 0.04 m, 0.33 m, and 0.87 m, or reduced by 86%, 35%, and 54%, 
respectively. At IS55 site, the fling steps of vertical components are 0.38 m, 0.68 m, and 1.47 m, 
while the associated values in the fault-normal component of motion are 0.12 m, 0.27 m, and 
0.49 m, from MW 6.5, 7.0, and 7.5 earthquakes, respectively. Therefore, the total fling step in the 
direction of the fault dip (32° from the horizontal plane) is 0.30 m, 0.59 m, and 1.19 m from MW 
6.5, 7.0, and 7.5 earthquake events, respectively. 
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Figure 2.29 Fault-parallel fling steps from rupture scenarios of the southwestern segment. 
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Figure 2.30 Fault-normal and vertical fling steps from rupture scenarios of the Reelfoot fault. 

 
The influence of MW on the velocity pulse(s) is illustrated in Figure 2.31 for L472 and A1466 
sites from rupture scenarios of the southwestern segment, and in Figure 2.32 for IS55 site from 
rupture scenarios of the Reelfoot fault. In Figure 2.31, the peak horizontal velocity of the fault-
normal component at L472 site is 0.50 m/sec, 1.48 m/sec, and 2.59 m/sec from MW 6.5, 7.0, and 
7.5 earthquake events, respectively. The corresponding velocities at A1466 site are reduced to 
0.08 m/sec, 0.39 m/sec, and 1.81 m/sec, a reduction by 84%, 74%, and 30%, respectively. In 
Figure 2.32 for IS55 site, the peak horizontal velocities of the fault-normal component are 0.67 
m/sec, 0.83 m/sec, and 0.72 m/sec from MW 6.5, 7.0, and 7.5 earthquakes, respectively. 
Comparing Figures 2.31 with 2.32 demonstrates again the distinctive large velocity pulses 
associated with the strike-slip faults, particularly for MW 7.5, while those with the reverse faults 
are significantly smaller. 
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Figure 2.31 Fault-normal velocity pulse(s) from rupture of the southwestern segment. 
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Figure 2.32 Fault-normal velocity pulse(s) from rupture scenarios of the Reelfoot fault. 

 
CONCLUSIONS 
 
A simple methodology has been established for the generation of three-component near-field 
rock motions in the NMSZ, with due considerations of the uncertainties in regional earthquake 
source and wave propagation characteristics. It combined the composite source model with an 
equal-weight logic tree that was developed to bound the uncertainties of all model parameters 
within physical, geological, and seismological constraints. Although the composite source model 
itself is deterministic, the introduction of a logic tree for various uncertainties allowed for a 
statistical analysis of a significant number of simulations. The methodology has been used to 
provide rock motion time-histories at three bridge sites within the NMSZ for various 
combinations of moment magnitude and fault mechanism. Based on extensive simulations, the 
following conclusions relative to the NMSZ tectonic environment can be drawn: 
1. The total uncertainty of near-field motions, velocity pulse(s), fling step, and spectral 

acceleration ratio of the fault-normal to fault-parallel motion significantly increases with 
moment magnitude and decreases with distance from the fault. The southwestern segment (a 
strike-slip fault) contributes more to the total uncertainty than the Reelfoot fault (a reverse 
fault) due to its forward rupture directivity effects. The vertical component associated with 
the Reelfoot fault is stronger than that of the southwestern segment. 

2. The sensitivity of near-field rock motions to the uncertainty of various earthquake source 
parameters is examined. For sites about 10 km from a strike-slip fault, the fling step in the 
fault-parallel component is only dependent on the fault mechanism (strike, dip, and rake), 
depth to top of the fault, and stress drop. However, the velocity pulses in the fault-normal 
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component are primarily dependent on the hypocenter location along the strike, rupture 
velocity, and depth to top of the fault. 

3. The average spectral acceleration of this study is generally higher at intermediate and long 
periods than those derived from the attenuation relations applicable to the CEUS, point-
source or finite-fault models from rupture scenarios of the southwestern segment due to 
forward rupture directivity effects, particularly for MW 7.5. For short periods, the simulated 
results are often smaller than those from other models or recommended design guidelines.  

4. The velocity pulse(s) associated with MW 7.5 are very large as compared to MW 7.0 or 6.5. 
This may impose special demands on the seismic design of structures very close to active 
faults. 

5. The methodology described in this study is superior to point-source and finite-fault models in 
that it fully captures the near-field characteristics and is a viable means of generating the 
three components of rock motions. A total of 60 sets of rock motion time-histories are 
generated from this study. They can be directly used by researchers, engineers, and educators 
for geotechnical and structural analysis of critical infrastructures in the NMSZ. 

6. For near-field strong earthquake motions associated with a reverse fault mechanism, the 
vertical spectra are significantly higher than their corresponding horizontal spectra. 
Therefore, the rule-of-thumb ratio of two-thirds between the vertical and horizontal spectra 
can be a poor descriptor of vertical motions. However, a ratio of two-thirds is generally 
appropriate for intermediate and long periods of spectral accelerations associated with a 
strike-slip fault mechanism. 
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 CHAPTER 3. SITE CHARACTERIZATION AND RESPONSES 
 
 
GEOTECHNICAL EXPLORATION 
 
Two bridge sites in the New Madrid Seismic Zone (NMSZ) were selected to study the seismic 
site response, liquefaction, and their effects on the superstructures based on the rock motions dis-
cussed in Chapter 2. Figure 3.1 illustrates the locations of both bridges. Bridge A1466 is located 
near Hayti, Missouri, and Bridge L472 is near Steele, Missouri. Both bridges are close to the 
southwestern segment/fault in the alluvial area along the Mississippi River. The closest horizon-
tal distances to the vertical projection of the fault are 10.9 km for A1466 site and 3.7 km for 
L472 site. The necessary geotechnical data for the seismic hazard analysis and mitigation of the 
two bridges was developed by a subsurface investigation and geotechnical testing.  
 
Bridge A1466 is a continuous steel girder structure with concrete decks, and it spans a railroad 
and a country road. The bridge abutments are supported on large soil embankments and pile 
foundations. The embankments were built from local soils compacted to elevations above the 
general surrounding ground surface. The highest elevation is approximately +291 Mean Sea 
Level (MSL) at the top of the embankment, and the lowest elevation is approximately +259 MSL 
at the bottom of the embankment. The ground surface at the bottom of the embankment is rela-
tively leveled.  
 
Bridge L472 is a left-skew bridge composed of simply-supported steel girders, concrete decks 
and columns, and it spans over a water-filled ditch (Ditch 3). There is very little vertical curve or 
change in elevation from the roadway through the bridge. The highest elevation is approximately 
+261 MSL. The ground surface at the bridge site is relatively leveled, ranging from +254 to 
+261 MSL.  
 

 

 

 

 

 

 

 

 

 

 

 

Figure 3.1 Locations of the two bridge sites. 
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Geotechnical Conditions Based on Existing Boring Logs 
 
Previous geotechnical investigations for the original design of the bridges were conducted by the 
Missouri Department of Transportation (MoDOT). These investigations consisted of ten bore-
holes at A1466 site, and four boreholes at L472 site. The boring depths varied in the range of 
18.7–20.7 m (61.5–68 ft) at A1466 site, and 21.8–23.8 m (71.5–78 ft) at L472 site. The upper 1–
3 m (3–10 ft) layer at A1466 site is sandy loam, clay loam, or sandy silt. Underlying the fine-
grained surficial soils are various silty, fine to coarse sands. At L472 site, silty clay, sandy silt, 
and silt loam make up the upper layers with depths ranging from 4 to 10 m (12–32 ft). Medium 
to coarse sands are present under the surficial fine-grained layers. The soil classifications were 
based on descriptions recorded in the field and not on the laboratory testing results.  
 
Geotechnical Exploration Program 

 
A subsurface and geophysical investigation program was carried out to further define the subsur-
face stratigraphy and engineering properties of the subsurface soils. The field exploration pro-
gram consisted of drilling boreholes, performing cone penetration (CPT), seismic cone penetra-
tion (SCPT), spectral analysis of surface wave (SASW), and cross-hole tests to provide the nec-
essary geotechnical and seismic data for the site response analysis. Summaries of the exploratory 
program at each bridge site are shown in Tables 3.1 and 3.2. The locations of the boreholes, the 
CPT, the SCPT, and the cross-hole geophysical tests are shown in Figure 3.2. In order to enable 
cross-check for the quality of field-test data, several CPT tests were placed near boreholes B2 
and P3 at A1466 site, and near boreholes B3 and P3 at L472 site.  

 
Table 3.1 Drilling program at A1466 site. 

Tests type CPT SCPT Borehole 
Number 4 3 2 1 2 

Depth (ft) 23–65 40–66 80 100 200 

Note An observation well was installed at one 80’ borehole. Two 200’ 
boreholes were used for cross-hole testing. 

 
Table 3.2 Drilling program at L472 site. 

Tests type CPT SCPT Borehole 
Number 4 3 2 2 

Depth (ft) 41–54 36–41 80 100 

Note P1 and P2 were moved from the bottom to the top of the 
slope due to access constraints. 

 
A Failing 1500 rotary drill rig using drilling fluid was used to advance the boreholes. Automatic 
safety hammer equipment was employed to obtain N-values. Soil samples were obtained at 1.5 m 
(5 ft) depth intervals within the top 7.6 m (25 ft) of the borehole, and at 3 m (10 ft) depth inter-
vals below 7.6 m (25 ft). Split spoon samplers were used for both cohesive and cohesionless soils 
according to ASTM D1586-99. Shelby tubes were used to sample cohesive soils following the 
procedure found in ASTM D1587. Oversized split spoon samplers were also obtained at selected 
intervals to increase the amount of recovery for cohesionless soils. 
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Figure 3.2 Layout of boreholes, CPT, SCPT, cross-hole, and SASW geophysical tests. 

 
The cone penetration tests provide a continuous log of tip resistance, side sleeve friction, and 
pore water pressures. The ratio of the side friction to the tip resistance, referred to as the friction 
ratio, together with the measured tip resistance, are used as index parameters to classify the soils 
encountered. Seismic cone penetration tests can provide the shear wave velocity of the soils by 
performing “down-hole” geophysics at designated locations. Hogentogler equipment with an en-
hanced field computer system was used for CPT and SCPT testing. A truck-mounted Bison 
EWG weight drop source and a sledgehammer source were used to generate the Rayleigh waves 
for SASW testing.  
 
A cross-hole geophysical test was performed to determine the shear wave velocities of the soils 
at A1466 site. A number of mechanical impulse sources were used including the driving of a 
standard penetration test sampler, vertical impact loading of rods connected to borehole packers, 
or the use of jacks. 

 
Field Test Results 
 
A sufficient number of standard penetration resistance tests (SPT N-values) were carried out to 
determine dynamic soil properties and liquefaction resistance. The results have been normalized 
to an overburden pressure of 100 kPa (1 ton/ft2) and adjusted to an energy ratio of 60% (the av-
erage ratio of the actual energy delivered by safety hammers to the theoretical free-fall energy) 
according to the following equation: 
 

1 60( )
0.60

m
N

ff

E
N NC

E
=                                                          (3.1) 

 
in which N  is the measured penetration blow count, 0/1 vNC σ ′= is an overburden pressure 
( '

0νσ ) correction factor, mE  is the actual hammer energy (Em = 75% for the MoDOT Auto Safety 
Hammer), and ffE  is the theoretical free-fall hammer energy. Figure 3.3 summarizes the normal-
ized standard penetration blow counts (N1)60 versus the depth of every borehole at the respective 
bridge sites. 
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(a) A1466 site                           (b) L472 site 

Figure 3.3 Normalized (N1)60 at the two bridge sites. 
 
CPT soil classification is based on the UBC83 method using the measured tip resistance and the 
friction ratio. The test results in the adjacent CPT and boreholes B2 and P3 at A1466 site, and 
boreholes B3 and P3 at L472 site are shown in Figure 3.4. It can be seen from Figure 3.4(a) and 
Figure 3.4(b) that the (N1)60 agrees well for both the SPT and CPT test results. The soil classifi-
cation based on laboratory testing and CPT was consistent, which confirmed the accuracy of the 
test results. 
 
Index tests were performed on selected representative soil samples to physically characterize and 
classify the soil types encountered during the field exploration. The tests included moisture con-
tent tests, sieve analysis tests, and Atterberg limit tests. 

 

                           
 

(a) B3 and P3 at A1466 site        (b) B3 and P3 at L472 site 
Figure 3.4 Comparison of soil classification and N60 based on CPT and SPT. 
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At A1466 site, moisture contents ranged from 12% to 35% for the shallow cohesive soils. The 
liquid limit (LL) ranged from 30% to 49%. The range of plasticity index (PI) values was ap-
proximately 9–33. Moisture contents ranged from 10% to 28% for the deep cohesionless soils.  

 
At L472 site, moisture contents ranged from 20% to 68% for the shallow cohesive soils. Plastic-
ity index values ranged from 10 to 55, and liquid limit values ranged from 31% to 83%. Moisture 
contents varied from 12% to 40% for the deep cohesionless soils. The cohesionless soils con-
sisted of fine to coarse sands and were classified as SM (fine sand), SP (coarse sands), and SP-
SM using the Unified Soil Classification System (ASTM D2487). 
 
Correlations of Soil Properties 
 
Soil samples were obtained to a maximum depth of 60 m (200 ft) at A1466 site, and 30 m (100 
ft) at L472 site. Laboratory tests were performed to classify the soil and obtain selected soil 
properties. Most soil properties for deposits greater than 30 m (100 ft) were not available. Con-
sequently, the deep soil properties had to be obtained by available correlations.  
 
The subsurface soils were classified by index tests. Below the maximum boring depths, the soils 
were classified from well log descriptions. The deep soil profiles for both sites were developed 
based on these two well logs. At Hayti, Missouri, near A1466 site, a well (No. 4) was drilled in 
1947 to a depth of approximately 650 m (2100 ft). At Steele, Missouri, near L472, a well (No. 2) 
was drilled in 1949 to a depth of approximately 720 m (2360 ft). 
 
The unit weight was related to the shear wave velocity using an empirical relationship presented 
by Mayne (2001). At both sites, the water table is 3 m (10 ft) below the level ground surface. The 
soil was saturated below this depth. The void ratio can be obtained using the following equation: 
 

wT

TswGe
γγ

γγ
−

−
=                                                          (3.2) 

 
in which Tγ  is the saturated unit weight, wγ  is the unit weight of water, and sG  is the specific 
gravity. The void ratio was determined assuming a specific gravity of 2.70 for fine-grained soils, 
and a specific gravity of 2.65 for coarse-grained soils. 
 
The internal friction angle (φ′ ) for the shallow soil layers was obtained using the correlation de-
veloped by Schmertmann (1975). This correlation requires the use of N60 value and an estimate 
of the vertical effective stress/overburden pressure (σ’v0). As an approximation, it can be de-
scribed by the following equation: 
 

0.341 '
1 60 0' tan ( ) /12.2 20.3 /v aN Pφ σ− ⎡ ⎤≈ +⎣ ⎦                                                     (3.3) 

 
in which aP is the atmospheric pressure. For the deep soils without SPT N-values, the correlation 
between the friction angle and the confining stresses for granular materials developed by Ter-
zaghi et al. (1996) was used. On the other hand, the correlation between the friction angle and the 
plasticity can be used for cohesive soils (Mesri et al., 1993). 
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Typical shear wave velocities from cross-hole geophysical tests, seismic cone penetration tests, 
and SASW tests at A1466 site, and from seismic cone penetration tests and SASW tests at L472 
site, are shown in Figure 3.5. It can be seen that the shear wave velocity in the upper 6 m (20 ft) 
soils at A1466 site is different from the shear wave velocity at L472 site. This is due to the dif-
ferent soil types at these depths at the two bridge sites. At A1466 site, the shear wave velocity 
from the seismic cone is more consistent with the cross-hole shear wave velocity than with the 
SASW test at that site. Below 50 m (164 ft), the shear wave velocities from the SASW and cross-
hole tests are much different. This occurs because SASW cannot give accurate shear wave ve-
locities for deep soil deposits. At L472 site, the shear wave velocities identified from other tests 
agree well with those from the seismic cone test. Their consistency increases with depth.  

 

                        

 
(a) A1466 site                                     (b) L472 site 

Figure 3.5 Shear wave velocity profile by different test methods. 
 
To indirectly verify the accuracy of the shear wave velocities acquired with different field tests, 
the maximum shear modulus was calculated from shear wave velocity by the following equation: 
 

2
max sVG ρ=                                                              (3.4) 

 
in which ρ  is the mass density of soils, and sV  is their shear wave velocity. The maximum shear 
modulus can also be determined from laboratory tests (Hardin and Black, 1968):  

 

              
2

0.5
max 0

(2.973 )1230 ( )
1

k eG OCR
e

σ− ′= ∞
+

                                     (3.5)                   

 
where OCR is the overconsolidation ratio, '

0σ  is the mean principal effective stress,  e is the void 
ratio, and  k is a factor related to the plasticity index as defined in Table 3.3. 
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Table 3.3 Values of k. 
PI k 
0 0 

20 0.18 
20 0.30 
60 0.41 
80 0.48 

>100 0.50 
 

Borings B3 and S1 at A1466 site and borings B1 and S2 at L472 site are in close proximity to 
each other and were therefore selected to compare and verify the test results. The ratios of the 
maximum shear modulus using Equation 3.5 from field test results to those calculated using 
Equation 3.4 are shown in Tables 3.4 and 3.5. The maximum shear modulus obtained from the 
different tests agrees well and falls into a reasonable range compared with empirical analysis. 
This confirms that the shear wave velocity, as determined from the SASW, cross-hole, and SCPT 
testing, is reliable. 
 

Table 3.4 Comparison of (Gmax)field/(Gmax)correlation at B3 of A1466 site. 
Depth (m) SCPT/Hardin SASW/Hardin Cross-hole/Hardin 
CL (0–5.5) 0.87 3.13 0.95 

ML (5.5–9.1) 0.87 3.18 0.81 
SM (9.1–13.2) 1.57 1.50 0.82 
SP (13.2–21.3) - 0.74 0.45 

SP-SM(21.3–25.6) - 0.70 0.66 
Overall 1.06 1.30 0.68 
CL: medium plastic clay; ML: sandy silt; SM: fine sand; SP: coarse sands. 

 
Table 3.5 Comparison of (Gmax)field/(Gmax)correlation at B1 of L472 site. 

Depth (m) SCPT/Hardin SASW/Hardin 
CL (0–3.7) 0.58 0.56 

OH (3.7–5.2) 1.41 1.18 
CL (5.2–6.4) 0.70 0.71 
CH (6.4–8.5) 0.35 0.67 

SM (8.5–11.6) 0.37 0.47 
SP-SM(11.6–25.6) - 0.87 

Overall 0.60 0.79 
OH: organic clay; CH: highly plastic clay. 

 
Although the shear wave velocity can be determined by geophysical or laboratory tests of soil 
samples of the studied area, sometimes it is difficult to conduct geophysical tests or collect sam-
ples for sites with existing structures. For economical reasons, it is therefore necessary to de-
velop an empirical method to estimate the shear wave velocity. Many factors such as soil type, 
confining stress, and void ratio affect the shear wave velocity. The most commonly used geo-
technical field test is the SPT; it has been correlated to almost every property of soil. Since SPT 
data may be the most available test data, Jafari and Razmkhah (2001) summarized a number of 
correlations between Vs and N (SPT) for different soils that were developed by various research-
ers. These correlations are included in chronological order in Table 3.6. 
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Table 3.6 Soil shear wave velocity estimation (Jafari and Razmkhah, 2001). 
Authors Soil type 

sV  (m/sec) 
Shibata (1970) Sands 5..032NVs =  

Ohta et al. (1972) Sands 36.087NVs =  
JRA (1980) Sands 3/180NVs =  

Seed et al. (1983) Sands 5.04.56 NVs =  
Sykora & Stokoe (1983) Granular 27.07.106 NVs =  

Lee (1990) Sands 49.057NVs =  
Imai & Yashimura (1990) All 33.076NVs =  

Yokota et al. (1991) All 27.0121NVs =  

 
Since SPT N-values for cohesive soils are not reliable, this study used only the shear wave veloc-
ity and the SPT N-values of sands to develop the correlation between Vs and N (SPT). This cor-
relation is illustrated in Figure 3.6. The data in Figure 3.6 show significant variations due to dif-
ferent tests used to measure the shear wave velocities. 
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Figure 3.6 Correlation between Vs and N (SPT). 

 
The data shown in Figure 3.6 can be best described by the following correlation between Vs and 
N (SPT): 
 

215.0107NVs =                                                              (3.6)  
 

To verify the above equation, all the empirical correlations in Table 3.6 and the proposed equa-
tion are plotted in Figure 3.7. The proposed correlation is seen to fall within the range of the 
other correlations. When N is less than 25, the correlation agrees very well with the others. When 
N is larger than 25, the correlation is lower compared with the others. This may be due to the 
limited depth of the SPT test. For this geotechnical investigation, the depth of the SPT at both 
sites is less than 30 m (100 ft). Therefore, no higher shear wave velocity was obtained in these 
shallow soils. Overall, the proposed correlation appears to be reasonable and acceptable com-
pared with other correlations when applied to shallow sands. 
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 Figure 3.7 Comparison between proposed correlations for Vs and N (SPT). 

      
Soil Profile 
  
The subsurface conditions at A1466 site are fairly consistent. The embankment at the north of 
the bridge is mainly medium plastic clay (CL). The embankment at the south of the bridge con-
sists of medium plastic clay (CL) and sandy silt (ML). The cohesive soils extend to approxi-
mately 4.5–9 m (15–30 ft) below the level ground surface. They are underlain by dense fine to 
coarse sands (SM, SP, and SP-SM). Highly plastic clay (CH) is present at a depth of approxi-
mately 50–53 m (165–175 ft).  
 
The slope of the embankment is relatively steep, averaging about 2H:1V. The highest part of 
embankment is approximately 9 m (30 ft). At boring AB3, the ground water is approximately 3 
m (10 ft) from the ground surface. The detailed soil profile is shown in Figure 3.8. 
 
At L472 site, dense fine to coarse sands are present at approximately 7.6–13.8 m (25–42 ft) be-
low the ground surface. Above the dense sands are interlayered cohesive and cohesionless soils 
including medium to highly plastic soft clay (ML, CH, and OH) and fine sand (SM). The ground 
water table is approximately 3 m (10 ft) from the ground surface. The detailed soil profile is 
shown in Figure 3.9.  
 
Because of the variation of soil types and shear wave velocities evaluated with different methods 
in the upper layers of the two bridge sites, a typical soil profile and an average shear wave veloc-
ity were used to classify the sites. The profiles of boring B3 at A1466 and L472 sites were se-
lected as typical profiles for the two sites.  
 

Shibata (1970-sand) 
Imai & Yashimura (1990-all)

Seed, et al (1983-sand)

Sykora & Stokoe (1983-granular

Lee (1990-sand) 
JRA (1980-sand)

Oht, et al. (1972-sands)

Yokota, et al. (1991-all)

This study (sand)
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Figure 3.8 Soil profile at site A1466. 

 
 

 

Figure 3.9 Soil profile at site L472. 
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Classification of A1466 and L472 Sites According to NEHRP 2000 
 
The two bridge sites were classified in accordance with the National Earthquake Hazards Reduc-
tion Program (NEHRP) Provisions (2000) based on the average shear wave velocity, sV , in the 
upper 30 m (100 ft). Although the average SPT blow count can also be used to classify sites, it is 
not applied here due to incomplete data at deep elevations. The shear wave velocity, SPT N-
values, and index properties at the two bridge sites were obtained from field and laboratory tests. 
The average shear wave velocity at A1466 site that was determined with different methods is 
shown in Table 3.7, while the average SPT N-values are shown in Table 3.8. Based on the aver-
age shear wave velocity from the cross-hole test, A1466 site was classified as Class E (NEHRP, 
2000). However, according to the average shear wave velocity from the SASW tests, A1466 site 
can be classified as Class D. 

 
Table 3.7 Average shear wave velocity at A1466 site. 

Geophysical tests S1 S2 S3 Cross-hole SASW 
Depth (m) 13.9 20.2 6.6 30.5 29.3 

sV  (m/sec ) 136 172 220 178 242 
 

Table 3.8 Average SPT N-values at A1466 site. 
Borings B1 B2 B3 

Depth (m) 21.7 23.6 25.6 
N  22 20 9 

 
Three of the four borings at L472 site show more than 3 m (10 ft) of soft clay in the subsoil. The 
characteristics of the soft clay at the different borings are shown in Table 3.9. The average shear 
wave velocities are shown in Table 3.10, and the average SPT N-values are given in Table 3.11. 
The undrained shear strength, us , as measured by a pocket penetrometer, was greater than 25 
kPa. The pocket penetrometer was used because of the difficulty in sampling and testing the co-
hesive soils. The average shear wave velocity was greater than 180 m/sec as measured by SASW 
testing. All the seismic cones did not reach 30 m. Two SPT tests were carried out to a depth of 
30 m. One N-value was greater than 15 blows per foot, and the others were smaller than 15 
blows per foot, averaging just above 15 blows per foot. Therefore, based on the entire data avail-
able, L472 site was assigned as Class D. 
 

Table 3.9 Characteristics of soft clay at different borings at L472 site. 
Boring B1 B2 B3 B4 

Depth (m) 3.7–5.2 0–3.7 1.8–7.3 3.7–5.2 9.1–13.8 
PI 38 54.4 43.1 44.4 31.3 

w (%) 40.8 29.3 43.9 30.5 43.3 
us (kPa) 63.5 63.5 37.5 50 50 

 
Table 3.10 Average shear wave velocity at L472 site. 

Geophysical tests S1 S2 S3 SASW 
Depth (m) 11.9 13.5 14.1 30.0 

sV  (m/sec ) 133 130 129 193 
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Table 3.11 Average SPT N-values at L472 site. 
Borings B1 B2 B3 B4 

Depth (m) 25.6 31.1 31.1 25.6 
N  12 18 14 9 

 
Although A1466 and L472 sites were classified using the NEHRP Provisions, there are inconsis-
tencies in the classifications. The sites can be classified as Class D based on the average shear 
wave velocity, but may be classified as Class E based on the average N-value or vice versa. The 
NEHRP site classification is based on soil conditions in the Western United States (Borcherdt, 
1994). However, the geology and seismicity in the Central United States is different, especially 
in the New Madrid Seismic Zone. There is very little data on deep soil properties for seismic re-
sponse analysis in the Mississippi Embayment soils. 
 
SITE RESPONSE OF DEEP SOILS IN THE NMSZ 
 
Seismic Site Response Methodology 
 
Seismic site response is usually referred to as the propagation of seismic waves from an input 
base rock to the ground surface through the local site soils. Since the 1970s, methodologies have 
been developed to analyze this process using equivalent-linear or nonlinear methods. 
 
Equivalent-Linear Methods in the Frequency Domain 
 
These methods are very efficient, particularly when the input motion can be characterized with 
acceptable accuracy by a small number of terms in a Fourier series. The equivalent-linear ap-
proach may not be able to converge due to nonlinear behavior at large strains. These methods are 
total stress analyses that do not consider the effect of excess pore pressure on site response. 
Therefore, they cannot be used for liquefaction analysis. Equivalent methods are used for both 
one-dimensional and two-dimensional analysis. 
 
The SHAKE program (Schnabel et al., 1972; Idriss and Sun, 1992) is perhaps the most popular 
equivalent-linear code. It can provide reasonable estimates of ground response of practical prob-
lems. However, there are several limitations to this program. First, it can be an inefficient, time-
exhaustive process to model the desired spectra. Second, the number of soil layers is limited to 
50, which may not be adequate to model the deep soil profiles present in the NMSZ. Third, 
SHAKE is not suitable for ground accelerations greater than 0.2 g. Finally, it may be incapable 
of adequately modeling ground motions for acceleration time-histories that produce significant 
nonlinear behavior. 
 
Lysmer et al. (1975) proposed the two-dimensional frequency domain program, FLUSH. Two 
time domain programs, QUAD4 (Idriss et al., 1973, 1974) and QUAD4M (Hudson et al., 1994), 
were developed in order to simulate irregular soil layers and ground surfaces. However, these 
codes can suffer from the spurious resonances and difficulties associated with effective strain 
determination. In addition, the extra degrees of freedom require the use of more parameters, such 
as Poisson’s ratio, which can produce more complicated stress paths.  
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In order to overcome some of the limitations in SHAKE, Silva (1992) developed the RASCALS 
program to simulate the site response of deep soil. This program is a frequency domain program 
using random vibration theory. It does not require numerous simulations to obtain a stable esti-
mate. There is no constraint on the number of layers. The disadvantage is that it is still an equiva-
lent-linear approach and may not converge. 
  
Assimaki et al. (2001) introduced frequency-dependent soil parameters to the equivalent-linear 
analysis. His model considers the variation of strain amplitude with frequency instead of relying 
on a single effective strain value that reduces the attenuation of high-frequency motion. 
 
Nonlinear Methods in the Time Domain  
 
Due to the limitations of equivalent-linear methods in accurately analyzing the actual nonlinear 
process of seismic ground response, direct numerical integration in the time domain can be em-
ployed to simulate the actual nonlinear response of soil deposits. Any foregoing linear or nonlin-
ear stress-strain model or advanced constitutive model can be used. Most currently available 
nonlinear ground response analysis computer programs are one- or two-dimensional.  
 
Nonlinear One-Dimensional Analysis: There are many nonlinear, one-dimensional ground re-
sponse analysis computer programs using direct numerical integration in the time domain. Both 
cyclic stress-strain models and advanced models are implemented into the programs, as shown in 
Table 3.12. 
 

Table 3.12 Computer programs for nonlinear 1-D ground response analysis. 
Program Soil Model Method Stress Reference 

CHARSOIL Ramberg-Osgood Characteristics Total Streeter et al. (1974) 
DESRA-2 Hyperbolic Finite-element Effective Lee and Finn (1978, 1991) 
DESRAMOD2 Hyperbolic Finite-element Effective Vucetic (1998) 
DESRA-MUSC Hyperbolic Finite-element Effective Qiu(1998) 
D-MOD(derived 
from DESRA-2) 

M-K-Z (Matasovic, Kon-
der, and Zelasko) Finite-element Effective Matasovic (1993) 

MASH Martin-Davidenkov Finite-element Effective Martin and Seed (1978) 
DYNA1D Nested yield surface Finite-element Effective Prevost (1989) 
TESS HDCP(Hardin-Drnevich-

Cundall-Pyke) Finite difference  Effective Pyke (1979, 1985, 1992) 
SUMDES Hypoplasticity Finite-element Effective Li et al. (1992) 
DEEPSOIL (de-
rived from D-
MOD) 

Modified hyperbolic with 
extended Masing criteria  Finite-element Total Hashash and Park (2001) 

- Reduced MIT-S1 Finite-element Effective Assimaki et al. (2000) 
 
Nonlinear Two-Dimensional Analysis: One-dimensional ground response analysis is useful for 
leveled or gently sloping sites with parallel material boundaries. However, many other problems 
such as sloping or irregular ground surfaces, the presence of heavy, stiff, or embedded structures, 
or walls and tunnels, all require two-dimensional or even three-dimensional analysis. There are a 
number of codes implementing different constitutive models toward this endeavor, as shown in 
Table 3.13.  
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Table 3.13 Computer programs for nonlinear 2-D ground response analysis. 
Program Soil Model Method Stress Reference 

TARA-3 Hyperbolic Finite-element Effective Finn et al. (1986) 
DYNAFLOW Multiple yield surface Finite-element Effective Prevost (1981) 
DIANA Different advanced models Finite-element Effective Kawai (1985) 
FLAC Hyperbolic (Finn and Byrne 

model) Finite difference Effective Commercial 
DYSAC2 Hypoplasticity Finite-element Effective - 

 
Although the foregoing two-dimensional analysis methods can deal with the seismic site re-
sponse problems, they are computationally costly and complex. In order to overcome this limita-
tion and, at the same time, capture the most significant aspects of various two-dimensional dy-
namic response problems, several alternative approaches, such as shear beam and layered inelas-
tic shear beam, have been developed to simplify assumptions that allow two-dimensional prob-
lems to be solved by one-dimensional analysis.  
 
Two-dimensional nonlinear methods have the enormous beneficial capability of computing pore 
pressure (hence effective stresses), permanent deformations, and liquefaction. The accuracy with 
which they can be computed depends on the accuracy of the constitutive models on which they 
are based. While great progress in the constitutive modeling of soils has been made, additional 
refinement is required before precise a priori predictions of permanent displacement are possible.  
 
Recent Use of Site Response Methods 
 
Yu et al. (1993) studied the nonlinear behavior of soil using DESRA2 (Lee and Finn, 1978). 
They found that for an unsaturated shallow soil deposit of 20 m or thicker, as the base excitation 
increases, the soil response is deamplified and the dominant frequency corresponding to the peak 
response is shifted to a lower value. There were three frequency bands relative to the linear 
analysis: unaffected low frequency, deamplified intermediate frequency, and amplified high fre-
quency. The transition from the low to the intermediate frequency band shifts from 3.5 Hz to 0.8 
Hz. The transition from the intermediate to the high-frequency band decreases from 25 Hz to 7 
Hz when the depth of soil increases from 20 m to 600 m. 
 
Ni et al. (1997) extended the work of Yu et al. (1993) to deep saturated soil deposits and ac-
counted for the influence of pore pressure and stress-dependent damping and shear modulus ratio 
variations with shear strain (EPRI, 1993). They found that for saturated soil conditions the sur-
face amplification and resonant frequency decreased with the increment of the base excitation 
and depth of soil layers. When the deposits were deeper than 100 m, the amplification response 
was similar. The amplitudes of surface response and first-mode frequency from stress-dependent 
models were larger than those from conventional stress-independent models. 
 
Ni et al. (2000) studied the nonlinearity of soil properties of shallow soil (upper 30 m) on the site 
response and concluded that the ratio of peak ground acceleration (PGA) between the ground 
surface and the bedrock decreases with increasing PGA values. The transition from amplification 
to deamplification was about 0.2–0.3 g. At short periods less than 0.3 sec, the ratio of spectral 
acceleration between ground surface and bedrock is amplified under low shaking level and 
deamplified under high shaking level. At longer periods, deamplification was seldom observed.  
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Assimaki et al. (2000) developed a simple four-parameter model to do site response of deep co-
hesionless soils (1 km deep) accounting for the stress-dependent modulus and damping ratio. 
They found that the elasticity of the soil steadily increased with depth. This made it possible to 
obtain the response of high-frequency components of motion when used for moderately deep to 
very deep soil profiles. 
 
A new model was developed by Hashash and Park (2001) that accounts for the effect of high 
confining pressure on modulus degradation and damping ratio of deep soil. The high-frequency 
components of ground motion, which are usually filtered out using conventional wave propaga-
tion methods, were found to be transmitted through the deep deposits to approximately 1 km. For 
weak ground motions, the spectral amplification factors are greater than unity and can be as large 
as five in longer period ranges of 2–10 seconds.  
 
In 2001, Hashash and Park (2002) extended their nonlinear site response analysis using the full 
Rayleigh damping formulation to represent the viscous damping of soils, which allows a fre-
quency dependent viscous damping component in nonlinear analysis. This new method improved 
the site response analysis at shorter periods (high frequencies).  
 
Romero and Rix (2001) studied the site response in the Central United States using the equiva-
lent method RASCALS. Relative to a rock site, the amplification spectra may be more than twice 
for periods longer than 0.5 sec due to amplification from low-velocity deposits and resonances 
from the large impedance contrast at the base of the embayment. This has not been accounted for 
in published amplification factors. At shorter periods, damping controls the site response and 
deamplifies ground motions. 
 
Soil Constitutive Models 
 
There are both linear and nonlinear numerical constitutive models to describe the stress-strain 
relationship of soil under static and dynamic loadings. The most common model used for seismic 
site response is the equivalent-linear model. These models are the simplest to use but have lim-
ited ability to represent many aspects of soil behavior under cyclic soil behavior. Therefore, more 
complex constitutive nonlinear models have been proposed.  
 
Lok (1999) classified nonlinear models as mechanical, empirical, or plastic. Mechanical models 
used springs, dashpots, and sliders placed in series and parallel to represent the soil behavior. 
They included Iwan type models (1967), series models used by Joyner and Chen (1975), and a 
parallel model used by Taylor and Larkin (1978). Empirical models fitted the nonlinear stress-
strain behavior of soils by empirically derived functions. They included the Ramberg-Osgood 
(Ramberg and Osgood, 1943), the Davidenkov, and the hyperbolic model (Kondner, 1963). They 
were typically used to describe first loading and the backbone curve based on the Masing rules 
(Pyke, 1979). Hashash and Park (2001) used a modified hyperbolic model with extended Masing 
criteria to represent hysteretic loading and unloading of soil. It accounted for the influence of 
large confining pressures on strain dependent modulus degradation and damping of soil. It was 
calibrated by the shear modulus degradation and damping data measured by resonant column 
tests on sand samples under pressures up to 3.5 MPa.  
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Plasticity theory has been used as the basis of plasticity models. They included multiple yield 
surface theory, bounding surface plasticity, hypoplasticity and endochronic theory. The basic ele-
ments of a plasticity formulation were stated by Prévost (1977). The Prévost model, using a field 
of shear moduli, accounted for the small strain nonlinearity and hysteretic dissipation of energy 
and satisfied the extended Masing rules (Pyke, 1979). Prévost (1989) implemented this model in 
the program DYNA1D. Mróz et al. (1978) and Hirai (1987) proposed several other multiple 
yield surface models. Mróz et al. (1978) introduced an infinite number of nested loading surfaces 
to improve the multisurface model. 
 
Dafalias and Popov (1975, 1977) and Krieg (1975) independently proposed the bounding surface 
plasticity theory. Dafalias and Herrmann (1982), Dafalias (1986), Bardet (1989), Mróz et al. 
(1979), and Li et al. (1998) applied the bounding surface plasticity models to site response analy-
sis. The bounding surface models were incorporated in SPECTRA by Borja et al. (1999) and 
SUMDES by Wang et al. (1990).  
 
Darve and Labanieh (1982) interpolated the constitutive tensor from constitutive tensors defined 
along specified loading paths. Dafalias (1986) extended the bounding surface plasticity model 
within the framework of hypoplasticity. Zienkiewicz et al. (1999) proposed general expressions 
for the constitutive tensors satisfying all necessary requirements using hypoplasticity theory.  
 
Valanis proposed endochronic theory. Bazant and Krizek (1976) and Zienkiewicz et al. (1978) 
applied it to liquefaction problems. Finn (1988) described the nonlinearity by a sequence of 
events leading to successive states of the material. 
 
Finn (1988), Li et al. (1998), and Borja et al. (1999) implemented different models in finite-
element or finite difference codes. Several of the above models were able to account for pore 
pressure generation leading to liquefaction in loose soil deposits. However, the liquefaction prob-
lem ought to account for the contractive behavior of soils and the coupled mechanic-pore pres-
sure dissipation. Zienkiewicz et al. (1999) conducted a review of such models. 
 
Pesana and Whittle (1999) introduced a generalized effective stress model which is referred to as 
MIT-S1. It is capable of predicting the rate independent, effective stress-strain-strength behavior 
of uncemented soils over a wide range of confining pressures and densities. It can describe irre-
coverable, plastic strains which develop throughout first loading using a simple four-parameter 
elasto-plastic model.  
 
Assimaki et al. (2000) presented a reduced form of the MIT-S1 model. It ignores the plastic 
components of deformation and considers only one-dimensional wave propagation problem. It is 
only suitable for relatively small strain amplitudes, and it is used to simulate the one-dimensional 
amplification effects in a deep soil deposit. This model accounts for the confining pressure on 
soil parameters and hysteretic behavior.  
 
Laboratory data is used to evaluate the ability of constitutive models to represent cyclic soil be-
havior. Typically, the shear modulus and damping ratio predicted by the constitutive models can 
be compared to the laboratory curves. However, in many cases, model parameters that are used 
to match shear moduli curves fail to match damping ratio curves. A hysteretic model introduced 
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by Whittle and Kavvadas (1994) and Pestana and Whittle (1999) was developed by Lok (1999) 
to be able to match the shear modulus reduction and material damping curves.  
 
Site Response Analysis Approach 
 
SHAKE has several limitations as an equivalent-linear approach. When the peak ground accel-
eration (PGA) is too large, convergence to a solution will not occur. Joyner et al. (1981) found 
that SHAKE may underestimate ground motions at short periods. Dikmen and Ghaboussi (1984) 
compared nonlinear and equivalent-linear analysis and found that the equivalent-linear analysis 
had produced larger spectral accelerations at intermediate periods (about 0.5 sec) and smaller 
spectral accelerations at shorter periods (about 0.1 sec).  
 
The programs discussed above that account for deep soil effects are not available in the public 
domain. On the other hand, SHAKE is not suitable for large earthquakes. There is also a limita-
tion of soil layers for SHAKE. For the deep soil deposits of more than 600 m, as in the NMSZ, 
SHAKE may not be suitable.  
 
The stress-strain relationship in soil is quite nonlinear under cyclic loading. Even at small shear 
strain (10-4) levels soils show shear modulus reduction. At the same time, the material damping 
is developed and increases with the cyclic shear strain. Numerous researchers (Hardin and 
Drnevich, 1972; Seed and Idriss, 1970; Vucetic and Dobry, 1991) have performed the characteri-
zation of shear modulus degradation and damping curves for many soil types and provided a 
very valuable database for dynamic analyses. Based on the experimental data from 16 publica-
tions encompassing normally and overconsolidated clays (OCR = 1 to 15), as well as sands, 
Vucetic and Dobry (1991) summarized that the plasticity index (PI) is the main factor controlling 
these relationships. However, Ishihara (1992) pointed out that the method of Vucetic and Dobry 
did not include one significant parameter, the effective mean normal stress, '

0σ , particularly for 
soils of low plasticity. Figure 3.10 (Ishihara, 1992) shows that G/Gmax increases with the mean 
normal stress in sands at the same level of strain. At higher levels of '

0σ , the material shows less 
degradation and will tend to propagate the ground motion with less energy dissipation. The ef-
fective mean normal stress can be a significant factor influencing wave propagation through the 
deep soil deposits in the NMSZ. 
 

 
Figure 3.10 Confining pressure influence on modulus reduction curves for sand.  
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The effect of confining pressure on the dynamic soil properties, the shear modulus and damping, 
has been recognized by other researchers (e.g., Iwasaki et al., 1978; Kokusho, 1980; Hardin et 
al., 1994). However, the traditional site response computer programs, such as SHAKE (Schnabel 
et al., 1972) and DESRA-2 (Lee and Finn, 1978), have not considered the influence of the con-
fining pressure on modulus/damping relationships. When applying these programs to a deep soil 
column, they significantly underestimate the resulting ground response at the ground surface 
(Hashash and Park, 2001). Hashash and Park presented a new soil model, DEEPSOIL, to con-
sider the influence of the confining pressure to strain dependent modulus degradation and damp-
ing of soils. The model was developed by introducing several new parameters to the hyperbolic 
model D-MOD (Matasovic, 1993) and calibrated using measured shear modulus degradation and 
damping data from resonant column tests on sand samples under confining pressure up to 3.5 
MPa. However, the physical meaning of the new parameters is complex and difficult to be de-
termined in the field or in the laboratory. On the other hand, the program SHAKE has been re-
cently modified by Kramer (1996) in its commercial version, PROSHAKE, to include the effects 
of confinement. 

 
Nonlinear Soil Model 

 
Generally, seismic waves generated from an earthquake are propagated in a three-dimensional 
continuous medium. However, modeling the nonlinear soil behavior, as well as the three-
dimensional wave propagation, is extremely difficult and computationally intensive. In most 
situations the main response in the soil deposit can be adequately approximated with one- or 
two-dimensional vertical propagation of shear waves.  
 
A nonlinear two-dimensional soil model in the time domain was developed for this work. In this 
approach, the equations of motion are solved in discrete time increments, which represent the 
nonlinear behavior of soil under the earthquake loading. The analysis of dynamic site response 
requires solving the equations of motion given by the following equation in matrix form: 

 
)(}]{[}]{[}]{[ tPuKuCuM =++ &&&     (3.7) 

 
in which ][M , ][C , and ][K  are the global mass, damping and stiffness matrices for assemblage 
of elements, respectively; }{u&& , }{u& , and }{u are the relative nodal acceleration, velocity, and 
displacement vectors with respect to the base of the model. )(tP represents the effective earth-
quake force due to the excitation at the base; it can be written as: 

 
)(}]{[)( tuIMtP g&&−=       (3.8) 

 
where }{I  is the identity vector and )(tug&&  is the input base acceleration time-history. ][M , ][C , 
and ][K  matrices are assembled using an incremental approach and are updated at every time 
step.  
 
The well-known Newmark-β method was used to numerically solve Equation 3.7 (Newmark, 
1959). The dynamic soil properties, both shear modulus (G) and damping ratio ( λ ), were ob-
tained from the published unified formulas obtained by fitting the experimental curves (Ishibashi 
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and Zhang, 1993). The formulas take into account the influence of the effective confining pres-
sure ( mσ ′ ), the plasticity index (PI) of the soil, the shear strain level (γ ) on the shear modulus 
degradation curve, and the damping ratio curve, as shown below for completeness. 
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The shear modulus degradation curve presented in Equation 3.9 can be described as the back-
bone curve in stress-strain field of soils. A numerical example is shown in Figure 3.11. Figure 
3.11(a) shows the modulus degradation curve for sand at the confining pressure '

0σ  equal to 100 
kPa. Figure 3.11(b) shows the corresponding backbone curve when the maximum shear modulus 

maxG  is 20 MPa. The backbone curve from the unified formulas is also compared with that from 
the hyperbolic model in Figure 3.11(b). The hyperbolic stress-strain relationship was initially 
formulated by Kondner and Zelasko (1963) and can be expressed below: 
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in which τ  is the shear stress at strain amplitude γ , and maxτ  is the maximum shear stress that 
can be applied to the sand in its initial state without failure. 
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(a) Modulus degradation curve                       (b) Corresponding backbone curve 

Figure 3.11 Example of Ishibashi and Zhang’s formula. 
 
The extended Masing criteria (1926) were used to govern the unloading-reloading behavior of 
soil. The detail of the rules is illustrated in Figure 3.12. For initial loading, the stress-strain rela-
tion follows the backbone curve described above. If a stress reversal occurs at a point defined by 

),( rr τγ , the reloading or unloading stress-strain curve follows a path given by: 
 

)
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=−      (3.12) 

 
in which  f  represents the function of the backbone curve. The unloading and reloading curves 
have the same shape as the backbone curve (with the origin shifted to the loading reversal point), 
but are enlarged by a factor of two. For this model, )( rγγ − /2 is used to replace γ  in Equation 
3.9 to calculate the shear modulus ratio G / maxG  for the unloading and reloading behavior. If an 
unloading or reloading curve exceeds the maximum past strain and intersects the backbone 
curve, it follows the backbone curve until the next reversal. 
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Figure 3.12 Extended Masing rules for cyclic stress-strain behavior (Martin et al., 1978). 
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Damping of plastic and nonplastic soils during seismic loading can be computed based on the 
shear modulus ratio max/ GG using the empirical expression in Equation 3.10 (Ishibashi and 
Zhang, 1993). For the unloading or reloading, the modulus ratio max/ GG is calculated by the 
strain )( rγγ − /2. Although Equation 3.10 seems complex, the input soil properties required to 
determine damping ratio are only the initial shear modulus, maxG , and the plastic index, PI. The 
soil properties are also assumed to be homogeneous in two dimensions. The element shear 
modulus and the damping ratio are determined by the shear strain of the element at each time 
step. 
 
The constitutive laws presented above were implemented in a two-dimensional finite-element 
code. The computer code was built upon the software framework developed at the Open System 
for Earthquake Engineering Simulation (OpenSees, http://opensees.berkeley.edu/). The constitu-
tive laws presented above are implemented into a two-dimensional four-node plane strain ele-
ment. This element was coded with C++ language and added into the OpenSees. OpenSees was 
developed by Pacific Earthquake Engineering Research Center (PEER, 2000) as a software 
framework to create models and analysis methods to simulate structural and geotechnical sys-
tems in earthquake loading. The soil properties for the model are assumed as homogeneous in 
two dimensions. The element shear modulus and the damping ratio are determined by the shear 
strain of the element at each time step. An iterative process in each increment is performed until 
the shear modulus and the damping ratio are compatible with the shear strain level.  

 
Validation of the Soil Model 

 
A case study was used to analyze the ground response of the Treasure Island (TRI) site for the 
1989 Loma Prieta Earthquake along the San Andreas faults in the Santa Cruz area (Ms = 7.1). 
The earthquake records were obtained at ground surface on fill material underlain by San Fran-
cisco Bay sediments and at the rock outcrop of adjacent Yerba Buena Island (YBI), which is lo-
cated approximately 2 km south of the TRI. Both islands are located in the center of the San 
Francisco Bay, approximately 70–75 km northwest of the epicenter. Since the locations of TRI 
and YBI are in close proximity, it is reasonable to assume that the YBI and TRI records are rep-
resentative of the same geological location. The records in YBI can be assumed as the motions at 
rock base, and those in TRI are the motions at ground surface. The peak ground acceleration 
(PGA) of the strong motion records ranged from 0.067 g at the rock outcrop to 0.16 g at the soil 
surface (90° component), and from 0.029 g at the rock outcrop to 0.1 g at the soil surface (00° 

component). 
 
The soil profile at the Treasure Island site consists of approximately 13 m of sandy fill, which is 
underlain by approximately 16 m of Young Bay Mud. Below the Young Bay Mud are alternating 
layers of dense sand, and Old Bay Mud to a depth of approximately 89 m. Weathered shale ex-
tends from this depth to approxiamtely 98 m where the more competent sandstone is encoun-
tered, as shown in Figure 3.13 (Gibbs et al. 1992). The measured and estimated soil properties 
are based on Matasovic (1993).  
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Figure 3.13 Soil profile and shear wave velocity measured at Treasure Island by the USGS. 

 
Both the 90° and 00° component recorded motions at Yerba Buena Island are used as the input 
motion at the base of the soil column. The calculated surface motions are compared with the re-
corded motion obtained at Treasure Island surface, and also compared with the surface motion 
calculated by using SHAKE. The comparisons are made in terms of 5% damping response spec-
tra, as shown in Figure 3.14. 
 
Figure 3.14 indicates that the new soil model provides a good prediction of the acceleration spec-
trum. For the 90° component, the result of the new model matches the whole response spectrum 
very well except for underestimating the value at the predominant area and giving a better pre-
diction when compared to SHAKE. For the 00° component, even though there is a small shift on 
the peak values, the new model provides better overall results when compared to SHAKE. 
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(a) 90° component                                            (b) 00° component 

Figure 3.14 Recorded versus computed response spectra at Treasure Island.  
 

5% Damping 
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Application to the NMSZ Bridge Sites 
 
The soil model validated above was applied to analyze the response at L472 site on interstate 
highway I-55, near Steele, Missouri. Based on the 1949 logs of the New Madrid test Well 1-X 
(Crone, 1981), which is 25 km (15.5 miles) away from the L472 site, the thickness of the sedi-
ment at the study sites was estimated at approximately 600 m (1970 ft), which is close to the 
depth (650–720 m) estimated from the wells nearby. 

 
Detailed Analysis at L472 Site   

 
The shallow shear wave velocity profile used was based on cross-hole geophysical testing data 
measured (max. depth of 50 m) at the study site. One of the challenges in ground response analy-
ses of deep soil sites is to directly measure the Vs at greater depths. Soil extends to depths of ap-
proximately 600 m at this site, which makes it practically impossible to obtain direct measure-
ments. For the Hayti site, the portion of the Vs profile deeper than 50 m (164 ft) was adopted 
from the work by Romero et al. (2001), where several deep wells in the Mississippi Embayment 
area (near Memphis) were compiled. The composite Vs profile used in the ground response 
analysis is shown in Figure 3.15. 

 
The rock motions that were synthesized with the composite source model and presented in Chap-
ter 2 are used in this chapter as inputs to the site response analysis. These motions were obtained 
at the rock surface that is approximately 600 m below the soil ground surface. Specifically, the 
synthetic motion corresponding to an Mw 6.5 event with a PGA of 0.148 g was chosen as the in-
put motion at the rock base to estimate the effects of deep soils. 
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Figure 3.15 Vs profile used in the analysis. 

 
The site response analysis was performed using both the new soil model and the SHAKE pro-
gram for comparison. Figure 3.16 shows the spectra with the different degrees of amplification at 
a period of approximately 1.5 seconds. Two different cases were studied using SHAKE. In the 
first case, designated as SHAKE1, Vucetic and Dobry’s modulus degradation curves and damp-
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ing curves in SHAKE’s database were used for every layer of the soil profile. Those curves are 
usually obtained at low confining pressure (100–200 kPa). Therefore, this analysis represents the 
simulation without considering the effect of the confining pressure. In the second case, desig-
nated as SHAKE2, the modulus degradation curves and the damping curves are calculated based 
on the location of the soil layer by using Equations 3.9 and 3.10. The effect of the confining 
pressure on the site response analysis is considered in this analysis. These three analyses are 
compared in Figure 3.16 and Table 3.14.  
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Figure 3.16 Comparison of the computed response spectra. 

 
Table 3.14 Comparison of PGA values from different analyses. 

Motions PGA (g) 

Synthetic rock motion 0.148 

Ground motion (new model) 0.259 

Ground motion (SHAKE1) 0.133 

Ground motion (SHAKE2) 0.374 
 

As shown in Figure 3.16 and Table 3.14, the results from SHAKE1 tend to deamplify the input 
motion, especially for high-frequency responses. However, the results from SHAKE2 and the 
new model show a significant amplification to the input motion. Figure 3.17 shows the distribu-
tion of three response parameters along the depth of the soil profile: maximum shear strain, 
minimum G/Gmax, and maximum damping. From Figure 3.17(a), it can be seen that the maxi-
mum shear strain of soil elements below 100 m is less than 4 × 10-4. Below this depth, the con-
fining pressure is at least 1000 kPa. At this small strain level, the sandy soil does not show much 
modulus degradation and is still in elastic range, as Figure 3.17(b) indicates. Therefore, the level 
of damping is small in this analysis, as shown in Figure 3.17(c). However, when the experimen-
tal curves, such as Vucetic and Dobry’s curves, are used, the soils at this strain level still have 
large modulus degradation, corresponding to larger damping that must be used in the analysis. 
Therefore, ignoring the influence of confining pressure on site response analysis will signifi-
cantly underestimate the ground response in deep soil sites. Figure 3.17(a) also shows that more 
than 10-3 strain was induced at the near surface soils (< 60m depth). These shallow soils consist 
of silts, sands, and low plastic soil that have high potential for liquefaction. Therefore, the sur-
face soil likely has liquefied as indicated by the simulated results. More damping may be in-

5% Damping Synthetic Input Motion 
Computed at Surface (New Model) 
Computed at Surface (SHAKE1) 
Computed at Surface (SHAKE2) 
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volved in the site response analysis in the process of excess pore water generation and large 
strain. This effect will be considered in the following sections. 
 

 
(a) Max. shear strain (b) Min G/Gmax (c) Max. damping ratio 

Figure 3.17 Soil response profile. 
 

The study site at Bridge L472 is only 10.9 km away from the southwestern segment fault. The 
rock motions generated at this site have significant near-field components. For the chosen mo-
tion, the displacement time-history at rock is given in Figure 3.18(a). It shows an apparent pulse 
followed by a 0.1 m fling step. However, when the input motion was propagated through the 600 
m soil column to the ground surface, both the pulse effect and the fling step disappear, as shown 
in Figure 3.18(b). These observations are attributable to the flexibility and damping effect of 
deep soils. They are in agreement with the lack of evidence of surface ground rupturing due to 
previous earthquakes in the NMSZ. 
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 (b) Ground surface motion 

Figure 3.18 Displacement time-histories at L472 site. 
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Simulated Versus Observed Near-Field Ground Motions  
 
More site response analyses were done with different rock motions as input. In this section, the 
simulated near-field ground motions are compared to several near-field strong-motion records 
from recent earthquakes in Turkey (Kocaeli and Duzce) and in Taiwan (Chi-Chi). All data that 
follows was obtained from the PEER web site (PEER Strong Motion Database: 
http://peer.berkeley.edu/smcat/search.html). The Kocaeli Earthquake (MW 7.4) occurred on 
August 17, 1999. Its epicenter was located at (40.702° N, 29.987° E). The Duzce Earthquake 
(MW 7.1) occurred on November 12, 1999, and the epicenter was located at (40.768° N, 31.148° 
E). The fault mechanism of the Kocaeli Earthquake was right-lateral strike-slip, while that of the 
Duzce Earthquake was oblique with a dominant right-lateral strike-slip component. Both 
earthquakes produced high quality strong-motion records, the most significant having been those 
at Duzce station (DZC) located at (40.85° N, 31.17° E), where forward directivity conditions 
were met (Elnashai, 2004). The soil at that station is classified as soft soil corresponding to Class 
C of the USGS’ site classification. The closest distance to the fault rupture was 12.7 km (7.9 
miles) for the Kocaeli Earthquake, and 8.2 km (5.1 miles) for the Duzce Earthquake. Therefore, 
it would be appropriate to compare the data from both earthquakes against the simulations at 
A1466 site whose closest distance to the southwestern segment of the NMSZ (a right-lateral 
strike-slip fault) is 10.9 km (6.8 miles). This site has been previously classified as Class D. 
 
The 5% damping response spectra of the ground motions recorded at DZC station from the 
Kocaeli Earthquake are compared with their corresponding spectra of the simulated near-field 
ground motions (simulations #22, #48, and #56 in Appendix 1) at A1466 site from MW 7.5. The 
comparison is shown in Figures 3.19 through 3.21 for the fault-parallel, fault-normal, and 
vertical components of motion, respectively. The simulated motions are significantly higher for 
all components because of several reasons: First, their tectonic environments are different. The 
Marmara Sea region of the North Western Anatolia is an interplate source, while the NMSZ is an 
intraplate source that is characterized by a large stress drop and a short rise time. Second, the site 
characteristics are quite different from one case to another. Approximately 600 m (1970 ft) of the 
Mississippi Embayment lay beneath the A1466 site whose average shear wave velocity in the 
upper 30 m (100 ft) is estimated to be around 207 m/sec (609 ft/sec). The corresponding velocity 
at the DZC station site, however, is between 360 and 760 m/sec (1200–1500 ft/sec). 
Contributions from soil amplification at long periods above 1.0 sec are included at both sites. 
However, soil amplification at A1466 site, being softer than the DZC site, is expected to be 
significantly higher, as can be inferred from the comparison between amplification factors of soil 
classes in ATC/MCEER (2001). Third, although liquefaction was associated with the Kocaeli 
Earthquake in many areas, it was not reported at the DZC station (EERI, 2000). On the other 
hand, contribution from liquefaction at A1466 site has also a remarkable influence in the 
resulting response spectra. Fourth, the rupture of the North Anatolia fault of the Kocaeli 
Earthquake was bilateral with the fault breaking both to the west and to the east, propagating 
approximately 30 km (19 miles) and 90 km (56 miles), respectively (Elnashai, 2004). Therefore, 
forward directivity effect is less pronounced at the DZC site as compared to the A1466 site 
where the southwestern segment of the NMSZ is assumed to rupture unilaterally toward the site. 
Finally, the closer distance to the fault rupture and the slightly higher MW contribute more to the 
spectra at the A1466 site. 
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Figure 3.19 Recorded versus simulated fault-

parallel component (MW 7.5).                
Figure 3.20 Recorded versus simulated fault-

normal component (MW 7.5). 
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Figure 3.21 Recorded versus simulated vertical component (MW 7.5). 

 
Similarly, the 5% damping spectral accelerations at the DZC station are compared with their 
corresponding spectra of the simulated near-field ground motions (simulations #12 and #59) at 
A1466 site from MW 7.0 where the two orthogonal horizontal motions for both cases, with and 
without liquefaction, are compared. The comparison is shown in Figures 3.22 through 3.24 for 
the fault-parallel, fault-normal, and vertical components of motion, respectively. In general, the 
simulation results are in fair agreement with the observed records particularly when liquefaction 
is not taken into account, which represents the actual site conditions at the DZC station. This is 
attributed to the influence of rupture directivity that is much less pronounced for the case of MW 
7.0 as compared to MW 7.5. For the case of no liquefaction, the spectra of the two horizontal 
components in Figures 3.22 and 3.23 are in good agreement with that of the DZC record at 
periods more than 1.0 second. However, their peaks are shifted toward short periods as compared 
to the DZC record especially for the fault-parallel component (from 0.4 sec to 0.1 sec). 
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Figure 3.22 Recorded versus simulated fault-parallel component with and without liquefaction 

(MW 7.0). 
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Figure 3.23 Recorded versus simulated fault-normal component with and without liquefaction 

(MW 7.0). 
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Figure 3.24 Recorded versus simulated vertical component (MW 7.0). 
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The Chi-Chi Earthquake (MW 7.6) occurred in Taiwan on September 20, 1999, along the 
Chelungpu reverse fault. The ground motion records at three stations, TCU052, TCU068, and 
TCU129 were selected for comparison. The first two stations, TCU052 and TCU068, are located 
in the northeast hanging wall side of the Chelungpu fault where strong-motions were recorded. 
The peak ground velocity reached as much as 2.66 m/sec and 3.84 m/sec at TCU052 and 
TCU068, respectively. In contrast, at TCU129 station in the southern footwall side of the fault, 
the peak ground velocity was only 0.79 m/sec, while the peak ground acceleration was more than 
1.0 g. According to the NEHRP’ site classification, the soft soil sites at all three stations are 
classified as Class C. The closest distance to the fault rupture was 0.24 km (0.15 mile) for 
TCU052 station, 1.09 km (0.68 mile) for TCU068 station, and 1.18 km (0.73 mile) for TCU129 
station. Therefore, it would be appropriate to compare the data of those stations to the 
simulations at IS55 site, assumed as a Class D site, whose closest distance to the Reelfoot fault (a 
reverse fault) is 5.0 km (3.1 miles). The 5% damping response spectra for TCU052, TCU068, 
and TCU129 motions from the Chi-Chi Earthquake are compared with the corresponding spectra 
of the near-field ground motions with MW 7.5 at IS55 site. Since the IS55 site is originally 
outside the scope of the proposed research work described in this report, the site characterization 
and response analysis were not performed even though 100 rock motions were simulated. 
Instead, the ground motions are obtained by applying the soil coefficients of Class D to the 
average of the 100 rock spectral accelerations at 0.2 and 1.0 seconds. The comparison is shown 
in Figures 3.25 and 3.26 for the fault-parallel and fault-normal components of motion, 
respectively. It can be seen that the spectra of the two horizontal components are in good 
agreement with those of the TCU052 and TCU068 stations’ records at periods more than 1.2 sec, 
while the records at TCU129 station are significantly lower because the directivity conditions are 
not met as the station is located on the footwall of the Chelungpu fault. However, the simulated 
spectra in the intermediate and short period ranges are significantly higher than all records, an 
issue that may be related to the use of site coefficients. 
 

Fault-parallel

0.0

1.0

2.0

3.0

0 1 2 3 4
Period (sec)

Sp
ec

tra
l A

cc
el

er
at

io
n 

(g
)

 TCU052
 TCU068
 TCU129
 This study

 

Fault-normal

0.0

1.0

2.0

3.0

0 1 2 3 4
Period (sec)

Sp
ec

tra
l A

cc
el

er
at

io
n 

(g
)

 TCU052
 TCU068
 TCU129
 This study

 
Figure 3.25 Recorded versus simulated fault-

parallel component (MW 7.5).                
Figure 3.26 Recorded versus simulated fault-

normal component (MW 7.5). 
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Comparison With NCHRP and AASHTO Guidelines 
 
The average of the five spectral accelerations of the two horizontal ground motions was 
compared with its corresponding spectra in the recommended LRFD Guidelines for seismic 
design of highway bridges resulting from the NCHRP 12-49 project (ATC/MCEER, 2001) and 
with the AASHTO’s Seismic Design Division I-A (AASHTO, 1996). This is illustrated in 
Figures 3.27 and 3.28 from rupture scenarios of the southwestern segment at L472 and A1466 
sites, respectively. In Figure 3.27, the fault-parallel component at L472 site is slightly higher 
than the NCHRP curve for periods more than 1.75 sec, while the fault-normal component is 
remarkably higher at all periods above 0.1 sec due to forward rupture directivity effect in three 
out of the five ground motions. For the spectra shown in Figure 3.28, however, both horizontal 
components at A1466 site are remarkably lower than the NCHRP curve for periods less than 1.4 
sec, while the fault-parallel component is significantly higher at periods above 2.5 sec. These 
results are due to soil amplification. Both horizontal components of motion are amplified slightly 
at periods above 1.0 sec with the fault-parallel component alone undergoing significant 
amplification at periods above 2.5 sec due to liquefaction. They can be confirmed by comparing 
simulation #12 at A1466 site from an MW 7.0 earthquake in Figure 3.22 for the cases with and 
without liquefaction at periods above 3.0 seconds. On the other hand, as illustrated in Figures 
3.27 and 3.28, the AASHTO curve is a lower bound as the acceleration coefficient used in 
determining the spectra is relatively small since it is selected based on an older version of the 
USGS’ hazard maps. 
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Figure 3.27 Simulations at L472 site from rup-

ture of the southwestern segment versus 
AASHTO and the NCHRP 12-49 project.      

   Figure 3.28 Simulations at A1466 site from 
rupture of the southwestern segment versus 
AASHTO and the NCHRP 12-49 project.  

 
LIQUEFACTION OF FOUNDATION SOILS 
 
Liquefaction of shallow, saturated silts and sands can cause destructive damage to structures. 
Many methods have been developed to evaluate the site liquefaction potential using in situ test-
ing, laboratory testing, and numerical modeling methods. In situ tests are simple, direct, and 
widely employed. Seed (1979) developed a simplified procedure to evaluate liquefaction poten-
tial based on SPT N1 value. A classical chart for liquefaction resistance prediction was developed 
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by Seed et al. (1985) based on the normalized SPT (N1)60 value for clean sands during a magni-
tude 7.5 earthquake. Youd et al. (2001) corrected the (N1)60 to (N1)60cs accounting for the influ-
ence of fine contents. Roberson and Campanella (1985) and Seed and DeAlba (1986) determined 
the liquefaction resistance of clean sand by correlating CPT and SPT resistance. Roberson and 
Wride (1998) provided curves from CPT data to determine liquefaction resistance directly for 
clean sands by compiling the case histories provided by Stark and Olson (1995) and Suzuki et al. 
(1995). They also approximated the curves by using equations accounting for the influence of 
fine contents. Stokoe et al. (1988) developed a chart to evaluate the liquefaction potential using 
shear wave velocity and peak ground acceleration. Andrus and Stokoe (1997) proposed a rela-
tionship between normalized shear wave velocity and cyclic resistance ratio. This relationship 
was developed by specifying the constant coefficients and upper limit shear wave velocity for 
different fine contents (Andrus and Stokoe, 2000). Becker Hammer test results were used to 
evaluate the liquefaction potential (Harder and Seed, 1986). Youd et al. (2001) summarized all 
the foregoing methods and proposed a simplified procedure, which is employed in this section as 
a preliminary evaluation of liquefaction potential. 
 
The Mississippi Embayment is one of the largest soil deposits in North America that is suscepti-
ble to liquefaction. The deposits extend to depths never explored by geotechnical engineers (> 
600 m). The NMSZ has experienced liquefaction during past earthquakes. There is considerable 
evidence of paleoliquefaction in this area. Sand blows can be easily found. The presence of sand 
blows indicates that liquefaction tends to recur in this area and would most likely occur during a 
future earthquake. In order to study liquefaction potential at the two bridge sites in the NMSZ, 
five different field tests were carried out: SPT, CPT, SCPT, SASW, and cross-hole testing. The 
correlations between liquefaction potential and different test results were employed using a sim-
plified procedure (Youd et al., 2001). 
 
Evaluation and Comparison of Liquefaction Resistance Using Different Field Tests 
 
When an earthquake cyclic shear wave propagates from the bedrock through the upper loose 
sands and sandy silts, the volume of sand and sandy silt layers tend to decrease to induce the 
generation of pore pressure. The excess pore water pressure decreases the effective confining 
pressure during the undrained shaking process. When the effective stress reduces to zero, lique-
faction occurs. At the two bridge sites under study, the ground water level is approximately 3 m 
(10 ft) from the level ground surface. There are silt and loose to medium sand layers below the 
ground water whose (N1)60 are low (< 20). These two typical characteristics make the two bridge 
sites prone to liquefaction during a high magnitude earthquake.  

 
An earthquake of magnitude 7.5 was used for the liquefaction study. There are several faults in 
the NMSZ, three of which are very close to the bridge sites. The closest is only 3.7 km (2.3 
miles) from L472 site and 10.9 km (6.8 miles) from A1466 site. Romero and Rix (2001) ana-
lyzed the site response in the NMSZ. They found the maximum PGA to be approximately 0.267 
g for earthquake magnitude 6.5 within 10 km (6.2 miles). The current study selected peak accel-
erations of 0.1 g, 0.3 g, and 0.5 g for preliminary liquefaction evaluation. 

 
Seed (1979) listed five main factors which are known or assumed to have a similar effect on SPT 
N1 value and liquefaction potential: grain characteristics, relative density, soil structure, strain 
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history, and overconsolidation. For this project, only the shallow soils, approximately 19 m (60 
ft) deep, are of concern. The stress history and overconsolidation effects can be ignored. There-
fore, only the other factors are considered for liquefaction evaluation. Holocene alluvial or flu-
vial sediments compose the upper layers of soil at the two bridge sites. Silty sand and sand are 
present at depths less than 15 m (50 ft). Therefore, the simplified procedure presented by Youd et 
al. (2001) was employed to evaluate the liquefaction resistance using SPT, CPT, and shear wave 
velocity. In order to compare and validate the results using different test results, typical test data 
obtained at very close locations was selected to estimate the liquefaction potential. The liquefac-
tion potential at adjacent boreholes and CPT soundings B2 and P3 at A1466 site, referred to as 
AB2 and AP3 for clarity, and B3 and P3 at L472 site, or LB3 and LP3, were evaluated below. 
 
Following the simplified Seed and Idriss procedure (1971), the cyclic stress ratio was estimated 
by: 
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in which maxa is the peak horizontal acceleration at ground surface generated by the earthquake 
(in g’s), 0vσ  is the total vertical overburden stress, '

0vσ  is the effective vertical overburden stress, 
and dr  is the stress reduction coefficient. 
 
On the other hand, the cyclic resistance ratio can be determined in three ways from available 
subsurface information. Using available SPT data, it can be expressed as: 
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in which (N1)60cs = α + β (N1)60, α and β are related to the fine contents (Youd et al., 2001). Using 
available QT data, it can be expressed as: 
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in which csNcq )( 1  is the clean-sand cone penetration resistance normalized to approximately 100  
kPa (1 atm) (Roberson and Wride, 1998). Using available shear wave velocity data, it can be ex-
pressed as: 
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in which 1sV  is the overburden-stress corrected shear wave velocity, *
1sV  is the limiting upper 

value for liquefaction occurrence, and a, b are the curve fitting parameters (Andrus and Stokoe, 
2000). 
 
At the selected locations of both sites, the safety factors against liquefaction determined from 
SPT and CPT testing, Equations 3.13 and 3.15, are plotted as a function of depth in Figure 3.29. 
Those based on SCPT, SASW, and cross-hole tests, Equations 3.14 and 3.15, are shown in Fig-
ure 3.30. 
 

 
  (a) AB2 and AP3 at A1466 site                  (b) LB3 and LP3 at L472 site 

Figure 3.29 Liquefaction resistance based on SPT and CPT. 
 

 
(a) AS2 and cross-hole at A1466 site                    (b) LS2 and SASW at L472 site 

Figure 3.30 Liquefaction resistance based on cross-hole, SCPT, and SASW tests. 
 

It can be seen from Figures 3.29 and 3.30 that the liquefaction resistance decreases with the peak 
ground surface acceleration. At A1466 site, sandy silts and sands are likely to liquefy at ap-
proximately 6–12 m (20–40 ft) below the level ground surface. At L472 site, liquefaction is most 
likely to occur in the sand and silt at approximately 8–15 m (25–50 ft) below the ground surface. 
They are the soil layers with the lowest (N1)60.  



   72

Figure 3.29 indicates that the predicted liquefaction potential based on CPT and SPT agrees very 
well at both sites. When the PGA is larger than 0.3 g, liquefaction will occur. When the PGA is 
smaller than 0.1 g, liquefaction will not happen. From Figure 3.30, similar phenomena can be 
observed at A1466 site. At L472 site, however, when PGA is larger than 0.1 g, liquefaction will 
likely occur based on SCPT data but not with SASW tests. The liquefied soil layers based on the 
shear wave velocity, SPT, and CPT are the same at both sites. 
 
The above evaluation also indicates that the fine soils above the ground water table may liquefy, 
which is not reasonable. This means the simplified procedure is on the conservative side. The 
liquefaction potential based on the shear wave velocity is more conservative than that based on 
SPT and CPT data. Other factors such as overconsolidation and aging, which were not accounted 
for in the simplified evaluation procedure, may also affect the liquefaction resistance of soils. 
 
Liquefaction Modeling of Soils in the NMSZ 
 
Cyclic shear loading during earthquakes can cause a tendency for volumetric contraction of 
granular materials. If the pores of the granular material are filled with incompressible water, and 
if the water cannot escape during the period of shaking, the tendency for volume change will 
transfer from the soil skeleton to the water, causing a rise in pore water pressure and a reduction 
of the effective stress. As the effective stress reduces, the modulus of the soil is reduced and the 
shear strain is increased. When the effective stress drops to zero, the soil will behave as a viscous 
liquid. The loss of lateral soil support and the large lateral displacements due to liquefaction may 
damage the adjacent pile foundations commonly seen in bridge foundations. Failures of piles and 
pile-supported structures due to liquefaction have been found during many cases including the 
1965 Alaska, the 1989 Loma Prieta, the 1995 Kobe, and the 1999 Chi-Chi earthquakes. The re-
cent assessment of two sites (four bridges) in the NMSZ (Anderson et al., 2001) also showed that 
the bridge foundation soils at these sites are very likely to experience liquefaction for a 2% prob-
ability of exceedance in 50 years earthquake scenario.  

 
This section of the report presents a rational numerical approach to simulate the pore water pres-
sure generation of the near surface soil layers in the NMSZ. However, the NMSZ bedrock was 
formed 500 million years ago and deep alluvial soil sediments are widespread within the Missis-
sippi Embayment. The propagation of seismic waves was transmitted to the surface soils using a 
site response finite-element program and soil model presented in the previous section. Based on 
this model, a two-parameter pore water pressure generation model, based on the widely used 
Byrne model (1991), is loosely coupled to study possible liquefaction near the surface. The 
model is incorporated into the two-dimensional finite-element code, and the wave propagation 
equations are solved in discrete time increments in the time domain. A case study was used in the 
development of the model to predict the response at the Wildlife site in California where lique-
faction occurred during the 1987 Superstition Hills Earthquake. Comparison between the re-
corded ground motions and pore pressure measurements with the simulated results served as 
model verification. Finally, the new model is used for the site response and liquefaction analysis 
at the A1466 and L472 highway bridge sites. 
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Pore Water Pressure Generation Model 
 
Dynamic shear stresses and shear strains generated during an earthquake can cause slip at sand 
grain’s contact. This slip, in dry loose sand, leads to volumetric compaction under earthquake 
loading. For saturated sand, the volumetric compaction causes increasing of the pore water pres-
sure. Based on the cyclic simple shear tests for dry sand, Martin et al. (1975) first presented a 
simple effective stress analysis approach to consider the pore pressure generation in cyclic load-
ing. The basis of this approach is an equation linking the increment of volumetric strain per cycle 
with the shear strain occurring during that particular cycle. That is: 
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in which vεΔ  is the volumetric strain increment for a given cycle depending on the total accumu-
lated volumetric strain vε  from previous cycles, γ  is the shear strain at that load cycle, and C1, 
C2, C3, and C4 are constants depending on the sand type and relative density. 
 
However, this formulation as discussed by Byrne (1991) was unnecessarily complex and gener-
ally unstable. He simplified Equation 3.18 into a two-parameter pore pressure buildup model: 
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where C1 and C2 are constants to control the amount of volumetric strain. 
 
The value of these constants can be empirically determined from the relative density rD or the 
normalized penetration value 601 )(N  (Byrne, 1991) by 5.2

1 )(7600 −= rDC  or 25.1
6011 )(7.8 −= NC . 

The parameter C2 has been found to be a constant fraction of C1 or 12 /4.0 CC = . Therefore, the 
fundamental incremental shear volumetric strain coupling equation involves only one constant, 
C1, which makes the model practical for engineering applications. 
 
In order to apply this model to an earthquake problem, the above equation can be written in the 
incremental form by assuming that the volumetric strain develops linearly with shear strain dur-
ing any half cycle (Byrne and Mclintyre, 1995), which can be represented by: 
 

1 20.25 exp( ( ))v
vd C d C εε γ

γ
= −     (3.20) 

 
Since the strain sequence is not known ahead of time for the earthquake problem, γ  is assumed 
as the largest strain in the current or previous cycle, whichever is larger. From the cyclic shear 
tests, it was found that there was a threshold shear strain below which plastic volumetric strain or 
pore water pressure would not occur. In order to account for the effect of the threshold strain, the 
shear strain, γ , in Equation 3.20 is substituted by plastic shear strain, *γ , as follows: 
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*
tγ γ γ= −       (3.21) 

 
where tγ  is the threshold strain. The value of the threshold strain is around 0.01% based on the 
results of the cyclic shear tests (Youd, 1972; Dobry et al., 1985). After the incremental change in 
volumetric strain is determined, the incremental change in pore water pressure can be obtained as 
follows: 
 

     vMddu ε=       (3.22) 
 

in which M is the constrained rebound effective stress tangent modulus of the soil skeleton, 
which can be determined by: 
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where Pa is the atmosphere pressure or the reference pressure, '

vσ  is the effective overburden 
stress, and Km  and m are parameters to calculate the modulus. The value of Km = 1600 and m = 
0.5 agreed well with the data of liquefaction tests (Byrne, 1991).  

 
The model presented in this section is loosely coupled into the nonlinear soil model. At the end 
of each time step, the pore water pressure is updated based on the increment of shear strain of 
this step. The soil modulus is also updated to consider the effect of the pore water pressure as: 
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where Gt is the maximum shear modulus, and u is the excess pore water pressure at the current 
time step. The constrained rebound modulus, M, is also updated based on the effective overbur-
den stress level. 
 
Field Verification 
 
The pore water pressure generation model described above was verified using the records at the 
Wildlife site during the 1987 Superstition Hills Earthquake (Ms = 6.6). The Wildlife site is lo-
cated in the seismically active area of Imperial Valley, California, 31 km northeast of the epicen-
ter of the 1987 Superstition Hills Earthquake. In situ and laboratory investigations (Bennett et al., 
1984) have shown that the site’s stratigraphy consists of a silt layer approximately 2.5 m thick 
underlain by a 4.3 m thick layer of loose silty sand, underlain by stiff to very stiff clay. The 
ground water table fluctuates within the surface silt layer at a depth of approximately 1.5 m.  
 
The site was instrumented in 1982 by the USGS using accelerometers and piezometers in an ef-
fort to record ground motions and pore water pressures during an earthquake. The liquefaction 
pore pressure array at the Wildlife site consists of two 3-component accelerometers and six elec-
tric piezometers. One accelerometer was mounted at the surface. Another accelerometer was in-
stalled in a cased hole beneath the liquefiable layer at a depth of 7.5 m. Five of six piezometers 
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were installed within the liquefiable sand layer, as shown in Figure 3.31. The dynamic pore wa-
ter pressure was generated and recorded in the Superstition Hills Earthquake. Down-hole and 
surface acceleration time-series were also recorded by the instrumented accelerometers (their 
locations shown in Figure 3.31). Surface and down-hole displacement time-histories were ob-
tained by integration of the acceleration time-histories. 
  

 
Figure 3.31 Cross-section and instrumentation at the Wildlife site (Bennett et al., 1984). 

 
The new model was used to perform the dynamic analysis of the test site. The 7.5 m soil profile 
was divided into 18 finite-elements, as illustrated in Figure 3.32. The down-hole acceleration 
time-history was applied as the base input motion. The dynamic soil properties are obtained from 
the work of Bennett et al. (1984) and the parameter for liquefaction model is estimated from the 
N-value of SPT. The volumetric threshold strain 0.01% was selected for all submerged layers. 
The computed response in term of relative displacement, pore water pressure, and response spec-
tra was compared with the records. 
 
 
 

 

 

 

 

Figure 3.32 Finite-element mesh for liquefaction analysis. 
 

The measured relative displacement between the surface and the stiff base was obtained by sub-
tracting the surface and the down-hole displacement time-history at each time step. The predicted 
relative displacement is calculated from the model and compared with the measured data, illus-

P6

Liquefiable  

Water Table 



   76

trated in Figure 3.33. The comparison shows reasonable agreement only after 15 sec, before 
which the displacement was overpredicted.  
 

 
Figure 3.33 Comparison of measured and predicted relative displacement time-histories. 

 
Figure 3.34 shows the comparison of the predicted and measured pore water pressure ratio, 
which is defined as the pore water pressure normalized with respect to the initial effective over-
burden stress, at piezometer No. 5 (3 m depth). The comparison shows that the predicted pore 
water pressure rise is much faster than the measured. The large increase in pore water pressure 
ratio occurred at around 7 sec and 13 sec, which corresponded to the relative strong shakings in 
the input motion. The predicted relative displacement history also showed that the liquefaction 
was triggered at approximately 13 sec, which is associated with the large relative displacements 
at that moment. However, the measured pore water pressure ratio indicated that liquefaction did 
not occur at this location until approximately 50 sec (Byrne and Mclintyre, 1995) indicating that 
based on the measured relative displacement history, liquefaction in this layer should have been 
triggered at about 13 seconds. The slower measured response is likely due to either compliance 
in the measuring system or to the possibility that liquefaction did not occur simultaneously at all 
points in the instrumented liquefied layer. Other explanations (Thilakaratne and Vucetic, 1989; 
Zeghal and Elgamal, 1994) can be found for the apparent lag in pore water pressure rise. 
 

 
Figure 3.34 Comparison of measured and predicted pore water pressure ratios. 

 
Figure 3.35 shows the comparison of the predicted and measured response spectrum at the sur-
face. The predicted response spectrum is generally smaller than the measured one, especially for 
the low frequency components. The comparison of the relative displacement histories indicated 
that the model overpredicted the relative displacement before 15 seconds. The large displace-
ment corresponded to the large strain and damping in the calculation, which made more energy 
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absorbed and gave a lower value in the predicted response spectrum. Overall, the model can pro-
vide an acceptable outcome with the recorded data.  
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Figure 3.35 Comparison of measured and predicted response spectrum at the surface. 

 
Application to the NMSZ Area 
 
The soil liquefaction model was applied to evaluate the liquefaction potential at A1466 site. 
Based on the subsurface data acquired in this study and the information available at depths be-
yond 60 m (200 ft), the shear wave velocity profile in Figure 3.15 used for the site response 
analysis was also applied for the liquefaction analysis.  
 
At A1466 site, 15 rock acceleration time-histories were synthesized in Chapter 2 from rupture 
scenarios of the southwestern segment fault. Although each set of motions have fault-parallel 
(FP), fault-normal (FN), and vertical (V) components, only two horizontal components were 
considered in the liquefaction analysis. 
  
Both the soil and pore pressure models were used to examine the liquefaction performance of the 
near surface soil layers (around 60 m). Below that, only the nonlinear soil model was applied to 
soil elements. This assumption was made for several reasons: First, from the site response analy-
sis without liquefaction, large strains were observed only at the near surface soils (Zheng and 
Luna, 2004). Second, the parameters for the liquefaction model were determined from the (N1)60 
values and are only available for the top 60 m (200 ft) at the study site. Lastly, the foundation 
piles of Bridge A1466 were extended only into the surface soil layers. Therefore, the liquefaction 
for the deep soil layers was not considered for this study. Based on the borehole logs of the CPT 
test data, the surface soils consist of 5.45 m medium plastic inorganic clay (top), 6.35 m sandy 
silt, and 6.4 m medium dense sand that is underlain by very dense sand layers. The ground water 
table is at a depth of about 3 m within the clay layer. The parameters for the pore water pressure 
generation model in the top 15 m (50 ft) are estimated from the correlated N-value of CPT tests. 
For soils below 15 m, the parameters are estimated from the N-value of SPT tests. All N-values 
were corrected for overburden and energy (1 tsf and 60% energy, respectively). Under the rock 
motions discussed in Chapter 2, the pore water pressure ratios are simulated and summarized in 
Tables 3.15 through 3.17. The pore water pressure ratios at or close to 1.0 are highlighted in the 
tables to indicate when liquefaction is likely to occur. 
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Table 3.15 Liquefaction analysis for Mw = 6.5 earthquake. 
Max Pore Water Pressure Ratio Layer 

No. 
Depth 

(m) 
Soil 

Type FP Direction FN Direction 

Series No. 1 2 3 4 5 1 2 3 4 5 

1 5.5–7.4 Sandy Silt 0.18 0.56 0.16 0.15 0.13 0.18 0.63 0.84 0.96 0.19 

2 7.4–11.8 Loose Sandy Silt 0.30 0.68 0.24 0.25 0.22 0.37 0.76 1.00 1.00 0.31 

3 11.8–18.2 Medium Dense Sand 0.13 0.27 0.11 0.11 0.10 0.13 0.30 0.40 0.46 0.13 

4 18.2–22.5 Dense Sand 0.05 0.16 0.06 0.07 0.06 0.10 0.18 0.23 0.27 0.08 

5 22.5–39.3 Dense Sand 0.03 0.06 0.02 0.03 0.02 0.04 0.07 0.09 0.09 0.03 

 
Table 3.16 Liquefaction analysis for Mw = 7.0 earthquake. 

Max Pore Water Pressure Ratio Layer 
No. 

Depth 
(m) 

Soil 
Type FP Direction FN Direction 

Series No. 1 2 3 4 5 1 2 3 4 5 

1 5.5–7.4 Sandy Silt 0.93 0.98 0.87 1.00 0.38 0.98 0.84 0.97 0.92 1.00 

2 7.4–11.8 Loose Sandy Silt 1.00 1.00 1.00 1.00 0.49 1.00 1.00 1.00 1.00 1.00 

3 11.8–18.2 Medium Dense Sand 0.50 0.56 0.42 0.64 0.21 0.48 0.41 0.49 0.50 0.55 

4 18.2–22.5 Dense Sand 0.33 0.37 0.26 0.48 0.14 0.31 0.26 0.32 0.31 0.38 

5 22.5–39.3 Dense Sand 0.14 0.17 0.10 0.20 0.06 0.13 0.12 0.13 0.12 0.14 

 
Table 3.17 Liquefaction analysis for Mw = 7.5 earthquake. 

Max Pore Water Pressure Ratio Layer 
No. 

Depth 
(m) 

Soil 
Type FP Direction FN Direction 

Series No. 1 2 3 4 5 1 2 3 4 5 

1 5.5–7.4 Sandy Silt 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 

2 7.4–11.8 Loose Sandy Silt 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 1.00 

3 11.8–18.2 Medium Dense Sand 0.85 0.50 0.59 0.55 0.66 1.00 0.60 0.93 0.92 0.66 

4 18.2–22.5 Dense Sand 0.64 0.36 0.44 0.39 0.48 0.84 0.64 0.67 0.65 0.48 

5 22.5–39.3 Dense Sand 0.28 0.19 0.21 0.20 0.22 0.36 0.33 0.32 0.21 0.24 

 
Table 3.15 indicates that liquefaction could happen for magnitude 6.5 earthquakes. The soil layer 
that is susceptible to liquefaction, from 7.4 to 11.8 m, has loose sandy silts. The results in Table 
3.15 also indicate that the fault-normal component is more severe than the fault-parallel compo-
nent since the earthquake scenarios that resulted in soil liquefaction were all in the fault-normal 
direction. This trend can also be found in earthquake scenarios of magnitudes 7.0 and 7.5. Table 
3.16 and Table 3.17 show that the extent (thickness) of the liquefied zone increases with earth-
quake magnitude. It is also observed from these tables that high pore pressure could happen in 
medium/dense sand layers under strong earthquake shaking, such as magnitude 7.5 earthquakes. 
In this case, soil dilation may occur. However, the current pore pressure generation model has 
not taken this into account. Further studies should include this effect in the simulation of pore 
water pressure generation for medium dense to dense sands. 
 
The computed response spectra at the ground surface for analyses with and without liquefaction 
are compared and shown in Figure 3.36. The comparison indicates that more energy is absorbed 
when liquefaction is accounted for in simulations, and a lower acceleration response will be 
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found at the ground surface. These response spectra show less amplification for the case when 
the soil liquefies. This is due to the increased damping and energy loss in the large strain range. 
As indicated in the displacement time-history in Figure 3.37, when liquefaction takes place the 
soil undergoes larger strains for the same ground motion, for Mw 7.5, and this consumes more 
earthquake energy, lowering the acceleration response spectra, as illustrated in Figure 3.36. 
 
A total of 30 ground motions from the site response analysis are summarized in Appendix Table 
A.2. As shown in Figure 3.15, these motions represent the free-field responses of the deep soil 
deposit under rock motions at the two bridge sites that are induced from earthquake scenarios of 
the southwestern segment. They correspond to the 30 rock motions tabulated in Appendix Table 
A.1. 
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(a) Parallel direction    (b) Normal direction 

Figure 3.36 Comparisons of the computed response spectra for motion No. 11. 
 

 
(a) Parallel direction 

 
(b) Normal direction 

Figure 3.37 Comparison of ground displacement time-histories. 
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CONCLUSIONS 
 
A comprehensive summary of the current development in site response analysis and liquefaction 
analysis has been given in this chapter. The determination of the dynamic properties of the soils 
at two bridge sites, site response analysis and liquefaction evaluation were demonstrated. Based 
on a comprehensive field geotechnical exploration program, laboratory tests and numerical simu-
lations, the following conclusions can be drawn: 
1. The low strain shear modulus and damping of the upper 60 m at L472 and A1466 sites were 

evaluated with three test methods, including SCPT (down-hole), SASW, and cross-hole tests. 
SASW tests can be applied to investigate the properties of greater depths of soil deposits than 
SCPT and cross-hole tests. The shear wave velocities obtained using the three methods are 
quite consistent. An empirical correlation between shear wave velocity and SPT N-value at 
the upper 30 m soils was developed. Static laboratory testing was performed including rou-
tine soil classification, permeability, and shear strength tests. Based on the shear wave veloc-
ity, SPT N-values, and shear strength of soils from field and laboratory tests, both sites fall 
into the category of Class D in accordance with the 2000 NEHRP Provisions. 

2. The literature review of tests for dynamic shear modulus and damping ratio shows that con-
fining pressure plays a primary role for cohesionless soils. Plastic index strongly influences 
the shear modulus and damping ratio for cohesive soils. Frequency of loading may influence 
the dynamic properties of all types of soils. Soils within this geologic region extend to depths 
of over 600 m. This makes the characteristics of the entire soil profile above bedrock a chal-
lenge. However, published literature and empirical correlations were applied to infer the 
shear wave velocity profile, shear modulus degradation, damping ratio, and other soil proper-
ties. 

3. A two-dimensional finite-element program was developed using the modified hyperbolic 
model with the extended Masing rules accounting for deep soil effects. The new model was 
calibrated against the Treasure Island site for the 1989 Loma Prieta Earthquake along the San 
Andreas faults in the Santa Cruz area (Ms = 7.1). It was then applied to the selected bridge 
sites in the NMSZ. The near-field effect and the effect of different synthetic ground motions 
were studied due to the deep soil deposits and the proximity of the studied sites to the faults. 
The influence of rupture directivity is much less pronounced for the case of MW 7.0 as 
compared to MW 7.5. The fling step present in a rock motion disappears when it is 
propagated through deep soil deposits to the ground surface. 

4. Based on the site response analyses conducted on deep soils in the vicinity of the NMSZ, 
most of the nonlinear behavior of soils was found in the shallow soils as expected.  Increased 
shear strains and degradation of soil properties were evident in the upper 60 m. This indicates 
that the site characterization and nonlinear properties to evaluate the seismic response of the 
bridge foundations should be focused on these upper soils. Beyond this depth, the sandy soils 
show little degradation in modulus and remain in elastic range under earthquake loading due 
mainly to the effect of confining pressure. Below 60 m, the measurement of soil properties 
can also be limited to low strain methods. Neglecting the influence of confining pressure on 
site response analysis will significantly underestimate the ground response in deep soil sites. 

5. For the case of no liquefaction, the spectra of the two simulated horizontal components are in 
good agreement with that of the DZC record during the Turkey Earthquake, at periods larger 
than 1.0 second. However, their peaks are shifted toward short periods as compared to the 
DZC record, especially for the fault-parallel component. In comparison with the 
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recommended LRFD Guidelines for the seismic design of highway bridges, the fault-normal 
spectral accelerations of the simulated ground motions are slightly higher within 10 km from 
the causative fault. However, the geometric average of the fault-normal and fault-parallel 
components agrees well with the LRFD Guidelines. When the site is away from the fault by 
10 km or more, the near-field effect decreases and the simulated results are likely to give 
lower spectral accelerations, particularly in short periods. 

6. A loosely coupled two-parameter pore water pressure generation model was incorporated 
into the two-dimensional finite-element code and used to study possible liquefaction near the 
surface. The model was calibrated against the case history of the Wildlife site in California 
where liquefaction occurred during the 1987 Superstition Hills Earthquake. This new model 
and empirical methods were used for the site response and liquefaction analysis at A1466 and 
L472 sites. Liquefaction could happen for magnitude 6.5 or larger earthquakes. The extent of 
the liquefied zone increases with the increase of the earthquake magnitude. Due to liquefac-
tion, the strain in soils becomes larger, the acceleration at the ground surface is lowered, and 
the deformation in soil medium is increased. Based on the simplified and conservative proce-
dure for the evaluation of liquefaction potential, both sites are likely to liquefy when the peak 
ground acceleration is larger than 0.1 g. 
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CHAPTER 4. EMBANKMENT RESPONSE AND MITIGATION 
 
 
SEISMIC PERFORMANCE OF EMBANKMENTS 
 
Introduction 
 
The permanent deformations that occur to an approach embankment of a bridge during an earth-
quake event are important in maintaining the safety of the bridge structure. If large deformations 
occur, the bridge has “failed” since it cannot be used for its designed purpose. Lateral spreading 
of the approach embankment and its supporting soils may damage or move the abutment support 
and the bridge foundations and reduce or destroy the ability of the foundation to carry load. 
Large displacements may occur during an earthquake to make the embankment fail or lose its 
function. Quantifying earthquake-induced deformations is one of the challenges in geotechnical 
earthquake engineering. 
 
There are a number of methods to analyze the seismic stability of slopes that include both limit 
equilibrium and deformation analysis. They are: 

• Pseudostatic analysis 
• Newmark sliding block analysis  
• Makdisi-Seed analysis 
• Stress-deformation analysis 
• Physical modeling (shake table testing) 

 
The simplest and most straightforward method to evaluate the seismic slope stability is the pseu-
dostatic analysis. However, there is evidence that the pseudostatic analysis procedure does not 
correctly analyze certain embankments. For example, the Kitayama Dam failed by sliding during 
the Kobe Earthquake even though it had been designed using pseudostatic analysis.  
 
Newmark (1965) first modeled the soil displacement under cyclic loading as a rigid block trans-
lating on an inclined plane. Makdisi and Seed (1978) extended Newmark’s approach to include 
the structural response of moderately high embankments. Ambraseys and Menu (1988) modified 
the Newmark’s approach by considering the effect of small yield acceleration. Rathje and Bray 
(1999) reviewed the Newmark type of deformation analysis. More complicated numerical analy-
sis approaches using different nonlinear soil models have been applied recently. Finn et al. 
(1986) used a nonlinear hysteretic stress-strain soil model in the finite-element program TARA-
3. The Martin-Finn-Seed approach (MFS) (Martin et al., 1975) was combined into a nonlinear 
hyperbolic stress-strain soil model to calculate pore pressure and liquefaction  (Finn et al., 1999). 
Wu (1998, 2001) modified the unloading-reloading modulus in the MFS model and developed a 
numerical analysis program entitled VERSAT. Some elastic-plastic models using Biot’s coupled 
equations were developed for pore pressure and deformation calculation. The representative 
codes are DYNAFLOW (Prevost, 1981), DYSAC2 (Muraleetharan et al., 1988), and 
SWANDYNE4 (Zienkiewicz et al., 1990a, 1990b).  
 
Each approach has its advantages and limitations. The simple approaches have been widely used 
and have the advantage of relatively simple input and procedure. However, they may not capture 
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some important mechanisms of soil behavior. The complicated approaches are formulated logi-
cally and account for most of the mechanisms of soil behavior, such as the coupling of solid de-
formation and fluid pressures. However, imprecision does result from simplifications in the con-
stitutive model and, perhaps more important, uncertainty in the material properties and stratigra-
phy. While some of these tools are gaining acceptance, they are generally beyond the state of 
practice. 
 
Due to the complexity of the problem, the objective of these analyses is focused on predicting 
general deformation patterns and approximate estimates of displacement magnitudes. Rather 
than precise predictors of displacement, these analyses tools are best used for understanding the 
potential behavior of the embankment and evaluating the relative effectiveness of remedial 
measures. In this study, the empirical methods including Newmark (1965), Ambraseys and Menu 
(1988) numerical analysis using FLAC, and shake table testing were performed to analyze the 
seismic performance of the approach embankment at Bridge A1466. 
 
Stability of Approach Embankments 
 
The embankment at Bridge A1466 was chosen for the study. This is because this bridge has the 
embankment constructed above the surrounding ground level at both ends, and the embankments 
are composed of only one type of soil. This allows them to be easily modeled by the shake table 
test. Bridge L472 has no embankments above the surrounding ground elevations. The explora-
tory borings, the cone penetration (CPT), and the seismic cone penetration (SCPT) were con-
ducted at both the top and bottom of the embankments. Bridge A1466 supports vehicular traffic 
on interstate highway I-55. The southern embankment materials are primarily clay and silt. The 
northern embankment consists of clay. The slope of the southern embankment at Bridge A1466 
is 2 horizontal: 1 vertical.  
 
Samples were taken from borehole B2 through the embankment. Water content, Atterberg limits, 
and triaxial shear tests were conducted. Cone penetration tests were conducted nearby as well. 
The shear wave velocity was measured using the seismic cone penetrometer. The soil was classi-
fied as CL based on the ASTM standard. The parameters used to model the behavior of the em-
bankment in this study are shown in Table 4.1. 
 
Although pseudostatic methods are frequently used to model seismic slope stability, the proce-
dure was not used in this study. The decision was made to conduct more rigorous procedures that 
more closely reflect the state-of-the-art in seismic analysis.  
 

Table 4.1 Soil property of embankment. 
Soil Property Average Value 

Unit weight (kN/m3) 19.85 
Water content (%) 24.4 

Plasticity Index (%) 20 
Cohesion (kPa) 10.8 

Friction angle Φ’ 25° 
Shear wave velocity (m/sec) 200 

Void ratio 0.66 
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Deformation Analysis 
 
Empirical Methods 
 
The dynamic response and deformation of the embankment at Bridge A1466 were analyzed us-
ing the empirical methods of Newmark (1965) and Ambraseys and Menu (1988), as well as the 
two-dimensional finite difference computer program FLAC. Two constitutive models were em-
ployed: Hyperbolic-Finn/Byrne model and the Finn model. These two models focus mainly on 
the calculation of the deformations of the embankment and liquefaction of the foundation soil. 
Effective stress approaches were used in both models. 
 
Newmark (1965) made the analogy that the sliding mass of a soil slope on the failure surface is 
similar to a block resting on an inclined plane. He assumed that the block only moves down the 
slope; i.e., the block will not move up the slope even if the yield acceleration is exceeded in the 
negative direction. The upper bound to the permanent displacements was given by:  

 

yy a
a

a
vd max

2
max

max 2
=                                                      (4.1) 

 
in which maxa is the peak acceleration, maxv is the peak velocity, gay )tan( βφ −=  is the yield 
acceleration, φ  is the residual friction angle of embankment soils, and β  is the embankment 
slope angle. 
 
Ambraseys and Menu (1988) found that the permanent displacements at smaller max/ aa y  values 
were influenced by whether or not upslope movements were considered. The permanent dis-
placements (in centimeters) were estimated by: 
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in which u is the permanent displacement. 
 
Numerical Modeling-Finite Difference 
 
The two-dimensional finite difference computer program FLAC was employed using two differ-
ent constitutive models. One was the built-in Finn model that combines the Coulomb-Mohr and 
the Martin/Byrne models. The other model implemented in FLAC for this study was the modi-
fied hyperbolic model that was combined with the Martin/Byrne model. 
 
Finn Model: This model is the standard Mohr-Coulomb model, as shown in Figure 4.1, with in-
crements of deformation taken from the volumetric strain every time a “cycle” is detected. There 
is only hysteresis for cyclic excursions that involve yielding. This crude model produces con-
tinuous damping and modulus relations for excursions above yield, as shown in Figure 4.1. 
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Figure 4.1 Shear stress-strain relationship and shear modulus degradation and damping ratio 

curves in the Finn model. 
 
The elastic/plastic model is simple and reasonably accurate. It is particularly applicable when the 
accumulated plastic deformation (slumping, partial slip) is required. The model is not as accurate 
for estimating the amplification factor of accelerations for low-level shaking. 
 
The relationship between volume change and shear strain change was incorporated into the stan-
dard Mohr-Coulomb plasticity model. The relation between irrecoverable volumetric strain and 
cyclic shear strain is expressed by Equations 3.19 or 3.20 for its simplified version. 
 
Hyperbolic-Martin/Byrne Model: The constitutive laws implemented in FLAC are similar to 
Equations 3.11 and 3.12 that were used in the site response analysis. The same Masing rules 
(1926) were used as well to model the actual behavior of soils under dynamic loading. 
 
Since this model uses a tangent elastic modulus, no residual or plastic volume deformation re-
mains after the loading. In order to calculate the residual or plastic volume deformation, the em-
pirical Martin and Byrne relations between shear strain and volume strain were incorporated into 
the hyperbolic model. 
 
Pore Pressure Calculation 
 
Under an undrained condition, the increment of pore pressure, pΔ , is related to the increment of 
volumetric strain, iiεΔ , through the formula: 
 

ii
w

n
k

p εΔ−=Δ                                                            (4.3) 

 
in which wk  is the fluid bulk modulus, n is the medium porosity, and i = 1, 2, 3 represents the 
three axes of a soil element. For the coupled fluid-soil system, the elastic stress-strain relation in 
an incremental form can be expressed as: 
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ijij G εσ Δ=Δ 2                                                                       (4.4) 

ii
w

ii n
k

k εσ Δ+=Δ )(
3
1                                                           (4.5) 

 
in which iiσΔ  and iiεΔ  represent the summation of the incremental stresses and strain along 
three axes ( 1, 2,3i = ), respectively, and ijσΔ  and ijεΔ  are the shear stress and strain components 
written in tensor form. 
 
Calibration of Numerical Models 
 
Before the two foregoing constitutive models were applied to analyze the response of embank-
ments, they were calibrated against the 1971 failure of the Upper San Fernando Dam in Southern 
California. This hydraulic fill dam was constructed on approximately 15–18 m (49–59 ft)of allu-
vium overlying bedrock. It is about 21 m (69 ft) high. A 5.5 m (18 ft) high-rolled fill section was 
placed on the upstream portion of the hydraulic fill, leaving a 30.5 m (100 ft) wide bench on the 
downstream slope. The slopes of this dam are 2.5:1. The representative cross-section is shown in 
Figure 4.2. This dam did not fail completely during the 1971 San Fernando Earthquake. How-
ever, post-earthquake deformations were measured and therefore provided a case study that 
could be used to calibrate the results of the numerical modeling. 
 

 

Lower alluvium 

Upper alluvium 

Bedrock 

1

2 3
2

18m 

1 Rolled fill 
2 Hydraulic fill sand 
3 Hydraulic fill clay core 

 
Figure 4.2 Soil profile of the Upper San Fernando Dam (Seed et al., 1973). 

 
Input Ground Motions 
The ground motion most commonly used in literature to evaluate the response of the San Fer-
nando dams to the 1971 San Fernando Earthquake was originally developed shortly after the 
earthquake. It is a modified form of the actual recording from the Pacoima Dam abutment. The 
report by Seed et al. (1973) has a description of this modified record. As shown in Figure 4.3, the 
modified record has a peak ground acceleration (PGA) of approximately 0.6 g and lasts for ap-
proximately 40 sec. Its predominant period is 0.4 sec. 
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Figure 4.3 Acceleration time-history of the modified record. 

 
Soil Properties 
 
Standard penetration resistance (SPT) tests were performed at the site during April and May of 
1971, as reported by Harder and Seed (1986). The representative (N1)60 values for the hydraulic 
fill shells are given in Table 4.2. Their soil properties for dynamic analysis are listed in Table 
4.3. They are correlated from the SPT N-values and estimated from cross-hole seismic surveys. 
 

Table 4.2   (N1)60 values of hydraulic fill shells. 
Distance below crest (m) Thickness (m) N1-60 

7.0–4.6 7.6 9 
14.6–18.6 4.0 13 
18.6–22.2 3.6 13 

 
Table 4.3 Soil properties for dynamic analysis. 

Unit weight Strength Stiffness 
Parameter Moist 

(kN/m3) 
Saturated 
(kN/m3) 

Cohesion 
(kPa) Φ’ (◦) K2max Kb m 

Hydraulic fill 
& clay core 18.9 19.2 0 37 30 230 0.26 

Rolled fill 21.0 22.0 125 25 30 100 0.38 
Alluvium 

upper/lower - 20.3 0 37 40/110 150 0.40 

 

Comparison Between Simulated and Measured Deformations 
 
The deformations predicted by using the Finn model are compared in Figure 4.4 with the meas-
ured displacements at the end of the earthquake (Seed et al., 1973). Those with the hyperbolic 
model implemented in this study are compared in Figure 4.5.  
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Figure 4.4  Deformed shape: comparison between Finn model and measured. 
 
 
 
 
 
 

 
 
 
 
 
 

Figure 4.5 Deformed shape: comparison between hyperbolic model and measured. 
 
The calculated, the measured, and the modified measured deformations with numerical infer-
ences at different locations of the dam are shown in Table 4.4. The difference between upstream 
and downstream water tables produces a downstream-directed seepage force field, which pushes 
the dam downstream. This is verified by the calculated and measured deformation, as shown in 
Figures 4.4 and 4.5. Table 4.4 shows that the calculated displacements at point 2 using the Finn 
model are lower than the measured values (Seed et al., 1973). This discrepancy could result from 
the uncertain soil properties and the approximate modeling of soil stress-strain relation. At points 
4, 5, and 6 the displacements are comparable with the modified measured values (Serff et al., 
1976). Overall, the deformed pattern is similar. Consequently, the Finn model can provide a 
rough estimate of earthquake-induced deformations. 
 
Table 4.4 also indicates that the calculated displacements at point 2, using the hyperbolic model, 
agree very well with the measured values (Seed et al., 1973). At points 4, 5, and 6 the displace-
ments are larger than the modified measured values (Serff et al., 1976). However, their deformed 
patterns are the same. The measured and modified measured displacements are only close at 
point 2 and quite different at point 6. The reason may be that the modified measured values are 
inferred from the numerical and empirical analysis. Compared with the original measured values, 
the hyperbolic model can give accurate results, providing a viable tool for the estimation of the 
deformation of earth structures during earthquakes. 
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Table 4.4 Calculated, measured, and modified measured deformations. 
Finn model Hyperbolic 

model 
Modified from measured 

(Serff et al., 1976) 
Measured 

(Seed et al., 1973) 
 
Position 

x(m) y(m) x(m) y(m) x(m) y(m) x(m) Y(m) 
Point 1 -0.57 0.10 -0.04 0.04 - - - - 
Point 2 0.29 -1.06 1.43 -1.26 1.49 -0.76 1.52 -0.91 
Point 3 0.62 -1.33 3.65 -1.31 - - - - 
Point 4 1.60 -0.09 3.91 -0.13 1.95 -0.06 - - 
Point 5 1.61 -0.22 3.71 -0.01 2.2 -0.43 - - 
Point 6 1.72 0.20 3.98 0.02 1.1 -0.06 - 0.61 

x means horizontal deformations and y denotes vertical deformations. 
 
Application of the Modeling Technique to the NMSZ Highway Embankments 
 
Both bridges, L472 and A1466, are oriented in the near north-south direction. At L472 site, the 
bridge deck spans over a ditch between embankments. Therefore, its embankments were not ana-
lyzed in this study. The embankments at A1466 site are above the water table. The transverse 
cross-section (near east-west) of the northern embankment at Bridge A1466, based on the survey 
data provided by MoDOT, is shown in Figure 4.6. Index, permeability, and triaxial shear tests 
were conducted on the samples taken from the embankment and subgrade soils. The shear wave 
velocity was measured using SCPT, cross-hole, and SASW test procedures. The soil parameters 
for the numerical calculation are presented in Table 4.5. 
 
 

 
Figure 4.6 Northern embankment at Bridge A1466 site. 

 
To understand the performance of the embankment during an earthquake, two cases were stud-
ied. One was the performance of the embankment itself, and the other was the performance of 
the embankment and the soil below it. Two source ground motions were used. One was motion 
at the ground surface, and the other was motion at 40 m (131 ft) below the ground surface. Both 
ground motions were obtained from the site response analysis in Chapter 3, accounting for high 
confining pressure effect (Zheng and Luna, 2004). A magnitude 7.0 earthquake was used for this 
study to understand the general behavior of the embankment-foundation soil system. 
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Table 4.5 Soil parameters of the embankment and soils below embankment. 
Soil 
unit 

Soil 
material 

Density 
(Mg/m3) 

'c  
(kPa) 

'φ  
(º) 

Shear modulus 
G (kPa) 

Porosity 
n 

 
(N1)60 

1 CL 2023 10.8 25 59848 0.4 19 
2 CL 1947 34.5 25 44393 0.44 11 
3 ML 1876 0 32 56136 0.48 9 
4 SM 2161 0 31 89935 0.3 8 
5 SP 2181 0 45 118429 0.28 40 
6 SP-SM 2120 0 44 112163 0.32 36 
7 SP-SM 1916 0 44 179445 0.44 36 

 
Embankment Deformations Without Consideration of Liquefaction 
 
Both the Finn and hyperbolic models were applied to determine the deformations in the trans-
verse cross-section of the embankment. For simplicity, the embankment base was assumed to be 
rigid and fixed on the ground surface. Since Bridge A1466 is approximately parallel to the 
southwestern segment, the fault-parallel component of the ground motion without soil liquefac-
tion was used in the analysis. The numerical results along the transverse cross-section are shown 
in Figures 4.7 and 4.8 using the Finn model and hyperbolic model, respectively. It can be ob-
served from the two figures that the deformations of the rigid-based embankment using the Finn 
and hyperbolic models, respectively, agree very well. The maximum deformation is 12 cm (4.7 
in.) using Finn’s model and 15 cm (6 in.) using the hyperbolic model. The displacement distribu-
tion patterns are also similar and, in both cases, the slope slides along a surface. 
 

(a) Deformation                                  (b) Displacement vector 
Figure 4.7 Deformation and displacement distribution using Finn model. 

 
  

(a) Deformation                                  (b) Displacement vector 
Figure 4.8 Deformation and displacement distribution using hyperbolic model. 

 
To further validate the embankment deformation, the empirical methods discussed in the intro-
duction section were also used to calculate the maximum deformation of the embankment. Their 
results are compared in Table 4.6 with those from the Finn and hyperbolic models. In general, 
the results from the numerical models are in good agreement with the results predicted with the 
Ambraseys and Menu empirical relations. However, in this case, the Newmark analysis signifi-
cantly to overestimates the maximum deformation. 
 

 Table 4.6 Maximum deformation using different methods for embankment. 
Methods Maximum deformation (cm) 

Newmark (1965) 187 
Ambraseys and Menu (1988) 20 

Coulomb-Mohr-Finn/Byrne model 12 
Hyperbolic-Finn/Byrne model 15 



   92

Liquefaction Effect on Embankment Deformation 
 
Based on the previous analysis in Chapter 3, the foundation soils at Bridge A1466 are likely to 
liquefy during an earthquake of magnitude 7.0 or larger. To study the influence of liquefaction 
on the dynamic performance of embankments, two cases were considered: one with and one 
without accounting for liquefaction in the ground motion. The ground motion induced by an 
earthquake magnitude, Mw, 7.0 at Bridge A1466 site, simulation #12 in Appendix Table A.2 in 
the case with liquefaction, was employed in the following. It has fault-normal and fault-parallel 
components. The fault-normal acceleration time-history at the level ground surface is used as an 
input for the dynamic analyses of the transverse cross-section of the embankments, while the 
fault-parallel component is applied in the longitudinal cross-section (traffic direction). The re-
sponse spectra between the two cases are compared in Figure 4.9(a) for the fault-normal compo-
nent of the ground motion and in Figure 4.9(b) for the fault-parallel component. In both normal 
and parallel directions the spectral accelerations for the case accounting for liquefaction are 
smaller than those without accounting for liquefaction. This effect was anticipated since lique-
faction tends to induce larger deformations and consume more strain energy. There is a predomi-
nant period shift to a shorter period in the normal direction and remains the same in the parallel 
direction when liquefaction is considered. The response spectra show that excessive pore pres-
sure was generated in the normal direction and little in the parallel direction. 
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(a) Fault-normal component                                              (b) Fault-parallel component 

Figure 4.9 Response spectra with and without liquefaction effect. 
 
Figures 4.10 through 4.13 show the deformed shape and the displacement vector in both trans-
verse and longitudinal cross-sections of the embankment. They were determined with the hyper-
bolic model. In both cross-sections, the displacement distribution patterns are the same with and 
without liquefaction effect. The potential sliding surface can be seen in the embankment slope. In 
the transverse cross-section, the maximum displacements with and without liquefaction are ap-
proximately 48 cm (19 in.) and 89 cm (35 in.), respectively. In the longitudinal cross-section, the 
maximum displacement is approximately 49 cm with liquefaction taken into account and 41 cm 
(16 in.) without liquefaction. 
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(a) Deformation                                            (b) Displacement vector 

Figure 4.10 Deformed shape and displacement in the transverse section without liquefaction. 
 

 
(a) Deformation                                            (b) Displacement vector 

Figure 4.11 Deformed shape and displacement in the transverse section with liquefaction. 
 

       
(a) Deformation                                            (b) Displacement vector 

Figure 4.12 Deformed shape and displacement in the longitudinal section without liquefaction. 
 

    
(a) Deformation                                            (b) Displacement vector 

Figure 4.13 Deformed shape and displacement in the longitudinal section with liquefaction. 
 
The horizontal and vertical components of the displacement vector are shown in Figure 4.14 in 
the transverse cross-section, while those in the longitudinal cross-section are presented in Figure 
4.15. Similar trends can be observed from the two displacement components that are distributed 
along the bottom of the embankment with or without taking liquefaction into account. In the 
transverse cross-section, both the vertical and horizontal displacements are increased as a result 
of liquefaction. In the longitudinal cross-section, however, the displacements basically remain 
the same regardless of liquefaction since the extent of liquefaction under this circumstance is 
much smaller. The higher the excess pore pressure, the smaller the acceleration and the larger the 
displacement.  
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 (a) Horizontal displacement                                            (b) Vertical displacement 

Figure 4.14 Displacements in the transverse cross-section. 
 

C/L 

 



   94

-0.5

0

0.5

0 20 40 60 80 100

Distance from the left (m)

Ho
riz

on
ta

l d
is

pl
ac

em
en

t (
m

)

Nonliquefy
Liquefy

-0.2

-0.1

0

0.1

0.2

0 20 40 60 80 100

Distance from the left (m)

Ve
rt

ic
al

 d
is

pl
ac

em
en

t (
m

)

Nonliquefy
Liquefy

 
(a) Horizontal displacement                                            (b) Vertical displacement 

Figure 4.15 Displacements in the longitudinal cross-section. 
 
Shake Table Test 
 
The purpose of performing the shake table test was to determine the shaking-induced displace-
ment and dynamic response of a model of the A1466 embankment and to compare them with the 
numerical results. The objectives included evaluating the resulting acceleration and deformation 
response of the embankment during strong earthquake excitations. Due to the time and budget 
constraints, only one shake table test was conducted. 
 
The physical modeling philosophy, model container, shake table test facility, soil properties, test 
instrumentation and data acquisition, test result analysis, and test procedure are described below. 
The results and analyses of the experiments are also presented and used to analyze the seismic 
performance of the embankment at Bridge A1466 during the postulated earthquake. 
 
Physical Modeling Philosophy 
 
Langhaar (1951) defines scale models as having geometric, kinematic, or dynamic similarity to 
the prototype. Kline (1965) proposes three methods for determining scale model similitude: di-
mensional analysis, similitude theory, and the method of governing equations. Moncarz and 
Krawinkler (1981) use “true,” “adequate,” or “distorted” to describe the scale models meeting 
different requirements of similitude. A true model fulfills all similitude requirements. An ade-
quate model correctly scales the primary features of the problem, with secondary influences al-
lowed to deviate; the prediction equation is not significantly affected. Distorted models refer to 
those cases in which deviation from similitude requirements distorts the prediction equation, or 
where compensating distortions in other dimensionless products are introduced to preserve the 
prediction equation. 
 
This shake table test is mainly based on dimensional dynamic loading due to the inherent limita-
tions of the shake table. It is conducted in a 1 g environment; that is, the acceleration for both 
model soil and prototype soil is the same. The model soil has a similar density as that of the pro-
totype soil. As the embankment is above ground water table, and since undrained stress-strain 
response is independent of confining pressure for saturated clay, the embankment soil is assumed 
to be saturated to simplify the constitutive scaling requirements. Based on the dimensional analy-
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sis method, the scale factors such as time, mass, and length can be expressed in terms of the 
geometric scaling factor, λ , as shown in Table 4.7 (Wartman, 1996).  
 

Table 4.7 Scaling relations for primary soil properties. 
Mass Density 1 Acceleration 1 Length λ 

Force λ3 Shear Wave Velocity λ1/2 Stress λ 
Stiffness λ 2 Time λ 1/2 Strain 1 
Modulus λ Frequency  λ -1/2 - - 

 
Model Container 
 

The small-scale embankment was constructed and tested in a rigid box container that was bolted 
to the shake table. The container was made of plywood, as shown in Figure 4.16. Its internal di-
mensions were 0.6 m (23.6 in.) wide, 1.5 m (59.1 in.) long, and 0.5 m (19.7 in.) high. The floor 
of the container was 2 cm (¾ in.) thick plywood that was secured to the shake table. To prevent 
sliding between the container base and the soil, a thin layer of coarse sand was glued with epoxy 
on the surface of the bottom plate. The sides, front, and back of the container were stiffened. 
Plastic wrap was used to cover the interior sidewalls to minimize friction along the side wall-soil 
interface. The interior walls were painted to reduce the friction and to keep the soil moist. 
 

 
Figure 4.16 Plywood container used for model test. 

 
Soil Embankment Model 
 
Besides the properties listed in Table 4.5, there are other soil properties needed for dynamic 
analysis. These properties include the modulus degradation and damping behavior, stress-strain 
response, and undrained shear strength. These are both discrete and nonlinear and are a function 
of the loading rate, the number of cycles, and strain reversals. The nonlinear stress-strain and 
modulus degradation and damping curves are not directly modeled from the prototype. There-
fore, only undrained shear strength and shear modulus can be the principal soil modeling criteria. 
Soil shear modulus should be properly modeled for elastic analysis. The undrained shear strength 
should be emphasized for inelastic analysis. Both of these properties are accounted for in a full 
nonlinear analysis. However, the problem may be complicated since they have different scaling 
factors: λ for undrained shear strength and λ 1/2 for shear wave velocity. Therefore, the “true” 
model similarity cannot be achieved practically. The feasible method is to model the primary soil 
properties and ignore the secondary effects to obtain an “adequate” model. 
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There are two ways to prepare the model clay soil. One is by using the kaolinite-bentonite mix-
ture, which has been used for several decades for physical model studies (Seed and Clough, 
1963; Sulton and Seed, 1967; Kovacs, 1968; Arango, 1971; Bray et al., 1993; Lazarte and Bray, 
1996; Wartman, 1996). The other is by using the soil from the bridge site under investigation. 
The former method is widely used for 1 g model testing. However, it is not easy to obtain the 
selected soil properties. Many trial tests or experiences may be required. The latter, using the 
same soil as the bridge site, can yield soil properties easily. However, it is not easy to reconsti-
tute the embankment to the original state. For this project, the model soil was directly excavated 
from the project site and transported to the laboratory. 
 
The soil was air dried and ground to pass the #4 sieve. A standard proctor compaction test was 
conducted and the optimum water content was determined to be approximately 20%. Triaxial 
consolidated undrained tests were conducted to obtain the residual and peak strength. The water 
content of the soil was brought to 24.4%. The total weight of soil required to prepare one model 
embankment was calculated based on the density and water contents established in the labora-
tory. A concrete mixer was used to uniformly mix the air-dried soil and required water. After 
mixing, the soil was put in plastic barrels and cured for two days in the moisture room.  
 
Before placing the soil, the model embankment geometry was marked on the interior sidewalls 
of the container. The container was fixed by bolting it to the shake table. Canola oil was sprayed 
on the plastic wrap-covered sidewalls and plywood walls to reduce side friction. The shake table 
accelerometer was bolted to the floor of the model container. The soil was spread, leveled, and 
tamped to the designed profile and density in the container. 
 
Since the model soil was stiff and not completely saturated, a 1:1 slope was used for the model 
embankment. The weight of the model was 3000 N (669 lb). This slope was chosen to insure that 
a sufficiently large deformation would occur during shaking.  
 
Shake Table System 
 
An MTS 840 vibration shake table test system housed in the University of Missouri–Rolla 
(UMR) High Bay Structures Laboratory was employed for this study. It is an electro-hydraulic 
closed loop system from MTS Systems Corporation, which is essentially a displacement control 
system operating on a closed loop principle. It consists of a slip table, a hydraulic actuator, and 
an electronic control package. This shake table can provide for one controlled degree of freedom. 
It oscillates horizontally on a bed of oil with almost zero friction and is moved by the ram of an 
electro-hydraulic actuator system. Various displacement patterns can be simulated by program-
ming the actuator. Sine, ramp, random, or irregular waveforms can be applied to the table. The 
platform measures 1.2 m × 2.1 m (4 ft × 7 ft) in plan, as shown in Figure 4.16. The shake table 
load capacity is 90 kN (20 kips) and the maximum acceleration is 1.0 g with a nominal frequency 
range of 0.1–10 Hz. The peak stroke of the slip table is ±25 mm (1.0 in.) and the maximum table 
velocity is 60 cm/sec (24 in./sec).  
 
The input motion was simplified to a harmonic sinusoidal wave. A sine wave with a 2.5 Hz fre-
quency and a peak displacement of 8 mm (0.305 in.) was used to generate an equivalent accel-
eration of 0.19 g. This is equal to 0.65 maxa . Fifty-one cycles were employed to reach the dura-
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tion of 20.5 sec. The acceleration time-history is shown in Figure 4.17. Figure 4.18 shows the 
response spectra of the input motion. This motion had a predominant period of 0.4 seconds. 
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Figure 4.17 Input acceleration time-history. 
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Figure 4.18 Response spectra of input motion. 

 
Measurement and Instrumentation 
 
A profilometer was used to monitor the embankment profile before and after the shaking, as 
shown in Figure 4.16. A base was fabricated using two steel angle bars which can move along 
the top of the mold container. A vernier caliper or steel ruler can be moved up and down verti-
cally to take readings along the slope profile through the steel base. 
 
White grease was injected into the embankment through holes drilled along the slope. The grease 
columns deformed with the embankment during flight. Careful exhumation of the grease col-
umns after shaking allowed measurement of the deformation through the embankment. The pro-
filometer was used to measure the deformation of the grease column before and after shaking to 
find the sliding plane. Accelerometers were placed at several critical locations such as top, bot-
tom, and inside the model soil. The grease holes and accelerometer locations are shown in Figure 
4.19. 
 
ThetaShear Type 4507/4508 accelerometers were used. A Datarec-A60 data acquisition system 
with six channels was used for acceleration time-history acquisition. The recording rate is 500 
values per second.  
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Two accelerometers were placed at the bottom of the box to check the input motion controller. 
The Fourier amplitude spectra of the expected acceleration input and the measured acceleration 
time-history at the shake table are shown in Figure 4.20. The shape and magnitude of the Fourier 
waveform of the measured acceleration was almost the same as the expected waveform. The 
measured Fourier amplitude was slightly lower than the input value. The difference can be negli-
gible. The predominant frequencies for the expected and the measured motions were almost 
identical. Therefore, the expected motion from the controller can be used as the input motion at 
the bottom of model embankment. 
 
 

 
(a) Cross-section of model embankment 

 

 
(b) Plan view of model embankment 

Figure 4.19 Layout of accelerometers and grease holes. 
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Figure 4.20 Fourier spectra of expected versus measured input motion. 

 
As shown in Figure 4.19(a), the seismic responses at three locations were recorded during shak-
ing using accelerometers. Figure 4.21 shows the response spectra, and Figure 4.22 shows the 
Fourier amplitude spectra of the recorded motions. The Fourier amplitude at accelerometers 3 
and 4 is deamplified while their spectral accelerations are amplified, respectively. Nevertheless, 
they are very close. The spectral acceleration and the Fourier amplitude at accelerometer 5 are 
both deamplified. They are very narrow in the response spectra and wide in the Fourier spectra. 
The predominant frequency from the Fourier spectra is 2.5 Hz for all input and measured mo-
tions. As expected from the input motion, the predominant period from the response spectra is 
0.4 sec. 
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Figure 4.21 Shake table response spectra. 
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Figure 4.22 Shake table Fourier amplitude spectra. 
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The profiles of the model embankment before and after shaking are shown in Figure 4.23. The 
maximum horizontal displacement is approximately 3 mm occurring at the middle of the face of 
the slope. The maximum vertical displacement of approximately 3 mm occurred at the top of the 
slope. By using the foregoing 1 g scaling relationships and applying a geometric scaling factor of 
16, the real ground motions would have a mean square period of 1.6 sec and a duration of 82 sec. 
The maximum permanent horizontal and vertical displacements are approximately 5 cm for the 
embankment with a slope of 1:1 at the project site. For the approach embankment at Bridge 
A1466 the transverse slope is 3:1 and the longitudinal slope is 1:1. Therefore, when supported on 
a rigid base, the maximum deformation would not exceed 5 cm at the approach embankment at 
Bridge A1466 during an earthquake with maximum acceleration less than 0.2 g. However, the 
real embankment is supported on foundation soils that liquefy, which would cause a much larger 
deformation. 
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Figure 4.23 Embankment profile before and after shaking. 

 
Because of the small deformation of the model embankment, the deformation of the grease col-
umns was not obtained. Therefore, the possible sliding plane in the slope of the embankment was 
not found in this test. 
 
HAZARDS MITIGATION OF EMBANKMENTS 
 
Introduction 
 
Unsatisfactory performance of a soil embankment may occur in both seismically active and inac-
tive areas. The unsatisfactory performance usually involves large soil deformation in either the 
horizontal and/or vertical directions. Large deformation results mainly from insufficient strength 
and/or stiffness during earthquake shaking. During earthquakes, excess pore pressure can build 
up, reducing effective stresses and resulting in large deformations. Therefore, commonly used 
techniques for mitigation of seismic hazards often involve reducing the tendency of the soil to 
generate positive excess pore pressures during earthquake shaking, as well as increasing the 
strength and stiffness of the soil. 
 
There are varieties of soil improvement techniques for geotechnical earthquake hazards mitiga-
tion. The nature and proximity of structures and constructed facilities dictate which method to 
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use. The cost of these methods varies widely. The most common mitigation methods can be di-
vided into four major categories based on their mechanism: densification, reinforcement, grout-
ing/mixing, and drainage techniques. Almost all the mitigation methods fall into more than one 
single category.  
 
Densification techniques try to reduce the void volume of soil by rearranging the soil particles 
into a more compact arrangement. The strength and stiffness of soil is higher when the particles 
are packed in a dense configuration than when they are packed loosely. Due to cyclic loading, 
dense soils develop lower positive excess pore pressures than do loose soils. The increased stiff-
ness of a densified soil deposit will decrease the displacement amplitudes and increase the 
ground accelerations during earthquake shaking. Densification of the subsurface soils can also 
produce settlement of the ground surface. Therefore, some densification techniques are limited to 
sites without existing structures or facilities that could be damaged by ground settlement. The 
most common approaches include vibro techniques, dynamic compaction, blasting, and compac-
tion grouting. The first three methods tend to densify the granular soils using vibrations and are 
most effective for clean sands and gravels. They should not be used for fine-grained soils which 
resist the vibrations. 
 
Reinforcement techniques tend to improve the strength and stiffness of soil deposits by installing 
discrete inclusions to reinforce the soil. Many structural materials and geomaterials can be used 
for the inclusions. These materials include steel, concrete, timber, and densified gravel. Some-
times geosynthetic or metallic materials are used for reinforcement. The reinforcement tech-
niques include mainly stone columns, compaction piles, and drilled inclusions. Stone columns 
are the most common method. This method can be used for both fine-grained and coarse-grained 
soils. In fine-grained soils, stone columns are usually used to accelerate the consolidation and 
introduce stronger materials to increase the strength and hydraulic conductivity of soils. This 
method is commonly used to improve the liquefiable soil deposits in coarse-grained soils by in-
creasing their hydraulic conductivity. Driven prestressed concrete or timber piles are used for 
compaction piles to improve the granular soils. The piles can resist soil movement, densify the 
surrounding soils during installation, and increase the lateral stress around the piles. For mitiga-
tion of slope movements, drilled inclusions with large diameters are used. The inclusions include 
cast-in-place drilled shafts, soil nails, tiebacks, micropiles, and root piles. These techniques are 
not suitable for loose granular soils since their installation may contribute to seismic hazards.  
 
Grouting techniques introduce cementitious materials into the voids of soils or fractures by injec-
tion. The majority of the particles in the soil structure remain intact. There are two primary 
grouting techniques: permeation grouting and intrusion grouting. Permeation grouting does not 
disturb the soil structure but intrusion grouting may result in a controlled fracturing of the soil. 
The existing soils are physically mixed with the cementitious materials in situ. The soil struc-
tures are completely disturbed. Grouting and mixing techniques are usually expensive, but they 
can be used in most situations where other soil improvement techniques cannot. 
 
Drainage techniques can eliminate the unacceptable movement of slopes, embankments, retain-
ing structures, and foundations by increasing the stiffness, strength, and hydraulic conductivity 
of soil deposits. They can suppress the buildup of excess pore water pressure during earthquake 
shaking. The most common drainage technique is the use of stone columns. The earthquake-
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induced pore water pressure can dissipate very quickly by flowing water into the highly hydrau-
lic conductive stone columns. The dissipation rate of pore water pressure is determined by the 
diameter and spacing of the stone columns and by the hydraulic conductivity and compressibility 
of the surrounding soil. Careful attention must be paid to the hydraulic conductivity and filtration 
behavior of the boundary between the stone columns and the surrounding soils. In addition, post-
earthquake settlement may occur.  
 
Very few theories have been developed for the foregoing mitigation techniques. There are only a 
few reports of empirical observations of the performance of improved soils in actual earthquakes, 
even though these techniques have been widely applied. Consequently, reviewing the literature is 
very important before using these techniques for seismic hazards mitigation. The effectiveness of 
mitigation techniques is very difficult to predict in advance for a particular site, and the skill of 
the contractor can strongly influence the soil improvement effectiveness. Therefore, laboratory, 
in situ, and geophysical techniques are employed to verify the effectiveness of soil improvement 
techniques.  
 
Seismic Retrofit of the Embankment 
 
Although, as discussed above, there are a number of seismic mitigation techniques, only two 
main mechanisms are involved: increasing strength and stiffness, and changing hydraulic con-
ductivity. To study the validity of seismic mitigation techniques for this report, three retrofit sce-
narios were studied by numerically modeling them in FLAC. The input motion was the same as 
the one used for the embankment response analysis. The cases that were simulated were (1) in-
creasing stiffness only; (2) increasing hydraulic conductivity only; (3) increasing both stiffness 
and hydraulic conductivity simultaneously. The numerical simulation was performed on the ap-
proach embankment to Bridge A1466 since this was the bridge with an embankment above the 
level ground surface. Stone columns were selected as the ground improvement technique. The 
diameter of the columns was 1 m (3.3 ft) and the spacing was 3 m (10 ft). The improvement 
depth reaches the SM layer in the foundation soil. The improvement zones are shown in Figure 
4.24. 
 
 

 
Figure 4.24 Improved zones in the embankment. 

 
In this study, the performance of the embankment with different ground improvement zones was 
evaluated including: 

1. no improvement 
2. densified zones without changing hydraulic conductivity 
3. zones with increasing hydraulic conductivity 
4. densified zones with increasing hydraulic conductivity  

Improved zone Improved zone
1 
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To compare the deformation with and without ground improvement, four locations were se-
lected, as shown in Figure 4.24. The x- and y-displacement components at each of the four loca-
tions and the maximum displacement of the embankment are shown in Table 4.8. 
 

Table 4.8 Displacements at four locations and the maximum displacement. 
Point 1 Point 2 Point 3 Point 4 Improved 

zones x 
(cm) 

y 
(cm) 

x 
(cm) 

y 
(cm) 

x 
(cm) 

y  
(cm) 

X 
(cm) 

y 
(cm) 

Max 
Disp 
(cm) 

(1) -38.9 -2.1 -26.3 -24.5 17.2 -19.2 27.1 -0.6 42.4 
(2) -39.4 -2.0 -24.4 -25.0 16.2 -18.0 27.9 -1.1 40.8 
(3) -7.8 -2.8 -2.3 -10.6 6.5 -9.0 12.4 -2.9 16.2 
(4) -11.1 -2.7 -0.6 -9.8 5.5 -9.1 14.1 -2.7 15.9 

 
The maximum displacements without improvement are approximately 42.4 cm. When the im-
proved zones are only densified and the hydraulic conductivity not improved, the displacements 
at the four locations changed only slightly. The maximum displacements decreased to 40.8 cm. 
Only when the hydraulic conductivity of the improved zones was increased, were the displace-
ments at the four locations reduced and the maximum displacement dramatically decreased to 
16.2 cm. If the improved zones were densified with increasing hydraulic conductivity, the dis-
placements were almost identical to the case with only increasing hydraulic conductivity. These 
results show that the hydraulic conductivity plays a significantly important role for the stone col-
umns improvement techniques. 
 
When hydraulic conductivity is increased, the buildup of excess pore pressure can be dissipated 
rapidly, resulting in a quick recovery of the lost effective stress. The pore pressure buildup and 
dissipation time-histories in the improved zones are shown in Figure 4.25. The buildup in pore 
pressure without improvement is much higher than that with improvement. The dissipation of 
pore pressure with improvement is much faster than that without improvement. During earth-
quake shaking, the effective stress with improvement decreased much less than without im-
provement. This, in turn, reduced the occurrence of large deformations. Meanwhile, the forego-
ing analysis shows that the ML soil layer may liquefy during the same earthquake shaking. Fig-
ure 4.25 shows that the pore pressure in the improved ML layer was dramatically reduced to 
avoid possible liquefaction. Therefore, reasonable ground improvement can reduce large defor-
mations and decrease liquefaction potential, especially when the hydraulic conductivity is in-
creased. 
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Figure 4.25 Pore pressure time-history in the improved ML layer.  
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OBSERVATIONS AND CONCLUSIONS 
 
Both numerical simulations and experimental tests were conducted to evaluate the performance 
of the embankment at Bridge A1466 and mitigate the deficient areas with retrofitting techniques. 
Based on these limited studies, the following observations and conclusions can be drawn: 
 
1. Several analyses methods were employed to calculate the permanent deformation of the em-

bankment. It was found that the Newmark analysis significantly overestimated the maximum 
deformation while the hyperbolic model implemented in FLAC, in this study, agreed with the 
results from the built-in Finn model as well as other empirical models. Empirical methods are 
often oversimplified and may not be suitable for a specific problem. The yield acceleration of 
soils plays a great role in deformation calculation. 

2. It is difficult to determine the shear modulus for the Coulomb-Mohr-Finn/Byrne model. For 
this study, it was assumed to be a constant. In reality, shear modulus changes with shear 
strain. A representative shear modulus has to be selected for the correct calculation. The Hy-
perbolic-Martin/Byrne model is actually an elastic-viscous model. The permanent deforma-
tion is based on the empirical relation between shear strain and volume strain, which assumes 
the soil is consolidated isotropically. It may underestimate the deformation during a large 
earthquake. 

3. The modified hyperbolic model with Masing rules was developed and implemented in the 
FLAC computer code. This code was calibrated using the 1971 failure of the Upper San Fer-
nando Dam. The calibrated code was then used to determine the earthquake-induced defor-
mation of the study site. The deformation analyses using both empirical and numerical meth-
ods show that the earthquake-induced deformations are very large and can exceed 1 m (3.3 
ft) when the magnitude of the earthquake is 7.0. Liquefaction occurred in the foundation soils 
which dramatically increased the deformation of the approach embankments. All these indi-
cate that large deformation may occur during strong earthquakes at the approach embank-
ments at Bridge A1466. 

4. A small scale embankment model made of the same soil from Bridge A1466 site was con-
structed and tested on a shake table. The model embankment contained in a plywood box was 
subjected to moderate levels of shaking. The dynamic responses at the embankment surface 
and in the embankment are almost the same due to the input motion resulting from the stiff 
soil and the small size of the model embankment. The maximum displacements occurred in 
the middle of the level surface and slope. The deformation pattern indicated the potential 
sliding surface in the embankment, and the deformation was mainly caused by first mode 
shaking. In accordance with the similitude theory, displacements as large as 5 cm (2 in.) may 
occur in the prototype approach embankment at Bridge A1466 if the base is assumed rigid 
during moderate earthquakes. In reality, large earthquakes may occur in this area and the 
foundation soils are liquefiable. Meanwhile, the model soil could not be completely saturated 
resulting in capillary forces in the model soils, which helped to reduce the deformation. 

5. The stone columns technique was employed to increase both hydraulic conductivity and soil 
stiffness of embankments. The results show that the hydraulic conductivity plays a much 
more important role in reducing the deformation and liquefaction for seismic retrofit of the 
embankments. With increased hydraulic conductivity, stone columns can rapidly dissipate 
the buildup of excess pore pressure and result in a quick recovery of the lost effective stress 
during earthquakes, which in turn reduced the occurrence of large deformations. 
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CHAPTER 5. BRIDGE RESPONSE TO NEAR-FIELD GROUND MOTIONS 
 
 

DESCRIPTION OF BRIDGE SYSTEMS 
 
Bridge L472 
 
Bridge L472 is located over a drainage ditch immediately north of exit 8 (mile marker 9) on 
interstate highway I-55 approximately 5.6 km (3.5 miles) northeast of Steele in Pemiscot County, 
southeast Missouri. The geographic coordinates of the site are: (89.780° W, 36.100° N). The 
bridge longitudinal axis (traffic direction) is approximately 15° measured counterclockwise from 
the best-estimate orientation of the southwestern segment of the New Madrid Seismic Zone 
(NMSZ), as illustrated in Figure 2.1. Bridge L472 carries a total of four lanes of traffic. It was 
designed according to the 1949 AASHTO Specifications without seismic considerations. It was 
widened to become 11.6 m (38 ft) in 1971, and its deck was repaired in 1984. The elevation of 
this multi-span simply supported (MSSS) steel girder bridge is depicted in Figure 5.1, while 
Figure 5.2 depicts a steel bearing. The general layout of the bridge is also shown in Figures 5.3 
through 5.5 along with the orientation of its global coordinates (X, Y, and Z) as well as the local 
coordinates (x' and y') used for the bridge’s structural members. The bridge is skewed by 57°, the 
angle between bents and normal to the longitudinal axis of the bridge. It has five spans of a total 
length of 57.0 m (187 ft) with individual spans being 10.78 m (35 ft – 4½ in.), 10.17 m (33 ft – 
4¼ in.), 15.1 m (49 ft – 6½ in.), 10.17 m (33 ft – 4¼ in.), and 10.78 m (35 ft – 4½ in.). The 0.17 
m (6¾ in.) reinforced concrete deck is supported on simply-supported steel girders, which are 
restrained laterally by end diaphragms (at the location of each bent) and intermediate diaphragms 
(between bents), as shown in Figure 5.3. The superstructure is supported on six bents through 
TYPE “C” fixed and expansion steel bearings. A bent consists of a reinforced concrete cap beam 
with three reinforced concrete columns for the intermediate bents or four tapered columns for the 
end bents. Concrete pile foundations of lengths 7.6–9.1 m (25–30 ft) support all bents. All 
columns of the intermediate bents have 0.76 m × 0.76 m (30 in. × 30 in.) square sections and are 
reinforced with eight #7 longitudinal bars and #3 transverse tie bars at 0.30 m (12 in.) spacing. 
  

 
Figure 5.1 Elevation of Bridge L472. 

 
Figure 5.2 Steel bearing. 

 

 
Figure 5.3 Cross-section of end and intermediate diaphragms of Bridge L472. 
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Figure 5.4 Half plan showing foundations of bents 1, 2, and 3 of Bridge L472. 

 
 

 
Figure 5.5 Elevation of Bridge L472. 

 
Bridge A1466 
 
The A1466 twin bridges are located on interstate highway I-55 over railway tracks and a county 
road at approximately 4.8 km (3.0 miles) southeast of Hayti in Pemiscot County, southeast 
Missouri. The geographic coordinates of the site are: (89.740° W, 36.220° N). The bridge 
longitudinal axis is approximately 12° measured counterclockwise from the orientation of the 
southwestern segment. Each of the A1466 twin bridges carries a total of two lanes of traffic. 
They were designed according to the 1965 AASHTO Specifications without seismic 
considerations. These are multi-span continuous steel girder twin bridges 12.8 m (42 ft) apart 
center to center. The general layout of a bridge is shown in Figures 5.6 through 5.8 along with 
the orientation of the global and the local coordinates. The 10.5° skew bridge has four spans of 
total length of 74.8 m (245 ft – 5¼ in.) and roadway width of 11.4 m (37.5 ft). The lengths of the 
individual spans are 16.68 m (54 ft –8⅝ in.), 20.72 m (68 ft), 20.72 m (68 ft), and 16.68 m (54 ft 
– 8⅝ in.) for the spans between abutment 1 and bent 2, bents 2–3, 3–4, and bent 4 and abutment 
5, respectively. The 0.19 m (7½ in.) reinforced concrete deck is supported on continuous steel 
girders, restrained laterally by end diaphragms (at the location of each bent) and intermediate 
diaphragms (between bents), as shown in Figure 5.8. The superstructure is supported on three 
intermediate bents and two abutments through TYPE “D” fixed and expansion steel bearings. 
Each intermediate bent consists of a reinforced concrete cap beam with two reinforced concrete 
columns. The cross-section of all columns of the intermediate bents is circular of diameter 0.91 
m (3 ft). The longitudinal reinforcement is eight #10 bars; the transverse reinforcement is #3 bars 
at 0.30 m (12 in.) spacing. Treated timber pile foundations of length 12.2 m (40 ft) support all 
bents. The abutments are supported by cast-in-place concrete pile foundations of length 18.3 m 
(60 ft). 

Ground surface X
Z

Southwestern 
segment 

Center of span 
between bents 3–4  

X (longitudinal 
direction) 

1
  Y (transverse  
   direction) 2 3

 15° O 

 x' 

  y'
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Figure 5.6 Elevation of Bridge A1466. 

 

 
Figure 5.7 Plan showing foundations of Bridge A1466. 

 

 
Figure 5.8 Cross-section of end and intermediate diaphragms of Bridge A1466. 

 
FOUNDATION MODEL 
 
The foundation model of bridges L472 and A1466 is illustrated in Figure 5.9. The actual number 
of piles is replaced by a single pile with equivalent stiffness, which is represented by frame 
elements of 1.0 m (3 ft – 3 in.) length. Nonlinear elements representing the soil springs in the 
three orthogonal directions are located at every joint of the equivalent single pile element. 
Hysteretic p-y curves varying with depth are used to model the two horizontal springs, while 
hysteretic τ-z curves varying with depth are used to model the vertical springs. At the tip of the 
pile, however, a hysteretic q-z curve is used to model the vertical spring at this location. The p-y 
curves are modified to take into account pile group effects through the use of p-multipliers. 
Through the use of the degradation parameter Cu, the p-y curves are further modified to consider 
the effect of liquefaction on the soil-pile interaction of Bridge A1466. Radiation dashpots are 
applied in parallel to the soil springs.  

Southwestern segment 

Ground 
surface X

Z

    Y

X
12° O  x' 

 y'
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Figure 5.9 Foundation model and input motions. 

 
The input motions for L472 bridge foundation are the free-field displacement time-histories 
applied at the fixed joints of the soil springs. As obtained from Chapter 3 where liquefaction was 
not considered, these displacements vary with depth. Similarly, for A1466 bridge foundation, the 
input motions for the soil springs below the bottom level of the embankment are the free-field 
displacement time-histories from the site response analysis (600 m soil column). For those 
springs within the embankment (9.0 m depth), the displacement time-histories were obtained 
from the two-dimensional embankment response analyses using the software FLAC discussed in 
Chapter 4. Liquefaction is considered only for A1466 bridge site under MW 7.0 and 7.5 events. 
 
p-y Curves 
 
The p-y curve for the cyclic response of soft clays below the water table is constructed based on 
Matlock (1970), as shown in Figure 5.10. This model was recommended by the FHWA for the 
seismic design of highway bridge foundations (Lam and Martin, 1986). 
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Figure 5.10 p-y curve for soft clay below water surface under cyclic loading. 
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In Figure 5.10, the curved line is given by the following equation: 
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In Equation 5.1, p and pu (each in force per unit length) are the lateral soil resistance and the 
ultimate soil resistance, respectively, y is the pile deflection, and y50 is the critical pile deflection. 
In Figure 5.10,  z' and zcr  are the depth below the current surface (i.e., the finished ground 
surface shown in Figures 5.5 and 5.6 for L472 and A1466 bridge sites, respectively) and the 
critical depth where the soil wedge failure transforms to flow failure, respectively. pu and y50 are 
determined from the following equations: 
 

pu = Np cu D      (5.2) 
 

y50 = 2.5 ε50 D      (5.3) 
In Equations 5.2 and 5.3, Np is the ultimate lateral soil resistance coefficient, cu is the soil 
undrained shear strength, ε50 is the strain at one-half maximum deviator stress in a UU triaxial 
compression test, and D is the pile diameter. Np and zcr are determined from the following 
equations: 
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In Equations 5.4 and 5.5, γ  is the buoyant unit weight of soil, and J is a coefficient from 0.25 for 
stiff clay to 0.5 for soft clay. The p-y curve for sand is constructed according to Reese et al. 
(1974). However, for z' below five times the pile diameter, the p-y relationship is basically 
linear. In such a case, the stiffness of the soil spring in sand, Es , in force per unit length per unit 
deflection is given by Es = ks z' where ks is the modulus of horizontal subgrade reaction for sand 
in force per length3 (Ting, 1987; Lam and Martin, 1986). 
 
p-y Parameters for L472 Bridge 
 
Figure 5.11 illustrates the spring numbering and spacing on various pile groups supporting bents 
1 through 6 of Bridge L472 in which the numbers inside the parentheses represent the elevation 
in meters below the ground surface (coordinate Z in Figure 5.5). The top elevations represent the 
bottom of pile caps. The parameters used in determining the p-y curves at the location of the 
springs within the clay layers, all being above the water table, are given in Table 5.1, while those 
used in determining the stiffness of the elastic springs ki = Es Δz' within the sand layers are given 
in Table 5.2. Here, Δz' is the tributary length of each spring that can be determined from Figure 
5.11. 
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 Figure 5.11 Spring numbering and spacing on pile groups supporting bents 1 through 6. 
 

Table 5.1 p-y curve parameters of springs within the clay layer at L472 bridge site. 
Bent 
No. 

Spring 
No. 

z' 
(m) 

Clay 
type 

cu 
(kPa) ε50 

y50 
(m) Np pu 

(kN/m) 
zcr 
(m) 

1 and 6 1 6.64 medium 29.5 0.01 0.00823 9.00 107.5 3.86 
2 and 5 1 4.15 medium 29.5 0.01 0.00823 9.00 107.5 3.86 
J = 0.5 and γ = 9.43 kN/m3 for both springs 

 
Table 5.2 Elastic stiffness coefficient of springs within the sand layers at L472 bridge site. 

Bent No. Spring 
No. z' (m) Sand type ks 

(kN/m3) 
ES 

(kPa) 
ki 

(kN/m) 

2 7.64 medium dense 16280 124400 124400 
3 8.64 medium dense 16280 140700 140700 
4 9.64 medium dense 16280 156900 156900 
5 10.64 medium dense 16280 173200 173200 
6 11.64 medium dense 16280 189500 189500 
7 12.64 dense 33920 428700 428700 
8 13.64 dense 33920 462700 462700 

1 and 6 

9 14.64 dense 33920 496600 248300 
2 4.65 medium dense 16280 75700 56800 
3 5.65 medium dense 16280 92000 92000 
4 6.65 medium dense 16280 108300 108300 
5 7.65 medium dense 16280 124500 124500 
6 8.65 medium dense 16280 140800 140800 
7 9.65 dense 33920 327300 327300 
8 10.65 dense 33920 361200 361200 
9 11.65 dense 33920 395200 395200 

2 and 5 

10 12.65 dense 33920 429200 214600 
1 3.44 medium dense 16280 56000 56000 
2 4.44 medium dense 16280 72200 72200 
3 5.44 medium dense 16280 88500 88500 
4 6.44 medium dense 16280 104800 104800 
5 7.44 dense 33920 252300 252300 
6 8.44 dense 33920 286300 286300 
7 9.44 dense 33920 320200 320200 
8 10.44 dense 33920 354100 354100 

3 and 4 

9 11.44 dense 33920 388000 194000 

(-5.64) 

(-16.47) 

(-7.47) 
(-6.55)

(-15.55)

Bents 1 and 6 
Bents 3 and 41

2
3
4
5
6
7
8
9

1
2
3
4
5
6
7
8
9

10 

(-14.64) 

9@1.0=9.0m 

8@1.0=8.0m 
9@1.0=9.0m

0.5m 
0.5m 1

2
3
4
5
6
7
8
9

Bents 2 and 5
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In the bridge analyses using SAP2000 Nonlinear software, the nonlinear link element “Nllink” 
with “Plastic1 Property” is used to define the p-y curves. The plasticity model in this element is 
based on the hysteretic behavior proposed by Wen (1976), illustrated in Figure 5.12, in which the 
model is defined by three parameters: the elastic spring constant, ki, the yield force, fy, and the 
ratio of post-yield stiffness to elastic stiffness, α.  A fourth parameter is an exponent factor,   
exp≥ 1.0, where larger values of this exponent increase the sharpness of yielding, as shown in 
Figure 5.12.  
 

 fy 

ki ki 

α ki  
f 

exp=2

exp→∞

exp=1

d 
 

Figure 5.12 Force-deformation hysteretic model of Wen (1976). 
 
Since y never reached the ultimate limit of y = 3y50 = 0.025m corresponding to p/pu = 0.72 of 
Figure 5.10 in all analyses, the parameters used in defining the p-y curves for the springs within 
the clay layer at spring No. 1 on piles supporting bents 2 and 5 are taken ki = 13308 kN/m,  fy = 
24.0 kN, and α = 0.0499 with exp = 10. The approximated bilinear curve is illustrated by the 
thick line in Figure 5.13 where Δz' = 0.5m for this spring. The procedure is repeated for other 
springs when y < 3y50  for better approximation of the original p-y curve. 
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Figure 5.13 p-y curve for spring No. 1 of bents 2 and 5 within the clay layer. 

 
p-y Parameters for Bridge A1466 
 
Figure 5.14 illustrates the spring numbering and spacing on various piles supporting abutments 1 
and 5, as well as bents 2 through 4 of Bridge A1466 in which the numbers inside the parentheses 
represent the elevation in meters below the ground surface (coordinate Z in Figure 5.6). The top 
elevations represent the bottom level of pile caps. The parameters used to define the p-y curves 
for clay and sand layers at the location of springs of the piles supporting abutments 1 and 5 are 
given in Tables 5.3 and 5.4, while those of the piles supporting bents 2 through 4 are given in 
Tables 5.5 and 5.6. Note that the piles of abutments 1 and 5 are modeled individually as they are 

ki=13300kN/m
fy=24.0kN 
α=0.0499 
exp=10
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a single line of piles with spacing of 1.8 m (5 ft – 11 in.), as illustrated in Figure 5.7, while those 
of bents 2 through 4 are modeled as a pile group. Note also that the battered piles are treated as 
vertical ones since their slope is only 2 horizontal unit displacements every 12 vertical units 
(approximately 9.5° for a vertical plane). The three parameters defining the p-y curve on a single 
pile (not including pile group effect or liquefaction) for the springs within the clay layers are 
given in Table 5.7, while the stiffness of the elastic springs within the sand layers is given in 
Tables 5.4 and 5.6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 

Figure 5.14 Spring numbering and spacing on pile groups. 
 

 
Table 5.3 p-y curve parameters for springs within the clay layers (A1466: abutments). 

Spring 
No. 

z' 
(m) Clay type cu 

(kPa) ε50 
y50 
(m) Np pu 

(kN/m) 
zcr 
(m) 

1 2.90 medium 23.9 0.01 0.00823 7.71 74.9 12.1 
2 4.12 medium 47.9 0.01 0.00823 8.89 172.5 13.76 
3 5.34 medium 55.1 0.01 0.00823 9.00 201.0 14.01 
4 6.56 medium 55.1 0.01 0.00823 9.00 201.0 14.01 
5 7.78 medium 83.8 0.01 0.00823 9.00 305.8 14.63 
6 9.00 medium 83.8 0.01 0.00823 9.00 305.8 14.63 
7 10.22 soft 7.2 0.02 0.01615 9.00 26.2 7.73 

J = 0.5 and γ = 9.43 kN/m3 for all springs 
 
 
 
 
 

(-23.02) 

(-1.68)

(-10.82) 

Abutments 1 and 5

1
2
3
4
5
6
7
8
9

1
2
3
4
5
6
7
8
9

10 

(-19.98)

15@1.22=18.3m 

10@1.22=12.2m 

Bents 2 to 4

10 
11 
12 
13 
14 
15 

0.61m

0.61m
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Table 5.4 p-y curve parameters of springs within the sand layers (A1466: abutments). 
Spring 

No. 
z' 

(m) 
Sand 
type 

ks 
(kN/m3) 

ES 
(kPa) 

ki 
(kN/m) 

8 11.44 medium 16280 186200 227200 
9 12.66 medium 16280 206100 251400 

10 13.88 medium 16280 226000 275700 
11 15.10 medium 16280 245800 299900 
12 16.32 medium 16280 265700 324100 
13 17.54 medium 16280 285500 348400 
14 18.76 medium 16280 305400 372600 
15 19.98 medium 16280 325300 396800 

 
Table 5.5 p-y curve parameters of springs within the clay layers (A1466: bents). 

Spring 
No. 

z' 
 (m) 

Clay 
type 

cu 
(kPa) ε50 

y50 
(m) Np pu 

(kN/m) 
zcr 
(m) 

1 1.83 medium 29.5 0.01 0.00823 6.43 76.7 3.20 
2 3.05 medium 29.5 0.01 0.00823 8.32 99.4 3.86 
3 4.27 soft 6.0 0.02 0.01615 9.00 21.8 2.14 
4 5.49 medium 29.5 0.01 0.00823 9.00 107.5 3.86 
5 6.71 medium 29.5 0.01 0.00823 9.00 107.5 3.86 

J = 0.5 for all springs and γ = 18.86 kN/m3 for spring No.1 but 9.43 kN/m3 for other springs 
 

Table 5.6 p-y curve parameters of springs within the sand layers (A1466: bents). 
Spring 

No. 
z' 

 (m) Sand type ks 
(kN/m3) 

ES 
(kPa) 

ki 
(kN/m) 

6 7.93 loose 5430 43100 52500 
7 9.15 medium 16280 149000 181700 
8 10.37 medium 16280 168800 206000 
9 11.59 medium 16280 188700 230200 

10 12.81 Dense 33920 434500 530100 
 
Pile Group Effect 
 
Single soil-pile interaction analyses by the p-y curves described above must be extended to 
reflect the pile group configurations. The concept of p-multipliers to account for group effects 
was proposed by Brown et al. (1988). The p-multipliers are reduction factors applied to the p-y 
relationship computed for an individual pile. Analysis of 2 × 2 and 3 × 3 pile group shake table 
tests performed at the University of California-Berkeley/PEER Center Earthquake Simulator 
Laboratory found that the p-multipliers were mainly related to the peak ground acceleration of 
the input motion, as illustrated in Figure 5.15 (Lok, 1999). For the 2 × 2 pile group of bents 2 
through 5 of Bridge L472, the p-multipliers are determined from Figure 5.15 as 0.45, 0.30, and 
0.25 corresponding to the simulated ground motions from MW 6.5, 7.0, and 7.5, respectively. 
Therefore, since liquefaction is not considered at site L472, ki and fy of Figure 5.13 and Table 5.2 
must be multiplied by 4 × 0.45 = 1.80, 4 × 0.30 = 1.20, and 4 × 0.25 = 1.0 for MW 6.5, 7.0, and 
7.5, respectively, to obtain the final parameters defining the p-y curves. For simplicity and lack 
of information, the other 5-piles group supporting bents 1 and 6, illustrated in Figure 5.4, is 
treated the same way as the 2 × 2 pile group. 
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Table 5.7 Hysteretic model parameters of springs on a single pile within the clay layers. 

Location Spring 
No. 

ki 
(kN/m) 

fy 
(kN) α 

1 14500 32.5 0.0522 
2 44400 99.2 0.0527 
3 51700 114.8 0.0534 
4 51700 114.8 0.0534 
5 78700 176.2 0.0526 
6 78700 176.2 0.0526 

Abutments 1 
and 5 * 

7 5390 15.1 0.0322 
1 14800 32.9 0.0533 
2 25600 57.0 0.0531 
3 8300 12.5 0.0174 
4 27700 61.0 0.0541 

Bents 
2 to 4 ** 

5 27700 61.0 0.0541 
* To be modified for the effect of liquefaction. 
** To be modified for the effects of pile group and 
    liquefaction. 

 
 

 
Figure 5.15 p-multipliers and maximum horizontal acceleration relationship (Lok, 1999). 

 
On the other hand, for the 8-piles group depicted in Figure 5.16 of bents 2 through 4 of Bridge 
A1466, a rational approach is followed. Referring to Figure 5.16, it is assumed that the fault-
parallel component of motion (along the X-axis) would deform the six outer piles as the 3 × 3 
pile group case, while the two inner piles are assumed to deform as a part of a 2 × 2 pile group. 
Similarly, the fault-normal component of motion (along the Y-axis) would deform the six outer 
piles as the 2 × 2 pile group case, while the two inner piles are assumed to deform as a part of a 3 
× 3 pile group configuration (lower bound). 
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Figure 5.16 Group piles supporting bents 2 through 4 of Bridge A1466. 

 
The p-multipliers in each direction can thus be determined according to the following equations: 
 

2233 26 X
FP

X
FPFP pmpmpm +=      (5.5) 

 
3322 26 X

FN
X

FNFN pmpmpm +=      (5.6) 
 

In Equations 5.5 and 5.6, pm denotes for the p-multiplier, the subscripts FP and FN denote for 
the fault-parallel and fault-normal, respectively, and the superscript 2 × 2 and 3 × 3 denote for 
the pile group configuration. Only a single simulation from each of MW 6.5, 7.0, and 7.5 
earthquake events is given in Table 5.8 to illustrate the approach.  

 
Table 5.8 Estimation of p-multipliers for the 8-piles group (A1466 – bents 2 through 4). 

MW Sim # Direction (Axis) pm2x2 pm3x3 Pm 
fault-parallel (X) 0.55 0.28 6×0.28+2×0.55 = 2.78 6.5* 37 fault-normal (Y) 0.75 0.45 6×0.75+2×0.45 = 5.40 
fault-parallel (X) 0.45 0.20 6×0.20+2×0.45 = 2.10 7.0** 59 fault-normal (Y) 0.40 0.18 6×0.40+2×0.18 = 2.76 
fault-parallel (X) 0.25 0.11 6×0.11+2×0.25 = 1.16 7.5** 48 fault-normal (Y) 0.25 0.11 6×0.25+2×0.11 = 1.72 

* Liquefaction was not taken into account in the site response analysis. 
** Liquefaction was taken into account in the site response analysis. 

 
Liquefaction Effect 
 
The buildup of pore water pressure in sand affects the p-y curves and thus the lateral response of 
the piles during shaking. These effects had been evaluated by Liu and Dobry (1995) through a 
series of centrifuge tests in which a single pile was embedded in saturated sand with a relative 
density, Dr, of approximately 60% and subjected to slow, cyclic load with peak ground 
accelerations ranging from 0.06 to 0.4 g. Based on the test results, they derived a degradation 
parameter, Cu, that would vary linearly with the excess pore pressure ratio, ru, with a minimum 
value of 0.10 when ru=100%. Recently, Wilson (1998) performed a series of dynamic centrifuge 
tests of pile supported structures by using a new shake table on the 9.0 m (29½ ft) radius 
centrifuge at the University of California-Davis. The results from the tests showed that the effect 

            X-axis  
 (longitudinal direction)

Y-axis 
(transverse direction) 



 116

of liquefaction on soil-pile interaction is also related to the strain history, strain rate, soil type, 
and soil density. Wilson found that a multiplier from 0.25 to 0.35 for a Dr  value of 
approximately 55%, to 0.10 for a Dr value of approximately 35% must be applied to the peak 
loads that were determined for liquefied sands in a pseudostatic analysis. The main difference 
between the two methods lies in the loading rate. In Wilson’s results, by assuming that the 
relationship between ru and Cu is still linear, the degradation parameter can be calculated by: 
 

uu rC 90.01−=   for loose and relative dense sands  (5.7) 

 

uu rC 65.01−=   for medium dense sand   (5.8) 
 

In the numerical simulation, the excess pore pressure ratio of the p-y springs is obtained by 
averaging the excess pore pressure ratios of the adjacent soil elements at each time-step, from 
which the degradation parameter is calculated as shown in Table 5.9.  
 

Table 5.9 Degradation parameter Cu for MW 7.0 and 7.5. 
MW 7.0 (Simulation #59) MW 7.5 (Simulation #48) 

Location Spring 
No. Fault-

parallel 
Fault-

normal 
Fault-

parallel 
Fault-

normal 
12 0.67 0.6 0.55 0.44 
13 0.46 0.43 0.35 0.34 
14 0.51 0.43 0.35 0.34 

Abutments 1 
and 5 

15 0.56 0.43 0.36 0.34 
6 0.67 0.6 0.55 0.44 
7 0.46 0.43 0.35 0.34 
8 0.51 0.43 0.35 0.34 
9 0.56 0.43 0.36 0.34 

Bents 
2 through 4 

10 0.81 0.76 0.73 0.71 
 
The liquefied sand layers behave beyond the elastic range. Therefore, the elastic behavior of 
springs No. 12–15 on piles supporting abutments 1 and 5, as well as springs No. 6–10 on piles 
supporting bents 2 through 4 is no longer applicable. Moreover, the Reese et al. (1974) curves 
are divided into four segments that are difficult to fit into the SAP2000’s “Plastic1 Property” 
model. Instead, the p-y curve for sand from the work of O’Neill and Murchison (1983) is 
selected for the liquefaction case. The form of the p-y curve is given by: 
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In Equation 5.9, η = 1.0 for circular piles, A = 0.9 for cyclic loading, pu is the ultimate soil 
resistance per unit length of the pile, ks is the modulus of lateral soil reaction (force/length3), and 
z' is the depth. The values of pu are given in Table 5.10. The p-y relationship can then be plotted 
by using Equation 5.9 and data from Table 5.10. Figure 5.17 illustrates the f-y curve for spring 
No. 15 on the abutment piles within the liquefied sand layer. Here, the f-y curve (where f is the 
force in the spring normal to the pile) is obtained by multiplying p by the tributary length of the 
spring Δz = 1.22m (4 ft). In Figure 5.17, ki = ks z 'Δz computed before in Table 5.4, while fy = η 
Apu Δz. 
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Table 5.10 Ultimate soil resistance pu for springs in sand layers. 
Location Spring 

No. 
pu 

(kN/m) 
12 2224 
13 2391 
14 2557 

Abutments 1 
and 5 

15 2723 
6 858 
7 1247 
8 1414 
9 1580 

Bents 
2 through 4 

10 1746 
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Figure 5.17 f-y curve for spring No. 15 before applying Cu. 

 
Summary of f-y Curve Parameters 
 
The f-y curve parameters of all springs on every pile of Bridge A1466 can then be calculated 
from the procedure described above, including pile group and liquefaction effects. They are 
summarized in Tables 5.11 and 5.12, corresponding to MW 7.0 and 7.5 earthquake events, 
respectively. 
 
τ-z Curves 
 
The τ-z curve used to model the soil-pile interaction along the axis of the pile was constructed 
according to McVay et al. (1989): 
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β 0=

      (5.11) 
 

In Equations 5.10 and 5.11, z is the vertical displacement, Gi is the initial shear modulus, τf is the 
failure shear stress at the soil-pile interface, τ is the shear stress on the soil-pile interface, r0 is the 
radius of piles, and rm is the radius of the influence zone that can be represented by: 

)1( vlfrm −=       (5.12) 
 

ki=396800kN/m 
fy=2990kN  
α=0 & exp=10 
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Table 5.11 f-y curve parameters for Bridge A1466 under an MW 7.0 earthquake. 
MW 7.0 (Simulation #59) 

Fault-parallel Fault-normal Location Spring 
No. ki (kN/m) fy (kN) α ki  (kN/m) fy (kN) α 
1 14500 32.5 0.0522 14500 32.5 0.0522 
2 44400 99.2 0.0527 44400 99.2 0.0527 
3 51700 114.8 0.0534 51700 114.8 0.0534 
4 51700 114.8 0.0534 51700 114.8 0.0534 
5 78700 176.2 0.0526 78700 176.2 0.0526 
6 78700 176.2 0.0526 78700 176.2 0.0526 
7 5390 15.1 0.0322 5390 15.1 0.0322 
8 227100 - - 227100 - - 
9 251300 - - 251300 - - 

10 275500 - - 275500 - - 
11 299700 - - 299700 - - 
12 324100 1636.1 0 324100 1465.2 0 
13 348400 1207.6 0 348400 1128.9 0 
14 372600 1431.9 0 372600 1207.3 0 

Abutments 1 
and 5 

15 396800 1674.3 0 396800 1285.6 0 
1 31100 69.2 0.0533 40900 90.9 0.0533 
2 53700 119.6 0.0531 70600 157.2 0.0531 
3 17400 26.2 0.0174 22800 34.4 0.0174 
4 58100 128.0 0.0541 76400 168.3 0.0541 
5 58100 128.0 0.0541 76400 168.3 0.0541 
6 110300 1325.5 0 144900 1560.1 0 
7 381600 1322.7 0 501500 1625.0 0 
8 432600 1662.8 0 568600 1842.6 0 
9 483400 2040.2 0 635400 2058.9 0 

Bents 
2 through 4 

10 1113000 3261.0 0 1463000 4021.3 0 
Notes: 
1- Piles of abutments 1 and 5 were modeled individually without their group effect. 
2- Liquefaction was taken into account in the parameters of springs No. 12–15 on 
    abutment piles and springs No. 6–10 on bent piles. 
3- For springs No. 12–15 of abutment piles, ki was obtained from Table 5.4 while 
     fy = η A pu Δz Cu with pu and Cu taken from Tables 5.10 and 5.9, respectively. 
4- For springs No. 6–10 of bent piles, ki obtained from Table 5.6 was multiplied by  
     pm in Table 5.8 while fy = η A pu Δz Cu pm. 

 
where l is the length of a pile, f is the ratio of the soil shear moduli at the middle and at the tip of 
the pile, and ν  is Poisson’s ratio estimated as 0.30 for sand and 0.45 for clay. The Mohr-
Coulomb failure criterion was used to determine τf  as follows: 

 
'' tanφστ vf c +=      (5.13) 

 
in which c is the cohesion of the soil shear strength, and φ' represents the angle of internal 
friction. They can be estimated from laboratory data or the in situ data of penetration resistance. 
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Table 5.12 f-y curve parameters for Bridge A1466 under an MW 7.5 earthquake. 
MW 7.5 (Simulation #48) 

Fault-parallel Fault-normal Location Spring 
No. ki 

(kN/m) 
fy 

(kN) α ki 
(kN/m) 

fy 
(kN) α 

1 14500 32.5 0.0522 14500 32.5 0.0522 
2 44400 99.2 0.0527 44400 99.2 0.0527 
3 51700 114.8 0.0534 51700 114.8 0.0534 
4 51700 114.8 0.0534 51700 114.8 0.0534 
5 78700 176.2 0.0526 78700 176.2 0.0526 
6 78700 176.2 0.0526 78700 176.2 0.0526 
7 5390 15.1 0.0322 5390 15.1 0.0322 
8 227100 - - 227100 - - 
9 251300 - - 251300 - - 

10 275500 - - 275500 - - 
11 299700 - - 299700 - - 
12 324100 1343.1 0 324100 1074.5 0 
13 348400 918.9 0 348400 892.6 0 
14 372600 982.7 0 372600 954.6 0 

Abutments 1 
and 5 

15 396800 1076.3 0 396800 1016.6 0 
1 17200 38.2 0.0533 25500 56.6 0.0533 
2 29700 66.1 0.0531 44000 98.0 0.0531 
3 9600 14.5 0.0174 14200 21.4 0.0174 
4 32100 70.7 0.0541 47600 104.9 0.0541 
5 32100 70.7 0.0541 47600 104.9 0.0541 
6 60900 601.0 0 90300 713.0 0 
7 210800 555.9 0 312500 800.7 0 
8 239000 630.3 0 354300 907.9 0 
9 267000 724.5 0 395900 1014.5 0 

Bents 
2 through 4 

10 614900 1623.4 0 911800 2341.2 0 
Notes: 
1- Piles of abutments 1 and 5 were modeled individually without their group effect. 
2- Liquefaction was taken into account in the parameters of springs No. 12–15 on 
    abutment piles and springs No. 6–10 on bent piles. 
3- For springs No. 12–15 of abutment piles, ki was obtained from Table 5.4 
    while fy = η A pu Δz Cu where pu and Cu were taken from Tables 5.10 and 5.9, 
    respectively. 
4- For springs No. 6–10 of bent piles, ki obtained from Table 5.6 was multiplied by  
     pm in Table 5.8 while fy = η A pu Δz Cu pm. 

 
The initial shear modulus, Gi, for sand and clay is estimated according to Seed et al. (1986) and 
Seed and Idriss (1970) by: 
 

'
max,21000 σKGi =   for sand  (psf)    (5.14) 

 
Gi = 2000 cu   for clay  (psf)     (5.15) 
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In Equations 5.14 and 5.15, K2,max = 65 for medium dense sand, and 'σ  is the effective mean 
principle stress in psf. 
 
τ-z Parameters for Bridge L472 
 
The SAP2000 Nonlinear software, “Nllink Element” with “Plastic1 Property” was used to define 
the τ-z curves. For the L472 site, the τ-z curve parameters of the springs on bent piles are given 
in Table 5.13. Figure 5.18 illustrates the f-z curve for spring No. 2 on the piles of bents 1 and 6 
within the sand layer. Here, the f-z curve (where f is the force in the spring parallel to the pile) 
was obtained by multiplying τ by the pile perimeter (pile diameter is 0.41 m or 16 in.), the 
tributary length of the spring Δz from Table 5.13, and the total number of piles (N = 4). The f-z 
curve parameters used in the bridge model are summarized in Table 5.14. 
 

Table 5.13 τ-z curve parameters for Bridge L472. 

Bent No. Spring 
No. 

z' 
(m) 

cu 
(kPa) 

γ 
(kN/m3) 

'σ  
(kPa) 

Gi 
(kPa) 

τf 
(kPa) 

1 6.64 29.5 9.43 59.2 29400 80.7 
2 7.64 0 9.43 65.5 115100 56.7 
3 8.64 0 9.43 71.8 120500 62.1 
4 9.64 0 10.37 78.7 126100 82.6 
5 10.64 0 10.37 85.6 131600 89.9 
6 11.64 0 10.37 92.5 136800 97.1 
7 12.64 0 10.37 99.5 141800 104.4 
8 13.64 0 10.37 106.4 146600 111.7 

1 and 6 

9 14.64 0 10.37 113.3 151300 118.9 
1 4.15 29.5 9.43 26.5 29400 52.4 
2 4.65 0 10.37 30.0 77800 31.5 
3 5.65 0 10.37 36.9 86300 38.7 
4 6.65 0 10.37 43.8 94100 46.0 
5 7.65 0 10.37 50.7 101200 53.2 
6 8.65 0 10.37 57.6 107900 60.5 
7 9.65 0 10.37 64.5 114200 67.7 
8 10.65 0 10.37 71.5 120200 75.0 
9 11.65 0 10.37 78.4 125900 82.3 

2 and 5 

10 12.65 0 10.37 85.3 131300 89.5 
1 3.44 0 10.37 22.6 67600 23.8 
2 4.44 0 10.37 29.5 77300 31.0 
3 5.44 0 10.37 36.5 85800 38.3 
4 6.44 0 10.37 43.4 93600 45.5 
5 7.44 0 10.37 50.3 100800 52.8 
6 8.44 0 10.37 57.2 107500 60.0 
7 9.44 0 10.37 64.1 113800 67.3 
8 10.44 0 10.37 71.0 119800 74.6 

3 and 4 

9 11.44 0 10.37 77.9 125500 81.8 
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Figure 5.18 f-z curve for spring No. 2 on the piles of bents 1 and 6 in Bridge L472. 

 
Table 5.14 f-z curve parameters used in the L472 bridge model. 

Bents 1 and 6 Bents 2 and 5 Bents 3 and 4 
Spring 

No. ki 
(kN/m) 

fy 
(kN) 

ki 
(kN/m) 

fy 
(kN) 

ki 
(kN/m) 

fy 
(kN) 

1 90800 412.1 21000 133.8 161800 121.5 
2 286700 289.6 91000 120.7 195900 158.3 
3 305500 317.1 194500 197.6 225300 195.6 
4 312400 421.8 223100 234.9 251400 232.4 
5 331400 459.1 248800 271.7 275100 269.6 
6 349500 495.9 272300 309.0 296900 306.4 
7 366700 533.2 294100 345.7 317300 343.7 
8 383300 570.4 314500 383.0 336500 381.0 
9 399100 607.2 333600 420.3 354700 417.8 

10   351800 457.1   
α = 0 and exp = 10 for all springs 

 
τ-z Parameters for Bridge A1466 
 
For the A1466 site, the τ-z curve parameters at the location of springs are given in Table 5.15. 
The f-z curve (where f is the force in the spring parallel to the pile) can then be determined by 
multiplying τ by the pile perimeter (where the diameter is 0.305 m or 12 in.), the tributary length 
of the spring Δz (from Table 5.15), and the total number of piles (N = 1 pile for abutments 1 and 
5 or N = 8 piles for bents 2 through 4). The final parameters defining the f-z curves in the bridge 
model are summarized in Table 5.16. 
 
q-z Curves 

 
The q-z curve used to model the soil-pile interaction at the pile tip was constructed according to 
McVay et al. (1989). It can be described by the following equation: 
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ki= 286700kN/m 
fy=289.6kN  
α=0 
exp=10 
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Table 5.15 τ-z curve parameters for Bridge A1466. 

Location Spring 
No. 

z' 
(m) 

cu 
(kPa) 

γ 
(kN/m3) 

'σ  
(kPa) 

Gi 
(kPa) 

τf 
(kPa) 

1 2.90 23.9 9.43 18.2 24000 39.7 
2 4.12 47.9 9.43 25.9 47900 70.3 
3 5.34 55.1 9.43 33.5 55100 84.1 
4 6.56 55.1 9.43 41.2 55100 90.8 
5 7.78 83.8 9.43 48.9 83800 126.1 
6 9.00 83.8 9.43 56.5 83800 132.8 
7 10.22 7.2 9.43 64.2 7200 62.8 
8 11.44 0 10.37 72.6 121200 62.9 
9 12.66 0 10.37 81.0 128100 70.2 

10 13.88 0 10.37 89.5 134600 77.5 
11 15.10 0 10.37 97.9 140800 84.8 
12 16.32 0 10.37 106.3 146700 92.1 
13 17.54 0 10.37 114.8 152400 99.4 
14 18.76 0 10.37 123.2 157900 106.7 

Abutments 
1 and 5 

15 19.98 0 10.37 131.6 163200 114.0 
1 1.83 29.5 18.86 23.0 29500 49.4 
2 3.05 29.5 9.43 30.7 29500 56.0 
3 4.27 6.0 9.43 38.3 6000 39.2 
4 5.49 29.5 9.43 46.0 29500 69.3 
5 6.71 29.5 9.43 53.6 29500 75.9 
6 7.93 0 10.37 62.1 112100 53.8 
7 9.15 0 10.37 70.5 119500 61.1 
8 10.37 0 10.37 78.9 126400 68.4 
9 11.59 0 10.37 87.4 133000 75.7 

Bents 
2 through 4 

10 12.81 0 10.37 95.8 139200 83.0 
 

Table 5.16 τ-z curve parameters used in the A1466 bridge model. 
Abutments 

1 and 5 
Bents 

2 through 4 Spring 
No. ki 

(kN/m) 
fy 

(kN) 
ki 

(kN/m) 
fy 

(kN) 
1 13000 46.4 155200 461.7 
2 26900 82.1 156300 523.4 
3 31100 98.2 31000 366.4 
4 31200 106.1 158000 647.7 
5 47900 147.3 158600 709.3 
6 48000 155.1 518000 502.8 
7 4000 73.4 555800 571.0 
8 60300 73.5 591100 639.3 
9 64100 82.0 624700 707.5 

10 67600 90.5 656100 775.7 
11 71000 99.1 - - 
12 74200 107.6 - - 
13 77200 116.1 - - 
14 80200 124.6 - - 
15 83000 133.2 - - 

α = 0 and exp = 10 for all springs 
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in which Qb is the mobilized tip resistance, Qf = qtπr0
2 is the ultimate tip resistance, and qt is the 

net unit toe-bearing resistance. In sandy soils, qt may be expressed as (Kulhawy et al., 1983): 
 

*'*
qzDt NNDq σγ γ +=       (5.17) 

 

 

Failure tip force, Qf

Pile tip resistance, Qb 

Function of Gi 

Vertical displacement of pile, z  
Figure 5.19 Pile tip resistance and vertical displacement relationship. 

 
In Equation 5.17, *

γN  and *
qN  are the bearing capacity factors, γ is the unit weight of soil 

immediately beneath the pile toe, and '
zDσ  is the vertical effective stress at the pile toe. The 

specific values used for the bearing capacity factors are a function of the internal angle of 
friction. In the bridge model, “Nllink Element” with “Plastic1 Property” was also used to define 
the q-z curves. For the L472 bridge site, the q-z curve parameters at the tip of the piles 
supporting bents 1 and 6 are Gi = 151300 kPa, Qf = 857.6 kN, r0 = 0.203m, and ν = 0.3, from 
which the three parameters used in the model are ki = 617900 kN/m, fy = 3430.3 kN (Qf 
multiplied by the number of piles), and α = 0. The corresponding parameters of bents 2 and 5 are 
Gi = 131300 kPa, Qf = 638.7 kN, ki = 488500 kN/m, fy = 2554.8 kN, and α = 0, while those of 
bents 3 and 4 are Gi = 125500 kPa, Qf = 584.0 kN, ki = 471400 kN/m, fy = 2336.0 kN, and α = 0. 
For Bridge A1466, the parameters used to determine the q-z curves at the tip of the abutment 
piles are Gi = 163200 kPa, Qf = 971.9 kN, r0 = 0.152m, and ν = 0.3, from which ki = 129400 
kN/m, fy = 971.9 kN, and α = 0, while those of the bent piles are Gi = 139300 kPa, Qf = 708.3 kN, 
from which ki = 852000 kN/m, fy = 5666.4 kN, and α = 0. 
 
Radiation Damping  
 
Radiation damping was used to describe the effect of energy loss due to wave propagation away 
from the foundation element as it interacts with the surrounding soil. It was determined 
according to Gazetas and Dobry (1984): 
 

⎥
⎦

⎤
⎢
⎣

⎡
−

+=
)1(

4.312
νπ

ρ sVDC
     (5.18) 

 
in which C is the radiation damping (kN-sec/m), ρ is the density of soil (kN/m3), Vs is the shear 
wave velocity (m/sec), and D is the pile diameter (m). In the bridge model, “Nllink Element” 
with “Damper Property” was used to define radiation damping. This element can be represented 
by the following nonlinear force-deformation relation: 



 124

exp. c

cdcf =       (5.19) 

in which f is the force in the damper (kN), cd
.

 is the deformation rate across the damper (m/sec), 
and c = CΔz/g is the damping coefficient (kN-sec/m) of the damper. The practical range of the 
damping exponent cexp is between 0.2 and 2.0 (1.0 was taken). Table 5.17 gives the shear wave 
velocities at various spring locations and the damping coefficient c for both L472 and A1466 
bridges. Dampers were introduced in the foundation model parallel to the springs in the three 
orthogonal directions. 
 

Table 5.17 Damping coefficients used in the bridge models. 
L472 Bridge A1466 Bridge 

Bents 1, 2, 5 & 6 Bents 3 & 4 Abutments 1 & 5 Bents 2, 3 & 4 Spring 
No. 

Vs 
(m/sec) 

c 
(kN-sec/m) 

Vs 
(m/sec) 

c 
(kN-sec/m) 

Vs 
(m/sec) 

c  
(kN-sec/m) 

Vs 
(m/sec) 

c  
(kN-sec/m) 

1 146.9 546.7 152.6 567.9 126.3 391.7 153 461.8 
2 146.9 546.7 152.6 567.9 178.6 554.0 153 461.8 
3 152.6 567.9 187.4 697.4 191.6 594.1 190 573.5 
4 152.6 567.9 187.4 697.4 191.6 594.1 190 573.5 
5 187.4 697.4 205 762.9 236.3 732.9 190 573.5 
6 187.4 697.4 205 762.9 236.3 732.9 190 573.5 
7 205 762.9 233.7 869.7 69.2 214.6 190 573.5 
8 205 762.9 233.7 869.7 259.4 965.5 190 573.5 
9 233.7 869.7 233.7 869.7 266.7 992.4 250 754.6 

10 233.7 869.7 - - 273.3 1017.2 250 754.6 
11 - - - - 279.6 1040.4 - - 
12 - - - - 285.4 1062.1 - - 
13 - - - - 290.9 1082.5 - - 
14 - - - - 296.1 1101.9 - - 
15 - - - - 301.0 1120.3 - - 

 
STRUCTURE MODEL 
 
Modeling of Nonlinearities 
 
One three-dimensional model for each bridge structure and its supporting piles as well as 
surrounding soils, referred to as soil-pile-bridge system, was established taking into account the 
spatial variation of time-dependent loads along the pile length. Each system was modeled with 
the frame and shell elements as described in the SAP2000 Nonlinear structural analysis software. 
While shell elements were used to model the deck of a bridge, beam elements were used for steel 
girders, reinforced concrete (RC) cap beams, columns, abutments, and concrete or timber piles. 
Nonlinear link elements, “Nllink,” were used to model the soil springs and radiation damping 
described before, Types “C” and “D” expansion bearings, plastic hinges at the top and bottom of 
RC columns, and expansion joints accounting for the effect of pounding between two adjacent 
decks and girders. Rigid elements were also used to represent the depth of the steel girders at 
points of contact with the steel bearings and half the depth of the cap beam at points of contact 
with the columns or the steel bearings. Issues in modeling various nonlinearities are summarized 
below.  
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Effective Stiffness of Reinforced Concrete Members 
 
To reflect the cracked state of concrete members of the bridges in the seismic response analysis, 
an effective stiffness or cracked-section moment of inertia Ie was employed. The effective 
stiffness, Ec Ie, not only reflects the effect of cracking but also the concrete confinement, the first 
yielding of reinforcement and the expected level of axial forces in the member. The effective 
stiffness can be determined from the moment-curvature analysis of a section by: 
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where My and Фy are the yield moment and its corresponding curvature of the cross-section, 
respectively. It was assumed that the effective stiffness reductions for shear and axial loading are 
both proportional to the effective stiffness reduction in flexure (Priestley et al., 1996): 
 

g

e
vve I

I
AA =

 ,   g

e
ge I

I
AA =

                 (5.21) 
 
in which Ave and Av are the effective and gross shear area, respectively, while Ig is the gross 
moment of inertia of the cross-section, and Ag is the area of the cross-section. In the bridge 
model with SAP2000 software, the gross section properties of each concrete member are 
modified through the use of “Property Factors.” These factors may be different for the two 
principal axes of the cross-section due to unsymmetrical dimensions or reinforcement. In such a 
case, an average factor was considered for the effective shear, axial, and torsional properties. 
 
Moment-Curvature Analysis of Bridge Columns 
 
The moment-curvature relation of the cross-section of each representative column was developed 
to predict the plastic rotations at the top and at the bottom of the column. The flexural strength of 
the cross-section corresponds to the conditions when the extreme fiber compression strain 
reaches 0.004 or when the tensile strain in the extreme tension reinforcement reaches 0.015, 
whichever occurs first (Priestley et al., 1996). The moment-curvature analysis was performed 
using the USC_RC software developed at the University of Southern California (USC). The 
software utilizes the material model for confined concrete developed by Mander et al. (1988). 
Figure 5.20 illustrates the influence of confinement on the compressive behavior of concrete. 
Because of poor transverse reinforcement (#3 at 0.30 m), the compressive strength is hardly 
increased from 20.7 MPa (3.0 ksi) to 21.5 MPa (3.1 ksi). However, the compressive strain prior 
to failure is remarkably improved, as shown in Figure 5.20. The USC_RC software models the 
reinforcing steel with four parameters to describe the strain-hardening behavior. These 
parameters are K1, the ratio of the strain at start of the strain-hardening to the yield strain, K2, 
the ratio of strain at ultimate strength to yield strain, K3, the ratio of ultimate strain to yield 
strain, and K4, the ratio of the ultimate strength to the yield strength. Figure 5.21 illustrates the 
test results of five specimens representative to the A36 steel similar to those used in both L472 
and A1466 bridges. The idealized stress-strain relationship is also shown in thick solid line, in 
which K1 = 8, K2 = 110, K3 = 170, and K4 = 1.7.  
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Figure 5.20 Confinement effect.                   
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Figure 5.21 Steel stress-strain curve.

           
Figures 5.22 and 5.23 illustrate the dimensions and reinforcement of cross-sections, moment-
curvature relations and their bilinear approximations for bridges L472 and A1466, respectively. 
The plastic curvature at the top and bottom of the columns is assumed to be constant over the 
equivalent hinge length, Lp. A reasonable estimate of Lp is given by: 
 

Lp = 0.08L + 0.022 fye dbl ≥ 0.044 fye dbl     (5.22) 
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Figure 5.22 Moment-curvature relation of 

Bridge L472 columns.              
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Figure 5.23 Moment-curvature relation of 

Bridge A1466 columns.
 
In Equation 5.22, L is the distance from the critical section of the plastic hinge to the point of 
contraflexure, dbl is the diameter of the longitudinal reinforcement, and fye = 1.1 fy is its 
characteristic yield strength in MPa. Plastic hinges are introduced at the top and at the bottom of 
all reinforced concrete columns with a length of approximately 0.28–0.30 m (10⅞–12 in.) for 
Bridge L472 and 0.79 m (31 in.) for Bridge A1466. The stiffness of the “Nllink” elements with 
“Plastic1 Property” that were used in the computer model to represent the column plastic hinge 
zones of bridges L472 and A1466 are given in Table 5.18, corresponding to an estimated plastic 
hinge length. In Table 5.18, Gc is the shear modulus of concrete and Je is the polar moment of 
inertia of the cross-section. 
 
 
 
 
 

8#10 

0.91m 
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0.76m 
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Table 5.18 Stiffness of Nllink elements representing plastic zones in columns. 
L472 Bridge A1466 Bridge Stiffness 

Bents 2 & 5 Bents 3 & 4 Bents 2, 3 & 4 
Lp (m) 0.277 0.301 0.788 
Axial = EcAe/Lp (kN/m) 10660000 11580000 7569000 
Shear = 12EcIe/Lp

3 (kN/m) 68460000 87850000 7643000 
Torsional = GcJe/Lp (kN-m) 363500 395000 329600 
Flexural: ki = EcIe/Lp (kN-m) 
                My (kN-m) 
                α 

516900 
416.8 

0.0070 

561700 
416.8 

0.0070 

395500 
909.5 

0.0027 
 
Expansion Joints 
 
Figure 5.24(a, b) depicts the expansion joint configuration of Bridge L472 and Bridge A1466, 
respectively. For the L472 bridge structure, TYPE “C” steel expansion bearings were used with a 
clear opening of 0.019 m (¾ in.) between the anchor bolt to the cap beam and the slot in the 
upper plate of each bearing. For the A1466 structure, TYPE “D” steel expansion bearings were 
used with each bearing’s top-to-bottom maximum displacement of 0.036 m (1.435 in.) at 
abutments 1 and 5, and 0.042 m (1.642 in.) at bents 2 and 4. In the bridge model, the expansion 
joints were modeled using “Nllink” elements with “Gap Property.” The stiffness of the elements 
was initially set to zero and later assigned an appropriate value when the gap became closed at 
any time instant. They were then set back to zero when the gap was opened again, and the cycle 
was repeated.  
 
Pounding Effect 
 
Impact elements accounting for pounding between two adjacent decks or between the steel 
girders and the abutments were also modeled using “Nllink” elements with “Gap Property.” For 
Bridge L472, the clear gap between two adjacent RC decks is 0.013 m (½ in.) at bents 2 and 5, 
and 0.019 m (¾ in.) at bents 3 and 4. For Bridge A1466, the clear gap between the steel girder 
and the parapet of the abutment is approximately 0.105 m (4¼ in.) at abutments 1 and 5, which is 
significantly wider than what the expansion bearing at these locations are allowed to move, i.e. 
0.036 m (1.435 in.). 
 

                  
                        (a) TYPE “C”      (b) TYPE “D” 

Figure 5.24 Expansion bearings in Bridge L472 and Bridge A1466. 
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Single Versus Three Directional Input Motions 
 
The longitudinal axes of both L472 and A1466 bridges on I-55 are oriented nearly parallel to the 
southwestern segment of the NMSZ. Therefore, the fault-parallel component of the ground 
motions is assumed along the bridges’ longitudinal direction (X-axis in the bridge model), while 
the fault-normal component is along the bridges’ transverse direction (Y-axis). Both bridge 
models are subjected to the simulated three-component ground motions from each of the three 
levels of MW 6.5, 7.0, and 7.5 earthquake events. Liquefaction was only taken into account for 
Bridge A1466 under MW 7.0 and 7.5 earthquakes. 
 
When the response of a bridge under one of the three components is needed for comparison with 
that under the excitation of a single ground motion generated from the point-source model, the p-
y curves of the soil springs can be adjusted through the p-multipliers of pile group effect to 
reflect this issue. For example, when Bridge L472 is subjected to the fault-parallel component of 
motion, the p-multipliers in the fault-parallel direction for the 2 × 2 pile group of bents 2 through 
5 are the same. However, since there is no input motion in that direction, the corresponding p-
multipliers in the fault-normal direction are linearly extrapolated from Figure 5.13 as 0.90 for 
any magnitude. In the case of the 8-pile groups as the foundation of bents 2 through 4 of Bridge 
A1466, depicted in Figure 5.16, the fault-parallel component of motion, the p-multipliers 
originally calculated in Table 5.8 are recalculated in Table 5.19 in which the 3 × 3 pile group are 
linearly extrapolated from Figure 5.15 as 0.55. The procedure of determining the final p-y curves 
in each horizontal direction is the same as previously discussed. 

 
Table 5.19 p-multipliers of Bridge A1466 8-pile groups under a fault-parallel motion. 

MW Sim # Direction (Axis) pm2x2 pm3x3 pm 
fault-parallel (X) 0.55 0.28 6×0.28+2×0.55 = 2.78 6.5* 37 fault-normal (Y) 0.90 0.55 6×0.90+2×0.55 = 6.50 
fault-parallel (X) 0.45 0.20 6×0.20+2×0.45 = 2.10 7.0** 59 fault-normal (Y) 0.90 0.55 6×0.90+2×0.55 = 6.50 
fault-parallel (X) 0.25 0.11 6×0.11+2×0.25 = 1.16 7.5** 48 fault-normal (Y) 0.90 0.55 6×0.90+2×0.55 = 6.50 

* Liquefaction was not considered in the site response analysis. 
** Liquefaction was considered in the site response analysis. 

 
Dynamic Characteristics 
 
Bridge L472 
 
The first four vibration modes and their corresponding periods of the L472 bridge model with the 
initial stiffness of various structural members are listed in Table 5.20 along with a brief 
description of their main motion. Visual representations of the first two vibration modes are also 
illustrated in Figures 5.25 and 5.26. For the first four vibration modes, the motions of bents 2 to 5 
are generally horizontal out-of-plane of the bents, while the motion of bents 1 and 6 is less 
obvious. The torsional vibration mode (# 9) for all bents occurs at 0.20 sec accompanied by 
vertical motion between bents 3 and 6. 
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Table 5.20 Vibration modes of the L472 bridge model. 

Mode # Period (sec) Description of significant motions of the bents 
1 0.70 Horizontal, out-of-plane, and in-phase motion of bents 2 to 5. 

2 0.55 
Horizontal, out-of-plane, and out-of-phase motion of bents 2 to 5. Bents 2 and 3 
move to the left while bents 4 and 5 move to the right. Expansion bearings are 
subjected to deformation. 

3 0.50 Horizontal out-of-plane motion of bent 2 and in-plane motion of bent 3. 
Expansion bearings are subjected to deformation. 

4 0.45 
Horizontal motion in the X-direction of bents 2 and 5, in-plane motion of bent 3 
and out-of-plane motion of bent 4. Expansion bearings are subjected to 
deformation. 

 

 
Figure 5.25 Fundamental mode of vibration of Bridge L472 at 0.70 sec. 

 

 
Figure 5.26 Second mode of vibration of Bridge L472 at 0.55 sec. 

 
Bridge A1466 
 
The first four vibration modes and their corresponding periods of A1466 bridge model with the 
initial stiffness of various structural members are given in Table 5.21 along with a brief 
description of their main motion. The first two are illustrated in Figures 5.27 and 5.28. 
Corresponding to longitudinal vibration, the fundamental period of vibration of Bridge A1466 is 
equal to To = 1.89 sec in comparison with To = 0.70 sec for Bridge L472. This indicates that the 
A1466 bridge structure is much more flexible since it has only one fixed bearing for the entire 
bridge deck engaged in longitudinal vibration. The torsional mode of vibration (# 11) for bents 2 

Node 626 
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to 4 around the center of bent 3 occurs at 0.15 sec, which is accompanied by a remarkable 
vertical motion between bents 1 and 2 as well as bents 4 and 5. The vertical vibration mode (# 
12) for all bents occurs at 0.12 sec associated with a significant out-of-phase torsional motion of 
bents 2 and 4 around their center. The last two modes seem to involve strongly-coupled vibration 
in torsion and vertical motions. 
 

Table 5.21 Vibration modes of the A1466 bridge model. 
Mode # Period (sec) Description of significant motions 

1 1.89 X-direction, in-phase, horizontal motion of bent 3 and the entire deck, involving 
the relative motion of all expansion bearings at abutments and bents 2 and 4. 

2 0.43 Y-direction, in-phase, horizontal motion of bents 2 to 4 and part of the deck 
between them. 

3 0.40 
Y-direction, out-of-phase, horizontal motion of part of the deck between bent 2 
and 4 (i.e., the deck between bents 2 and 3 moves in +Y direction while between 
bents 3 and 4 moves in –Y direction). 

4 0.35 X-direction, in-phase, horizontal motion of bents 2 and 4 without involving the 
deck. 

 
 

 
Figure 5.27 Fundamental mode of vibration of Bridge A1466 at 1.89 sec. 

 

 
Figure 5.28 Second mode of vibration of Bridge A1466 at 0.43 sec. 

 

 

Node 22 
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SOIL-STRUCTURE INTERACTION 
 
Incoherence Among Three Ground Motion Components 
 
The three components of a rock motion that was generated with the composite source model are 
coherent. However, after each component of the rock motion was propagated to the ground 
surface separately, the three components of the ground motion are incoherent due to nonlinear 
soil responses. To illustrate the adequacy of running a bridge model subjected to the three 
incoherent components of a ground motion in a single analysis, the maximum bending moments 
in the columns of the L472 bridge model under an MW 7.5 earthquake are compared to their 
corresponding counterparts obtained by applying the Squared Root of the Sum of the Squares 
(SRSS), or the 100% – 40% combination rule on the component bending moments due to each of 
the three orthogonal ground motion components. Several linear elastic analyses were conducted 
for this purpose and all columns remained in an elastic range. The bending moments in various 
columns are presented in Table 5.22. It can be observed that the results obtained with different 
approaches are quite comparable. Therefore, it is reasonable to combine all three orthogonal 
components of motion, though incoherent, in a single bridge analysis until further research on the 
three-dimensional site response analysis of deep soil columns becomes available. 
 

Table 5.22 Component bending moments and their combinations (kN-m). 
Direction of a single 
component motion 

Description 
(Bent #, column, location, moment 

plane) X Y Z 

SRSS 
rule 

100% – 40% 
rule 

Combined 
motions 

2, Exterior, Bottom, in-plane 844 787 188 1169 1234 1451 
2, Exterior, Bottom, out-of-plane 636 1084 118 1262 1116 1487 
2, Exterior, Top, in-plane 983 813 286 1308 1423 1317 
2, Exterior, Top, out-of-plane 234 637 129 691 541 682 
2, Interior, Bottom, in-plane 866 786 68 1171 1208 1509 
2, Interior, Bottom, out-of-plane 710 1804 148 1944 1491 1820 
2, Interior, Top, in-plane 1346 1136 97 1764 1839 1722 
2, Interior, Top, out-of-plane 220 515 170 585 494 583 
3, Exterior, Bottom, in-plane 959 730 219 1225 1339 1434 
3, Exterior, Bottom, out-of-plane 882 2065 142 2250 1765 2117 
3, Exterior, Top, in-plane 1397 1062 212 1768 1907 1953 
3, Exterior, Top, out-of-plane 277 688 369 828 699 800 
3, Interior, Bottom, in-plane 987 753 79 1244 1320 1463 
3, Interior, Bottom, out-of-plane 928 2299 181 2486 1920 2408 
3, Interior, Top, in-plane 1755 1295 109 2184 2317 2376 
3, Interior, Top, out-of-plane 267 539 220 640 570 609 

 
General Bridge Response Including Soil-Structure Interaction 
 
Deck Response 
 
Figure 5.29(a) illustrates a typical acceleration response time-history in the longitudinal direction 
of the L472 bridge deck at Node 626 (shown in Figure 5.25) on the far side of bent 4 from an 
MW 7.0 earthquake event. It can be observed that large acceleration spikes occur between 24 and 
29 sec. in the time-history. This is due to pounding between the two adjacent decks, resulting in 
the transfer of pounding forces between them, as shown in Figure 5.29(b). Pounding also 
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occurred for other cases but less frequently from an MW 6.5 earthquake event and more 
frequently from an MW 7.5 earthquake event.  
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   (a) Acceleration time-history    (b) Pounding force 

Figure 5.29 Responses of the L472 bridge deck from an MW 7.0 earthquake: Sim #25. 
 
Expansion Bearing Response 
 
Figure 5.30(a, b) illustrates typical time-histories of the longitudinal relative displacement 
between the joints of an expansion bearing when Bridge L472 is subjected to MW 6.5 and 7.5 
earthquakes, respectively. In both figures, the dashed lines at ± 0.019 m (¾ in.) represent the 
clear opening between the anchor bolt into the cap beam and the slot in the upper plate of TYPE 
“C” steel expansion bearings. As expected, the MW 6.5 earthquake event, illustrated in Figure 
5.30(a), induced pounding between 18 and 31 sec, which decayed quickly with time. On the 
other hand, the MW 7.5 earthquake event, as shown in Figure 5.30(b), generated very strong 
nonlinear behavior between 33 and 69 sec that continued to oscillate till the end of the 
earthquake excitation. The results associated with the MW 7.0 earthquake event were found to be 
similar to those presented in Figure 5.30(b) but with much faster decaying (not shown). 
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                 (a) Due to an MW 6.5 earthquake: Sim #1                     (b) Due to an MW 7.5 earthquake: Sim #1 

Figure 5.30 Relative displacements at an expansion bearing of Bridge L472. 
 
Since the fundamental mode of vibration of Bridge A1466 involves the longitudinal horizontal 
motion of the entire deck and bent 3, the nonlinear behavior of the expansion joints and the 
embankment response in the longitudinal direction, illustrated in Figures 5.31 through 5.33, play 
a predominant role in the overall response of the bridge. Figures 5.31(a), 5.32(a), and 5.33(a) 
show the typical relative displacement time-histories between the joints of an expansion bearing 
at abutment 1 from MW 6.5, 7.0, and 7.5 earthquake events, respectively. In these figures, the 
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dashed lines at ± 0.036 m (1.435 in.) represent the maximum relative displacement between the 
top and the bottom of a TYPE “D” steel expansion bearing, as detailed in Figure 5.24(b). Figures 
5.31(b), 5.32(b), and 5.33(b) show their corresponding input displacement time-histories at the 
soil spring located at approximately 2.9 m (9½ ft) below the top of the embankment from MW 
6.5, 7.0, and 7.5 earthquake events, respectively. The low seismic demand from the MW 6.5 
event of Figure 5.31(b) yields to several cycles of nonlinear responses at the expansion bearing 
between 22 and 28.5 sec, and between 32 and 45 sec, as indicated in Figure 5.31(a). The 
oscillation of the bearing starts to decay after 45 sec because the seismic demand becomes less 
than the maximum relative displacement and the bearing returns to its original position after a 
few seconds. On the other hand, the moderate seismic demand from the MW 7.0 event, Figure 
5.32(b), yields several cycles of nonlinear responses of the expansion bearing between 23 and 29 
sec that are followed by a permanent dislocation between the top and the bottom of the bearing, 
as shown in Figure 5.32(a). This deformation slightly exceeds the capacity of the bearing (± 
0.036 m) requiring repair or replacement of the bearing after a moderate or strong earthquake. 
Finally, the large seismic demand from the MW 7.5 event, Figure 5.33(b), yields to the nonlinear 
responses of the expansion bearing between 28 and 37 sec that were followed by a permanent 
inelastic deformation, as indicated in Figure 5.33(a). However, this inelastic deformation exceeds 
the maximum relative displacement by approximately 34% so the bearing may be toppled during 
an MW 7.5 event. 
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                 (a) Deformation on an expansion bearing                (b) Embankment displacement at 2.9 m below 

Figure 5.31 Bridge A1466 embankment and bearing response to an MW 6.5 event: Sim #100. 
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                (a) Deformation on an expansion bearing                 (b) Embankment displacement at 2.9 m below 

Figure 5.32 Bridge A1466 embankment and bearing response to an MW 7.0 event: Sim #31. 
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                   (a) Deformation on an expansion bearing              (b) Embankment displacement at 2.9 m below 

Figure 5.33 Bridge A1466 embankment and bearing response to an MW 7.5 event: Sim #22. 
 
Curvature Ductility Ratio and Response Modification Factor 
 
Tables 5.23 through 5.25 give the curvature ductility ratio at critical locations for Bridge L472 
columns due to MW 6.5, 7.0, and 7.5 earthquake events, respectively. Because of the MW 6.5 
events, illustrated in Table 5.23, the curvature ductility of five simulations ranges from 1.2 to 2.9 
with an average of 1.9. The corresponding range for the MW 7.0 events, illustrated in Table 5.24, 
is from 2.2 to 3.8 with an average of 3.1, while the range from the MW 7.5 events, shown in 
Table 5.25, is from 6.2 to 13.4 with an average of 10.6. These results indicate the high seismic 
demands developed in the columns when the bridge is subjected to the maximum considered 
earthquake (MCE) conditions. Here, the MW 7.5 is taken as the MCE because the logic tree used 
to construct the 2002 maps in the NMSZ included four characteristic moment magnitudes with 
different weights (0.15 for MW 7.3, 0.20 for MW 7.5, 0.50 for MW 7.7, and 0.15 for MW 8.0), 
which are equivalent to the mean hazard of an MW 7.7 event (Frankel et al., 2002). 
 

Table 5.23 Curvature ductility ratio of Bridge L472 columns from MW 6.5 earthquake events. 
Description 

(Bent #, column, location, moment plane) 
Sim 
#1 

Sim  
#3 

Sim  
#9 

Sim 
#21 

Sim 
#53 

Average of  
5 simulations 

2, Exterior, Top, in-plane - - 1.0 1.4 - 1.2 
2, Exterior, Bottom, out-of-plane 1.9 1.6 1.2 1.4 1.2 1.5 
2, Interior, Top, in-plane 1.1 1.2 1.5 1.8 1.1 1.3 
2, Interior, Bottom, out-of-plane 2.7 2.4 1.8 2.2 2.0 2.2 
3, Exterior, Top, in-plane - 1.3 1.1 1.7 - 1.4 
3, Exterior, Bottom, out-of-plane 2.9 2.7 3.3 2.5 2.5 2.8 
3, Interior, Top, in-plane 1.3 1.6 1.5 2.2 1.2 1.6 
3, Interior, Bottom, out-of-plane 3.4 3.2 2.1 2.9 2.8 2.9 

 
Table 5.24 Curvature ductility ratio of Bridge L472 columns from MW 7.0 earthquake events. 

Description 
(Bent #, column, location, moment plane) 

Sim 
#25 

Sim  
#32 

Sim 
#55 

Sim 
#82 

Sim 
#88 

Average of  
5 simulations 

2, Exterior, Top, in-plane 3.5 1.7 2.6 2.3 1.7 2.3 
2, Exterior, Bottom, out-of-plane 2.4 2.4 2.8 1.9 1.7 2.2 
2, Interior, Top, in-plane 4.5 2.3 3.4 2.8 2.3 3.1 
2, Interior, Bottom, out-of-plane 3.2 3.5 3.9 2.8 2.0 3.1 
3, Exterior, Top, in-plane 4.1 2.5 3.4 2.7 2.1 3.0 
3, Exterior, Bottom, out-of-plane 3.3 3.9 4.4 3.1 2.4 3.4 
3, Interior, Top, in-plane 5.0 3.1 4.2 3.2 2.6 3.6 
3, Interior, Bottom, out-of-plane 3.8 4.2 5.0 3.5 2.6 3.8 
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Table 5.25 Curvature ductility ratio of Bridge L472 columns from MW 7.5 earthquake events. 
Description 

(Bent #, column, location, moment 
plane) 

Sim 
#1 

Sim  
#8 

Sim  
#50 

Sim  
#70 

Sim  
#77 

Average of 
5 simulations 

2, Exterior, Top, in-plane 3.6 4.2 13.7 6.1 3.6 6.2 
2, Exterior, Bottom, out-of-plane 3.4 8.7 34.1 17.3 3.4 13.4 
2, Interior, Top, in-plane 4.7 5.6 19.1 7.3 5.1 8.4 
2, Interior, Bottom, out-of-plane 4.6 5.9 25.4 17.2 5.3 11.7 
3, Exterior, Top, in-plane 5.2 6.7 5.7 25.6 5.7 9.8 
3, Exterior, Bottom, out-of-plane 5.4 6.8 14.4 24.0 5.5 11.2 
3, Interior, Top, in-plane 5.7 8.1 7.9 32.3 6.7 12.1 
3, Interior, Bottom, out-of-plane 6.3 8.0 11.4 26.2 6.4 11.7 

 
If the 2.02 m (79.3 in.)-long tested column in Chapter 6 is representative to Bridge L472, the 
relation between displacement ductility, μΔ , and curvature ductility, φμ , can be established 
according to Paulay and Priestley (1992). For the tested column, the plastic hinge length is 
estimated to be 419 mm (16.5 in.).  In this case, Equation 3.59 in Paulay and Priestley (1992) can 
be expressed into 0.559 0.441φμ μΔ = + . The average curvature ductility corresponding to MW 6.5, 
7.0, and 7.5 can thus be converted to displacement ductility of 1.50, 2.17, and 6.37, respectively. 
As will be discussed in Chapter 6, the displacement ductility capacity of the tested column is    
2–2.5 in its existing condition, indicating that an MW 7.0 or larger earthquake will likely cause 
shear failure of the columns of Bridge L472. 
 
The response modification factor of a column mainly reflects the effects of displacement 
ductility and system redundancy. It is thus of engineering interest to understand the relation 
between the response modification factor and the displacement ductility. In the NCHRP Project 
12-49 (ATC/MCEER, 2001), the response modification factor, R, is defined as: 
 

B
S

B R
T

TRR ≤−+=
25.1

)1(1
     (5.23) 

 
in which RB = 4.0 is the base response modification factor for a multiple column bent using the  
seismic design analysis procedure SDAP D under the life safety performance objective (Table 
4.7-1 in NCHRP 12-49), T = 0.70 sec is the fundamental period of Bridge L472, and TS = 
SD1/SDS = 1.55/3.02 = 0.51 sec from Figure 3.27. Applying the values of RB, T, and TS into 
Equation 5.23 yields a response modification factor of 4.0 which is approximately 63% of the 
displacement ductility from MW 7.5 events. As the bridge is only 3.7 km (2.3 miles) from the 
southwestern segment of the NMSZ, part of this difference is attributable to near-field effects, 
the effect of the bridge configuration, and its large skew angle. Figure 5.34(a, b) illustrates the 
in-plane bending moment-rotation relation at the top of the middle column of bent 3 from MW 
7.0 and 7.5 earthquake events, respectively. It can be observed from Figure 5.34(b) that the 
number of cycle reversals from the MW 7.5 event is significantly higher than from the MW 7.0 
event illustrated in Figure 5.34(a) due to the large seismic demands of such an extreme event. 
This large number of cycles in a short period may lead to fatigue failure of the longitudinal 
reinforcement of the column. 
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(a) Due to an MW 7.0 event: Sim #32 (b) Due to an MW 7.5 event: Sim #1 

  Figure 5.34 Moment-rotation relation at top of the middle column of bent 3 of Bridge L472. 
 
Similarly, for Bridge A1466, the curvature ductility ratios at critical locations of the columns are 
given in Tables 5.26 through 5.28 due to MW 6.5, 7.0, and 7.5 earthquake events, respectively. 
The ductility ratio of five simulations ranges from 1.0 to 1.9 with an average of 1.5 for MW 6.5, 
from 2.3 to 25.0 with an average of 12.1 for MW 7.0, and from 5.0 to 20.3 with an average of 
13.3 for MW 7.5. Corresponding to the average curvature ductility, the displacement ductility can 
be estimated to be 1.3, 7.2, and 7.9 for Mw 6.5, 7.0, and 7.5, respectively. Therefore, only minor 
damage of the bridge is expected under an MW 6.5 earthquake. As shown in Table 5.26, the 
columns of Bridge A1466 behave elastically at several locations. In comparison to Bridge L472, 
the A1466 bridge structure is less vulnerable to an Mw6.5 earthquake since it is farther away 
from the southwestern segment of the NMSZ. However, the displacement ductility of Bridge 
A1466 columns from MW 7.0 and 7.5 events is generally higher than that of the L472 bridge 
structure. These results are attributable to liquefaction effects that were taken into account only 
in these cases, as discussed in Chapter 3. In comparison with the displacement ductility capacity, 
Bridge A1466 will fail in shear in its existing condition and therefore must be retrofitted for Mw 
7.0 or higher earthquake events.  
 
For the A1466 bridge structure, applying RB = 4.0, T = 1.89 sec, and TS = 1.54/3.07 = 0.50 sec 
from Figure 3.28 into Equation 5.23 yields a response modification factor of 4.0, which is nearly 
half of the displacement ductility from MW 7.5 events. This difference is due mainly to 
liquefaction in foundation soils and their significant influence on the embankment response, 
which in turn affects the bridge response. The issue of liquefaction will be discussed in more 
detail later in this chapter. 
 

Table 5.26 Curvature ductility ratio of Bridge A1466 columns from MW 6.5 events. 
Description 

(Bent #, location,  
moment plane) 

Sim 
#37 

Sim  
#55 

Sim  
#71 

Sim  
#96 

Sim  
#100 

Average of 
5 simulations 

2, Bottom, in-plane - - - - - - 
2, Bottom, out-of-plane 1.7 - - 1.1 - 1.4 
2, Top, in-plane - - - - - - 
2, Top, out-of-plane 1.9 1.1 - 1.4 1.0 1.3 
3, Bottom, in-plane - - - - - - 
3, Bottom, out-of-plane 2.2 1.5 1.2 1.6 1.5 1.6 
3, Top, in-plane - 1.1 1.3 1.0 1.1 1.1 
3, Top, out-of-plane 2.6 1.8 1.4 1.9 1.8 1.9 
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Table 5.27 Curvature ductility ratio of Bridge A1466 columns from MW 7.0 events. 
Description 

(Bent #, location,  
moment plane) 

Sim 
#4 

Sim  
#9 

Sim  
#12 

Sim  
#31 

Sim  
#59 

Average of 
5 simulations 

2, Bottom, in-plane 11.6 14.5 31.6 40.3 27.0 25.0 
2, Bottom, out-of-plane 3.3 8.2 8.3 2.6 - 5.6 
2, Top, in-plane 5.9 8.5 20.2 26.2 17.7 15.7 
2, Top, out-of-plane 1.3 2.3 3.8 2.5 1.4 2.3 
3, Bottom, in-plane 11.5 13.7 31.0 40.0 26.7 24.6 
3, Bottom, out-of-plane 4.2 9.3 9.2 3.6 1.8 5.6 
3, Top, in-plane 5.8 6.9 18.9 26.7 17.8 15.2 
3, Top, out-of-plane 2.1 3.4 4.4 2.4 2.4 2.9 

 
Table 5.28 Curvature ductility ratio of Bridge A1466 columns from MW 7.5 events. 

Description 
(Bent #, location,  
moment plane) 

Sim 
#22 

Sim  
#27 

Sim  
#48 

Sim  
#56 

Sim  
#83 

Average of  
5 simulations 

2, Bottom, in-plane 19.7 11.9 26.9 22.8 20.1 20.3 
2, Bottom, out-of-plane 21.3 19.2 14.6 11.1 16.1 16.5 
2, Top, in-plane 9.9 4.4 16.2 12.3 12.6 11.1 
2, Top, out-of-plane 5.1 5.0 5.1 4.3 5.9 5.1 
3, Bottom, in-plane 19.5 11.8 26.8 22.7 20.2 20.2 
3, Bottom, out-of-plane 22.1 21.1 15.5 12.2 17.1 17.6 
3, Top, in-plane 9.8 4.2 16.1 12.2 12.7 11.0 
3, Top, out-of-plane 5.3 4.6 4.5 5.3 5.2 5.0 

 
Figure 5.35(a, b) illustrates the in-plane bending moment-rotation relation at the bottom of a 
column of bent 2 from MW 7.0 and 7.5 earthquake events, respectively. These figures indicate 
that the number of the cycles of stress reversals from the MW 7.0 and 7.5 events is much smaller 
than the corresponding values of Bridge L472, as shown in Figure 5.34(a, b). This is because the 
effect of liquefaction on the input displacement time-histories is so significant that it rapidly 
damps out the displacements after their maximum displacement has been reached. 
 

           

-1000

-500

0

500

1000

-0.02 -0.01 0.00 0.01 0.02
Rotation (radians)

B
en

di
ng

 m
om

en
t (

kN
-m

)

       

-1000

-500

0

500

1000

-0.04 -0.02 0.00 0.02 0.04
Rotation (radians)

B
en

di
ng

 m
om

en
t (

kN
-m

)

 
                      (a) Due to an MW 7.0 event: Sim #4         (b) Due to an MW 7.5 event: Sim #22 

     Figure 5.35 Moment-rotation relation at the bottom of a column of bent 2 of Bridge A1466. 
 
Foundation Flexibility Effect 
 
The effect of foundation flexibility on the response of bridges is evaluated by comparing the 
results of a rigid-based bridge model with those from its corresponding bridge model with the 
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foundation pile elements and soil-springs. Therefore, a new model without considering pile 
foundations was established for each bridge. Unlike the pile-supported bridge model that was 
subjected to free-field displacement inputs at various soil springs, the rigid-based bridge model 
was subjected to the same free-field acceleration at the pile caps of all column foundations. This 
free-field acceleration was taken from the lowest pile cap of the bridge, for example, at elevation 
–7.47 m for Bridge L472.  
 
Dynamic Characteristics 
 
The first four modes of vibration and their corresponding periods of the L472 bridge model fixed 
at the base of each column are given in Table 5.29, along with a brief description of their main 
motion. The fundamental mode of vibration is also illustrated in Figure 5.36. By comparing 
Table 5.29 with Table 5.20, it can be observed that the vibration modes are remarkably changed, 
starting with the third mode. The periods of vibration are significantly reduced due to the fixity 
at the base of the columns. For example, the fundamental period of vibration of the bridge has 
been reduced by 29%, and therefore a substantial change in response is expected in the time-
history analysis.  
 

Table 5.29 Vibration modes of the L472 bridge model with fixed column bases. 
Mode # Period (sec) Description of significant motions of the bents 

1 0.54 Horizontal, out-of-plane and in-phase motion of bents 2 to 5. 

2 0.43 Horizontal, out-of-plane and out-of-phase motion of bents 2 to 5 with all 
expansion bearings deformed. 

3 0.36 X-direction, horizontal and out-of-phase motion of bents 2 and 3 with their 
expansion bearings deformed. 

4 0.33 Horizontal motion in plane of bent 3, out-of-plane of bent 4 and in the X-direction 
of bent 5 with all expansion bearings engaged. 

 

   
Figure 5.36 Fundamental mode of vibration of Bridge L472 with fixed column bases. 

 
Similarly, the first four vibration modes and their corresponding periods of a rigid-based A1466 
bridge model are summarized in Table 5.30, along with a brief description of their main motion. 
The visual representation of the fourth mode is also illustrated in Figure 5.37. By comparing 
Table 5.30 for the fixed-based bridge model with Table 5.21 for the bridge model with soil 
springs and pile elements, it is observed that the mode shapes of the vibration of the two models 
are nearly the same except for the fourth mode. The fundamental period of vibration of the 
bridge has been reduced by 17%, and therefore a slight difference in their responses is expected.  

Node 626 
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Table 5.30 Vibration modes of the A1466 bridge model with fixed foundations. 
Mode # Period (sec) Description of significant motions 

1 1.62 X-direction, horizontal motion of bent 3 and the entire deck with all expansion 
bearings engaged. 

2 0.42 Y-direction, horizontal and in-phase motion of bents 2 to 4 and part of the deck 
between them. 

3 0.40 Y-direction, horizontal and out-of-phase motion of the deck between bents 2 to 4. 

4 0.30 
Horizontal motion out-of-plane of bents 2 and 4 with their expansion bearings 
engaged, in-plane of bent 3, torsional motion of abutments 1 and 5 around their 
center, and out-of-phase deck motion in Y-direction. 

 

 
Figure 5.37 Fourth mode of vibration of Bridge A1466 with fixed foundations. 

 
Deck Response 
 
Figure 5.38(a, b) illustrates a typical Y-direction velocity time-history of the L472 bridge deck 
from an MW 7.0 earthquake event on the far side of bent 4 at Node 626, as shown in Figure 5.36. 
Figure 5.38(a) is for the bridge model with soil springs and pile elements, while Figure 5.38(b) is 
for the bridge model with fixed foundations. It is clearly seen from Figure 5.38(a) that the deck 
velocity response of the bridge model with soil springs and pile elements retains the near-field 
characteristics (velocity pulse) when the forward rupture directivity conditions are met, such as 
in simulation #82. On the other hand, near-field characteristics are not retained in the deck 
velocity of the bridge model with fixed foundations, as shown in Figure 5.38(b). Similar results 
were observed from the analysis of the A1466 bridge model (not shown). The vast difference in 
frequency content that can be observed by comparing Figure 5.38(a) with Figure 5.38(b) is due 
primarily to the significant difference in modeling. Additionally, pounding occurs much more 
frequently in the bridge model with soil springs and pile elements. For example, as indicated in 
Figure 5.39(a), impact forces are induced at Node 626 at several time instants between 26 and 32 
sec when the flexibility of foundations is considered in the bridge model. For the bridge model 
with fixed foundations, however, pounding occurs only once at Node 626 at 27 sec, as shown in 
Figure 5.39(b). 
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               (a) From the model with flexible foundations     (b) From the model with rigid foundation 

Figure 5.38 Velocity time-histories at deck of Bridge L472: MW 7.0 event: Sim #82. 
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               (a) From the model with flexible foundations     (b) From the model with rigid foundation 

    Figure 5.39 Pounding forces at deck of Bridge L472: MW 7.0 event: Sim #82. 
 
Expansion Bearing Response 
 
Figure 5.40(a, b) illustrates typical longitudinal relative displacement time-histories between the 
joints of the expansion bearing of Bridge L472 from an MW 7.0 earthquake event for bridge 
models with and without taking into account the foundation flexibility, respectively. It can be 
observed from these figures that the relative displacement at the bearing decays more rapidly 
with the bridge model including soil springs and pile elements due to inelastic deformations and 
radiation damping introduced in the spring elements. Similar results are observed from Bridge 
A1466, as shown in Figures 5.41(a, b), from an MW 7.0 earthquake event when liquefaction is 
not considered, as it is the case for Bridge L472. 
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                  (a) From the model with flexible foundations       (b) From the model with rigid foundation 

 Figure 5.40 Displacements at expansion bearing of Bridge L472: MW 7.0 event: Sim #82. 
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               (a) From the model with flexible foundations       (b) From the model with rigid foundation 

 Figure 5.41 Displacements at expansion bearing of Bridge A1466: MW 7.0 event: Sim #59. 
 
Curvature Ductility Ratio 
 
Tables 5.31 and 5.32 give the curvature ductility ratio at critical locations of the columns of 
Bridge L472 and Bridge A1466, respectively, from MW 7.0 earthquake events. For each bridge, 
both models, with and without taking into account the foundation flexibility, are considered. For 
the L472 bridge columns, Table 5.31 shows the influence of the bridge foundation model on the 
curvature ductility ratio. In general, for both simulations, #32 with the neutral directivity and #82 
with the forward rupture directivity, the ductility ratios from the bridge model with a rigid 
foundation are significantly higher for the in-plane bending moments and slightly higher in most 
column locations for the out-of-plane moments. The difference in bending moments resulting 
from the two models is attributable to the change in dynamic characteristics, such as radiation 
damping that is associated only with the model with soil springs and pile elements, and natural 
frequency associated with the in-plane bending of bents as seen from Tables 5.20 and 5.29. It is 
noted that the directivity effect is small in this case due to high stiffness of the bridge foundation. 
 
On the other hand, as shown in Table 5.32, the ductility ratios for the A1466 bridge model with a 
rigid foundation are significantly lower in both planes. Considering the similar in-plane vibration 
mode of the two models as indicated from Tables 5.21 and 5.30, the lower ductility in the rigid-
based model results from the use of the uniform input acceleration taken at the pile cap elevation 
of bents 2 to 4. Table 5.32 also lists the ductility ratios (in parentheses) that are determined from 
the same rigid-based model but with the input acceleration time-history taken from the pile cap 
elevation of abutments 1 and 5. Because of the amplification of the input acceleration through 
the embankment, the ductility ratios estimated with the abutment acceleration are much higher, 
signifying the importance of the selection of the input acceleration in the rigid-based model. The 
actual ductility ratios for the A1466 bridge model with a rigid foundation are likely in between 
the values shown in Table 5.32. It is noted that the bridge model with soil springs and pile 
elements allows one to input the displacement time-histories at various springs so that the 
amplification effect of the embankment can be fully included in the simulations. Therefore, it is 
important to analyze the A1466 bridge structure with multiple displacement inputs at different 
locations since the bridge embankment is quite high above the original ground surface.  
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Table 5.31 Ductility ratios of the L472 bridge columns from MW 7.0 earthquake events. 
Sim #32 Sim #82 Description 

(Bent #, column, location, moment 
plane) 

Flexible 
foundation 

Rigid 
foundation 

Flexible 
foundation 

Rigid 
foundation 

2, Exterior, Top, in-plane 1.7 27.7 2.3 14.9 
2, Exterior, Bottom, out-of-plane 2.4 2.0 1.9 3.3 
2, Interior, Top, in-plane 2.3 29.8 2.8 15.8 
2, Interior, Bottom, out-of-plane 3.5 3.1 2.8 4.0 
3, Exterior, Top, in-plane 2.5 32.2 2.7 18.0 
3, Exterior, Bottom, out-of-plane 3.9 4.1 3.1 4.5 
3, Interior, Top, in-plane 3.1 32.5 3.2 19.0 
3, Interior, Bottom, out-of-plane 4.2 4.6 3.5 6.2 

 
Table 5.32 Ductility ratio of the A1466 bridge columns from MW 7.0 earthquake events. 

Sim #12 Sim #59 Description 
(Bent #, location, 
moment plane) 

Flexible 
foundation 

Rigid 
foundation 

Flexible 
foundation 

Rigid 
foundation 

2, Bottom, in-plane 6.3 1.4 (8.5) 3.0 3.0 (6.1) 
2, Bottom, out-of-plane 1.7 1.2 (7.6) 2.0 1.3 (7.5) 
2, Top, in-plane 6.1 1.5 (8.2) 3.9 - (6.1) 
2, Top, out-of-plane 1.5 1.2 (10.8) 1.8 1.3 (11.1) 
3, Bottom, in-plane 6.4 1.9 (9.9) 3.3 1.3 (7.2) 
3, Bottom, out-of-plane 2.6 1.9 (5.4) 2.6 1.9 (5.4) 
3, Top, in-plane 6.3 2.7 (12.5) 4.4 1.3 (9.2) 
3, Top, out-of-plane 2.8 2.3 (4.9) 2.5 2.2 (4.7) 

 
BRIDGE BEHAVIOR UNDER NEAR-FIELD GROUND MOTIONS 
 
Influence of Rupture Directivity 
 
Bridge L472 
 
Table 5.33 lists the input parameters for the generation of four rock motions at the L472 bridge 
site from MW 7.0 earthquake events. Other parameters common for all four cases include a 
rupture velocity of 2.975 km/sec and a rake angle of 150° to define the slip on the fault. Figure 
5.42 illustrates the epicenter locations on the southwestern segment with respect to the L472 site. 
Because of rupture directivity, among other parameters, the epicenter location along the strike of 
the fault has the most significant influence on the velocity pulses and their peaks in the fault-
normal component of motion. The velocity pulses and their peaks would have a significant 
influence on the response of Bridge L472 as its fundamental period of vibration is within the 
velocity-sensitive region of the response spectra. 
 

Table 5.33 Input parameters for rock motion simulations at L472 site with MW = 7.0. 
Sim 

# 

Rupture  
length and width 

(km×km) 

Depth to top of 
the fault  

(km) 

Hypocenter 
depth 
(km) 

Velocity model Stress drop  
(bars) 

25 68 × 13.6 0 5.1 reference 100 
32 68 × 13.6 4 15.9 20% reduction 150 
55 56 × 13.6 0 5.1 20% reduction 150 
82 56 × 16.6 4 15.9 20% reduction 150 



 143

           
36°N

37°N
La

tit
ud

e

 Southwestern segment
 L472 bridge site
 Epicenter #25
 Epicenter #32

         
36°N

37°N

La
tit

ud
e

 Southwestern segment
 L472 bridge site
 Epicenter #55
 Epicenter #82

 
Figure 5.42 Rupture area and epicenter locations with respect to L472 site with MW = 7.0: Sim 

#25 and #32 from Alternative I, Sim #55 and #82 from Alternative II. 
 
The spatial variation of rupture directivity effects depends on the angle between the direction of 
rupture propagation and the direction of waves traveling from the fault to the site (angle θ), and 
on the fraction of the fault rupture distance that lies between the epicenter and the site to the fault 
length (parameter X), as illustrated in Figure 2.16 (Somerville et al., 1997). Forward directivity 
increases with the directivity parameter (Xcosθ) till it reaches a maximum at Xcosθ = 0.40 
(Abrahamson, 2000). Table 5.34 gives the directivity parameters, the peak rock velocities and 
accelerations, and the peak ground velocities and accelerations in the fault-normal direction. The 
peak rock velocity for the neutral directivity conditions of simulation #32 is 0.90 m/sec. It is 
increased to a maximum of 1.53 m/sec for simulation #55 where Xcosθ = 0.32. For simulations 
#25 and #82 with Xcosθ > 0.40, the peak rock velocities are only 92% and 86% of the maximum 
value of simulation #55. These rock motions follow the same trend described in Somerville et al. 
(1997) and Abrahamson (2000).  
 
Table 5.34 Directivity parameters and rock/ground peak velocities and accelerations in the fault-

normal direction at L472 site for MW = 7.0. 

Sim 
# 

Directivity 
parameter 

(XCosθ) 

Peak rock 
velocity 
(m/sec) 

Peak rock 
acceleration 

(g) 

Peak ground 
velocity 
(m/sec) 

Peak ground 
acceleration 

(g) 

25 0.42 1.40 1.34 1.72 1.17 
32 NA 0.90 1.05 2.02 1.07 
55 0.32 1.53 1.12 2.07 1.27 
82 0.45 1.32 1.02 2.07 1.12 

 
However, the ground motion results do not follow that trend, as seen in Table 5.34, due to the 
very deep soil column effects of the Mississippi Embayment (600 m). This unique regional 
feature may invalidate the equation for rupture directivity effects that was established by 
Somerville et al. (1997) based on rock and shallow soil sites. On the other hand, the distinctive 
two-sided velocity pulses observed in rock motions are retained in most of their corresponding 
ground motions. Two typical velocity time-histories with near-field velocity pulses, one for rock 
and the other for ground motion, are illustrated in Figure 5.43(a, b) for simulation #82. In Figure 
5.43(b), two velocity pulse cycles (up to 2.0 m/sec) appear at the beginning of the ground motion 
and then suddenly drop to only 0.50 m/sec before the velocity time-history gradually decays. 
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          (a) At rock outcrop              (b) At ground surface 

Figure 5.43 Fault-normal velocity time-histories at L472 site: MW 7.0 event: Sim #82. 
 
On the contrary, the rock and ground velocity time-histories for simulation #32 with neutral 
directivity conditions do not include any velocity pulse, as illustrated in Figure 5.44(a, b). As 
compared in Figure 5.45(a, b) for the corresponding ground displacement time-histories of 
simulations #82 and #32, two large displacement pulses can be observed in simulation #82, 
which occur at the same instant as the velocity pulses, while no distinct pulses are present in the 
relatively small displacements of simulation #32. The large displacement pulses in simulation 
#82, when applied to the bridge, will develop larger seismic demands than the cases of neutral or 
backward directivity conditions such as simulation #32. These displacement pulses were 
observed in the fault-normal component of all simulations with forward rupture directivity 
conditions but not in the fault-parallel component, as illustrated in Figure 5.46(a, b). 
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    (a) At rock outcrop        (b) At ground surface 

Figure 5.44 Fault-normal velocity time-histories at L472 site: MW 7.0 event: Sim #32. 
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 Figure 5.45 Fault-normal ground displacement time-histories at L472 site: MW 7.0 events. 
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(a) Sim #82     (b) Sim #32 

 Figure 5.46 Fault-parallel ground displacement time-histories at L472 site: MW 7.0 events. 
 
The influence of rupture directivity on the response of Bridge L472 from MW 7.0 events can be 
evaluated from Table 5.24 by comparing the column curvature ductility ratio due to the ground 
motion of simulation #32 with that of simulation #55 with Xcosθ = 0.32. Because of rupture 
directivity effects, the increase in curvature ductility ratio ranges from 1.11 to 1.55 with an 
average of 1.26. 
 
Similarly, the influence of rupture directivity on the response of the L472 bridge structure can be 
evaluated by comparing simulation #1 of a backward directivity condition with simulation #21 of 
Xcosθ = 0.23 in Table 5.23 for an MW  6.5 event. The ratio of the two curvature ductility ratios 
corresponding to simulations #21 and #1 ranges from 0.75 to 1.75 with an average of 1.23. From 
Table 5.25 for MW 7.5, the results of simulation #1 with a backward directivity condition can 
also be compared with those of simulation #8 with Xcosθ = 0.17 to see the rupture directivity 
effects. In this case, due to directivity effects, the curvature ductility ratios are increased by a 
range of 1.18 to 2.54 with an average of 1.43. However, the responses of simulations #50 and 
#70, both with Xcosθ = 0.26, are much higher. For example, the curvature ductility ratios of 
simulation #50 with respect to simulation #1 are increased by a range of 1.09 to 9.99 with an 
average of 3.39, and those of simulation #70 are increased by 1.57 to 5.65 times with an average 
of 2.89. Figure 5.47(a, b, c) illustrates the 5% damping spectral acceleration, velocity, and 
displacement for the fault-normal component of three simulations from MW 7.5 earthquake 
events. Since the fundamental period of vibration of Bridge L472 is 0.70 sec, only the data up to 
1 sec is shown. In Figure 5.47, the spectra of simulation #70 are much higher than other 
simulations at the first five natural periods of vibration of the L472 bridge model (0.70, 0.55, 
0.50, 0.45, and 0.38 sec), leading to the larger seismic demands explained above. 
 
Bridge A1466 
 
Table 5.35 gives the input parameters of four rock motion simulations at the A1466 bridge site 
from MW 7.5 earthquake events. In addition to these parameters, all four simulations used a 
rupture velocity of 2.8 km/sec. Figure 5.48 illustrates the epicenter locations on the southwestern 
segment with respect to the A1466 site, while Table 5.36 lists the directivity parameters, the peak 
rock and ground velocities, and the peak rock and ground accelerations in the fault-normal 
direction. Note that the fifth simulation (#83) is not discussed here as it is in backward directivity 
conditions and the results are quite similar to those of simulation #27. In Table 5.36, the ground 
motions are specified at the original ground surface, which is 9.5 m (30 ft – 2 in.) below the top 
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of the embankment. Although Bridge A1466 is 10.9 km (6.8 miles) from the southwestern 
segment of the NMSZ, both rock and ground motions at this site have distinctive two-sided 
velocity pulses due to forward directivity conditions as illustrated in Figure 5.49(a, b) for 
simulation #48 from an MW 7.5 event. Similar velocity pulses are observed from the rock and 
ground velocity time-histories of simulation #12 with Xcosθ = 0.47 from an MW 7.0 event, as 
illustrated in Figure 5.50(a, b). Their magnitudes, however, are much smaller than those from the 
MW 7.5 event. 
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Figure 5.47 Spectra of fault-normal components of ground motions at L472 site: MW 7.5.  
 

Table 5.35 Input parameters for rock motion simulations at A1466 site with MW = 7.5. 
Sim 

# 

Rupture  
length and width 

(km × km) 

Depth to top of 
the fault  

(km) 

Hypocenter 
depth 
(km) 

Velocity model Rake 
(°) 

Stress 
drop 
(bars) 

22 120 × 18 4 16.6 Reference 150 200 
27 120 × 18 0 16.2 20% increase 150 200 
48 144 × 18 4 13.0 20% reduction -150 150 
56 144 × 18 4 16.6 Reference 150 200 

 
Table 5.36 Directivity parameters and peak rock/ground velocities and accelerations in the fault-

normal direction at A1466 site for MW = 7.5. 
Sim 

# 

Directivity 
parameter 

(Xcosθ) 

Peak rock 
velocity 
(m/sec) 

Peak rock 
acceleration 

(g) 

Peak ground 
velocity 
(m/sec) 

Peak ground 
acceleration 

(g) 
22 0.08 1.31 1.13 2.37 1.29 
27 NA 1.04 0.73 1.97 1.02 
48 0.10 1.81 0.89 2.81 0.94 
56 0.16 1.05 0.73 2.39 0.73 



 147

-90°W-91°W-92°W

Longitude

 

36°N

37°N

La
tit

ud
e

 Southwestern segment
 A1466 bridge site
 Epicenter #22
 Epicenter #27
 Epicenter #48
 Epicenter #56

 
Figure 5.48 Epicenter locations and A1466 site: MW 7.5 (Sim #22, #27, #48, and #56). 
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         (a) At rock outcrop    (b) At original ground surface 

Figure 5.49 Fault-normal velocity time-histories at A1466 site: MW7.5, Sim #48. 
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                                     (a) At rock outcrop              (b) At original ground surface 

Figure 5.50 Fault-normal velocity time-histories at A1466 site: MW 7.0, Sim #12. 
 
In Figure 5.51, the fault-normal component of simulation #27 with backward directivity is 
compared with that of simulation #48 with Xcosθ = 0.10 for the displacement at the original 
ground surface, and in Figure 5.52 for the displacement at the top of the embankment. From 
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simulation #48, shown in Figures 5.51(b) and 5.52(b), it can be observed that two large 
displacement pulses occur at the same instant as their corresponding velocity pulses shown in 
Figure 5.49. However, the displacements from simulation #27, shown in Figures 5.51(a) and 
5.52(a), are relatively small.  
 
The combined influence of liquefaction, embankment response, and rupture directivity on the 
response of Bridge A1466 from MW 7.5 events can be evaluated from Table 5.28 by comparing 
the curvature ductility ratio of various column cross-sections of simulations #27 with backward 
directivity condition with simulation #48 with Xcosθ = 0.10. Because of rupture directivity 
effects in simulation #48, the increase in curvature ductility ratio ranges from 0.73 to 3.86 with 
an average of 1.53.  
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                                              (a) Sim #27     (b) Sim #48 

Figure 5.51 Fault-normal displacement time-histories at the original ground surface of A1466 
site from an MW 7.5 event. 
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                                       (a) Sim #27             (b) Sim #48 

Figure 5.52 Fault-normal displacement time-histories at the top of embankment of A1466 site 
from an MW 7.5 event. 

 
Influence of Vertical Acceleration 
 
One of the characteristics of near-field ground motions is the strong vertical component 
accompanying the horizontal one (Friedland et al., 1997). The impact of the vertical motion on 
the L472 bridge structure was assessed by comparing the column axial forces and their curvature 
ductility ratios from two sets of analyses with and without the vertical component. Table 5.37 
illustrates the influence of the vertical motion on column axial forces from various earthquake 
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events. The increase in maximum axial compressive force of columns due to vertical 
accelerations ranges from a factor of 1.15 to 1.77 with an average of 1.43 for MW 6.5 events, 
from 1.07 to 1.57 with an average of 1.30 for MW 7.0 events, and from 1.36 to 2.38 with an 
average of 1.78 for MW 7.5 events. This increase results in the reduction of the column ductility 
ratios by a maximum of 8%, 19%, and 26% from MW 6.5, 7.0, and 7.5 events, respectively. The 
influence of the vertical motion on column curvature ductility ratios is shown from various 
events in Table 5.38. The select events were used instead of the average because the change in 
curvature average is much smaller than that of the axial force variability. 
 
Table 5.37 Column axial forces (kN) of Bridge L472 from various earthquake events (average of 

all five simulations). 
MW 6.5 (average) MW 7.0 (average) MW 7.5 (average) Description 

(Bent #, column, location, 
 axial force) 

with  
V 

without 
V 

with  
V 

without 
V 

with  
V 

without 
V 

2, Exterior, Bottom, Max. -579 -436 -883 -780 -1550 -944 
2, Exterior, Bottom, Min. 159 22 372 285 1115 549 
2, Exterior, Top, Max. -484 -421 -831 -773 -1386 -1006 
2, Exterior, Top, Min. 141 34 339 282 975 607 
2, Interior, Bottom, Max. -773 -436 -977 -623 -1899 -799 
2, Interior, Bottom, Min. 141 -120 395 34 1567 208 
2, Interior, Top, Max. -712 -426 -915 -627 -1679 -796 
2, Interior, Top, Min. 104 -109 364 35 1346 220 
3, Exterior, Bottom, Max. -757 -567 -1074 -857 -1935 -1252 
3, Exterior, Bottom, Min. 174 7 471 250 1503 677 
3, Exterior, Top, Max. -704 -544 -980 -847 -1741 -1279 
3, Exterior, Top, Min. 143 19 433 268 1323 755 
3, Interior, Bottom, Max. -767 -532 -960 -692 -1801 -920 
3, Interior, Bottom, Min. 48 -171 67 -13 1299 123 
3, Interior, Top, Max. -733 -514 -908 -662 -1662 -897 
3, Interior, Top, Min. 36 -154 201 9 1202 120 

 
Table 5.38 Column curvature ductility ratios of Bridge L472 from various earthquake events. 

MW 6.5 (Sim #21) MW 7.0 (Sim #55) MW 7.5 (Sim #8) Description 
(Bent #, column, location, 

moment plane) 
with  

V 
without 

V 
with  

V 
without 

V 
with  

V 
without 

V 
2, Exterior, Bottom, in-plane - - 1.7 1.7 2.8 3.0 
2, Exterior, Bottom, out-of-plane 1.4 1.5 2.8 2.8 3.9 3.9 
2, Exterior, Top, in-plane 1.4 1.5 2.6 3.1 4.2 5.3 
2, Exterior, Top, out-of-plane - - 1.0 1.1 1.6 1.7 
2, Interior, Bottom, in-plane - - 1.8 1.8 3.1 3.2 
2, Interior, Bottom, out-of-plane 2.2 2.3 3.9 4.1 5.9 6.2 
2, Interior, Top, in-plane 1.8 1.9 3.4 3.8 5.6 6.5 
2, Interior, Top, out-of-plane - - - - 1.1 1.1 
3, Exterior, Bottom, in-plane - - 2.0 1.9 4.2 4.3 
3, Exterior, Bottom, out-of-plane 2.5 2.6 4.4 4.5 6.8 7.0 
3, Exterior, Top, in-plane 1.7 1.9 3.4 3.9 6.7 8.1 
3, Exterior, Top, out-of-plane - - 1.1 1.1 1.6 1.9 
3, Interior, Bottom, in-plane - - 2.1 2.1 4.5 4.4 
3, Interior, Bottom, out-of-plane 2.9 3.0 5.0 5.0 8.0 8.0 
3, Interior, Top, in-plane 2.2 2.3 4.2 4.6 8.1 9.4 
3, Interior, Top, out-of-plane - - - - - 1.2 
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Similarly, the effect of vertical motions on the behavior of Bridge A1466 was assessed by 
comparing the column axial forces from two sets of analyses with and without the vertical 
component of motion, and is shown in Table 5.39. It is seen from Table 5.39 that the maximum 
axial compressive forces in the columns are increased due to the presence of vertical motions by 
a factor of 1.10 to 1.24 with an average of 1.17 for MW 6.5 events, 1.20 to 1.28 with an average 
of 1.26 for MW 7.0 events, and 1.54 to 1.74 with an average of 1.62 for MW 7.5 events. In 
comparison with Table 5.37 for Bridge L472, Table 5.39 indicates that the influence of vertical 
motions is less for Bridge A1466 and thus decreases with distance from the fault. 
 

Table 5.39 Column axial forces (kN) of Bridge A1466 (average of all five simulations). 
MW 6.5 (average) MW 7.0 (average) MW 7.5 (average) Bent #, location, 

axial force w V w/o V w V w/o V w V w/o V 
2, Bottom, Max. -1450 -1316 -3008 -2342 -3238 -2046 
2, Bottom, Min. -401 -488 1636 995 1639 800 
2, Top, Max. -1392 -1270 -3009 -2365 -3215 -2094 
2, Top, Min. -375 -436 1704 1047 1762 964 
3, Bottom, Max. -1510 -1214 -3194 -2493 -3344 -1925 
3, Bottom, Min. -497 -833 827 -27 1781 57 
3, Top, Max. -1457 -1178 -3478 -2891 -3260 -2019 
3, Top, Min. -478 -800 972 184 1843 268 

 
Influence of Liquefaction in the Near-Field Zone 
 
At A1466 site, the medium sand layers at a depth range of 15.1–18.8 m (49.5–61.5 ft) are 
susceptible to liquefaction under earthquakes of magnitude 7.0 or higher. In this section, the 
influence of liquefaction on the response of the A1466 bridge structure from a typical near-field 
MW 7.0 event (simulation #12 with Xcosθ = 0.47) is investigated. The maximum displacements 
at the soil springs on the abutment piles for both the liquefied and the nonliquefied cases are 
illustrated in Figure 5.53(a, b) along the fault-parallel and fault-normal directions, respectively. 
For better viewing, the vertical scale is in meters, while the horizontal scale is in centimeters. It 
is clearly seen from Figure 5.53 that liquefaction occurs in the same layers under the fault-
normal component of excitation while it does not under the fault-parallel component. 
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Figure 5.53 Maximum displacements at abutment piles of Bridge A1466: MW 7.0: Sim #12. 
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The input displacement time-histories in both fault-parallel and fault-normal directions are 
presented in Figure 5.54(a, b) for the top of the embankment, and in Figure 5.55(a, b) for the 
bottom of the embankment. In general, the displacement time-histories of the liquefied soils are 
much larger with higher decaying rate than those of the nonliquefied soils, and thus increasing 
the seismic demands on the bridge columns. In particular, the large displacement in the fault-
normal direction and the permanent offset (about 0.43 m) of the soil near the top of the 
embankment at abutments 1 and 5 developed extremely large deformations in the plane of bents 
2 to 4, leading to large in-plane curvature ductility ratios of columns, as illustrated in Table 5.40. 
The vast difference in column ductility curvature is attributable to the loss of approximately 50% 
strength of the liquefied soils, as indicated in Table 5.9, and consequently the degradation of the 
strength of the p-y curves for all soil springs within that layer. For comparison, the results of 
simulation #59 with Xcosθ = 0.36 are also included in Table 5.40, from which similar 
observations to the simulation #12 can be made. On the other hand, the embankment behaves as 
a relatively huge mass supported on a reduced stiffness of the soil layers that significantly 
increase the displacements as the seismic waves propagate to the top of the embankment, 
particularly in the fault-normal direction of motion, and thus imposing large seismic demands on 
the bridge columns. 
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                             (a) Fault-parallel component     (b) Fault-normal component 

Figure 5.54 Displacements at top of the embankment of Bridge A1466: MW7.0: Sim #12. 
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                       (a) Fault-parallel component    (b) Fault-normal component 

Figure 5.55 Displacement at bottom of the embankment of Bridge A1466: MW7.0: Sim #12. 
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Table 5.40 Column curvature ductility of Bridge A1466 from MW 7.0 earthquake events. 
 
 
 
 

Influence of TYPE “D” Expansion Bearing Model 
 
The load-displacement curves for the particular configuration of TYPE “D” expansion bearings 
used in Bridge A1466 were unavailable at the beginning of this study, and all expansion joints 
were modeled in the computer model using the “Nllink” elements with “Gap Property.” For the 
purpose of comparison, a simplified bilinear analytical model recently developed by Chen et al. 
(2004) is used in this section. The bilinear model was based on the experimental data of 16 
TYPE “D” expansion bearings that were retrieved from two representative bridges in the state of 
Missouri (Barker and Hartnagel, 1997). In a new computer model, the “Nllink” element with 
“Plastic1 Property” was again used to define the bilinear model. Its parameters are ki = 167600 
kN/m, fy = 16.7 kN, and α = 0.0113 with exp = 1000, as illustrated in Figure 5.12. 
 
Dynamic Characteristics 
 
The first four modes of vibration and their corresponding periods of Bridge A1466 with the 
bilinear model of expansion bearings are summarized in Table 5.41. In comparison with Table 
5.21 with expansion bearings modeled by gap elements, Table 5.41 indicates that the periods and 
their corresponding shapes of the first two modes with expansion bearings modeled by bilinear 
elements are exactly the same as the second and the third modes in Table 5.21. The first mode of 
vibration (with To = 1.89 sec) in Table 5.21 does not appear in Table 5.41. This is because the 
dynamic characteristics in Table 5.21 were obtained from an initial linear analysis where the 
expansion bearing model with the gap element is of zero initial stiffness, while the model with 
the bilinear element has a ki initial stiffness. The zero initial stiffness of expansion bearings is 
often assumed in bridge design. 
 
Table 5.41 Vibration modes of the A1466 bridge model with expansion bearings represented by 

a bilinear load-displacement relation. 
Mode # Period (sec) Description of significant motions 

1 0.43 Y-direction, horizontal in-phase motion of bents 2 to 4 and the deck between 
them. 

2 0.40 Y-direction, horizontal out-of-phase motion of the deck between bents 2 to 4. 

3 0.35 X-direction, horizontal in-phase motion of all abutments, bents and deck that was 
accompanied by Y-direction motion of part of the deck between bents 2 to 4.  

4 0.33 
Horizontal, horizontal in-phase motion of all abutments and bents with a 
component in each direction, which was accompanied by horizontal, out-of-phase 
deck motions in the Y-direction.  

 

Simulation #12 Simulation #59 Description 
(Bent #, location, 
moment plane) 

with 
liquefaction 

without 
liquefaction 

with 
liquefaction 

without 
liquefaction 

2, Bottom, in-plane 31.6 6.3 27.0 3.0 
2, Bottom, out-of-plane 8.3 1.7 - 2.0 
2, Top, in-plane 20.2 6.1 17.7 3.9 
2, Top, out-of-plane 3.8 1.5 1.4 1.8 
3, Bottom, in-plane 31.0 6.4 26.7 3.3 
3, Bottom, out-of-plane 9.2 2.6 1.8 2.6 
3, Top, in-plane 18.9 6.3 17.8 4.4 
3, Top, out-of-plane 4.4 2.8 2.4 2.5 
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Deck Response 
 
Figure 5.56(a, b) illustrates two typical, X-direction velocity time-histories at Node 22 of the 
A1466 bridge deck on the near side of bent 2, as shown in Figure 5.27, from an MW 7.5 
earthquake event (simulation #48). Figure 5.56(a) is for the case with expansion bearings 
modeled by gap elements, while Figure 5.56(b) is for the model with bilinear elements. It can be 
seen from Figure 5.56 that the two time-histories are very similar except for a small difference in 
peak velocity. 
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                          (a) From model with gap elements         (b) From model with bilinear elements 
Figure 5.56 Velocity time-histories of Bridge A1466 deck: MW7.5, Sim #48. 

 
From their associated time-histories, as shown in Figure 5.57, however, it can be observed that a 
significantly larger number of acceleration spikes and their high values appear in Figure 5.57(a) 
as compared to Figure 5.57(b). These spikes are due to the pounding forces developed in gap 
element(s) along the longitudinal direction of the bridge upon reaching the maximum relative 
displacement between the top and the bottom of the bearing (0.036 m for abutments 1 and 5, or 
0.042 m for bents 2 and 4) at any time instances. The results indicate the importance of 
considering a realistic expansion bearing model based on analytical or experimental data. 
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                         (a) From model with gap elements       (b) From model with bilinear elements 

Figure 5.57 Acceleration time-histories of Bridge A1466 deck: MW 7.5, Sim #48. 
 
Expansion Bearing Response 
 
Figure 5.58(a, b) illustrates typical relative displacement time-histories between the joints of an 
expansion bearing along the longitudinal direction of Bridge A1466 from an MW 7.5 event 
(simulation #48). Figure 5.58(a) is for the expansion bearing modeled as a gap element, while 



 154

Figure 5.58(b) is for the model with a bilinear element. It can be observed from Figure 5.58(a) 
that the response is constrained by the maximum relative displacement allowed between the top 
and the bottom of the bearing. For example, a maximum displacement of 0.044 m (1.75 in.) can 
be implemented in the gap element, as illustrated in Figure 5.58(a), based on expansion bearings 
tested under cycle loading in each direction (Barker and Hartnagel, 1997). However, the 
response from the model with the bilinear element, as shown in Figure 5.58(b), is unrestrained in 
this study. As a result, the maximum relative displacement at the bearing is approximately 0.21 
m (8.3 in.) and is significantly larger than the ultimate displacement capacity of 0.13 m (5.4 in.) 
of typical expansion bearings (Barker and Hartnagel, 1997). 
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                   (a) From model with gap elements        (b) From model with bilinear elements 

Figure 5.58 Displacements of an expansion bearing of Bridge A1466: MW7.5, Sim #48. 
 
Curvature Ductility Ratio 
 
The curvature ductility ratios at critical locations of the columns of Bridge A1466 from an MW 
7.5 earthquake event are compared in Table 5.42 when the expansion bearing is modeled with 
gap and bilinear elements. In Table 5.42, the ductility ratios for the in-plane bending moment are 
almost the same (less than 2% difference) because the Y-direction horizontal motion of the bents 
occurs at the same period (0.43 sec) in both models. On the other hand, the ductility ratios for the 
out-of-plane bending moments of the model with the gap element are higher by 1.10 to 1.94 
times because the fundamental vibration mode of this model corresponds to the X-direction 
horizontal motion of the bents, while such motion occurs in the third vibration mode in the 
model with bilinear elements. 
 
Table 5.42 Curvature ductility of Bridge A1466 columns from an MW 7.5 earthquake event with 

expansion bearings modeled by a gap or bilinear element. 
Sim #48 Description 

(Bent #, location, 
moment plane) 

Bearing model 
with gap element 

Bearing model 
with bilinear 

element 
2, Bottom, in-plane 26.9 27.0 
2, Bottom, out-of-plane 14.6 7.6 
2, Top, in-plane 16.2 16.5 
2, Top, out-of-plane 5.1 3.5 
3, Bottom, in-plane 26.8 26.8 
3, Bottom, out-of-plane 15.5 8.0 
3, Top, in-plane 16.1 16.4 
3, Top, out-of-plane 4.5 4.1 
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CONSIDERATION OF NEAR-FIELD MOTION EFFECTS ON DESIGN LOADS 
 
Comparison With the Far-Field Ground Motion Effect 
 
In this section, the response of Bridge L472 subjected to the simulations generated with the 
composite-source model from MW 7.5 earthquake events is compared to that of the point-source 
model using a magnitude-distance pair of MW 7.5 and D = 16 km (about 10 miles). Since the 
point-source model can only generate a single horizontal component of motion, two sets of 
bridge analyses were performed. One set was for the case when the point-source motion was 
applied to the longitudinal direction of the bridge (along the X-axis or the fault-parallel 
direction), and the other was applied to the transverse direction of the bridge (along the Y-axis or 
the fault-normal direction). For a consistent comparison, a single component generated from the 
composite-source model is applied for each set of analysis, corresponding to the fault-parallel 
and the fault-normal directions, respectively. 
 
Figure 5.59(a, b) illustrates a typical comparison of the response spectral accelerations at the 
rock outcrop and ground surface of L472 site, respectively. The results are for simulation #8 with 
Xcosθ = 0.17 of the composite-source model and simulation #201 of the point-source model. In 
both figures, the spectral accelerations associated with the composite-source model are higher 
than those with the point-source model, particularly for the fault-normal component due to near-
field effects. Their peaks are also much higher and shifted toward longer periods that would 
impose larger seismic demands on the bridge whose fundamental period of vibration is over 0.70 
sec. 
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                                 (a) At rock outcrop                       (b) At ground surface 

Figure 5.59 Spectral accelerations at L472 site with an MW 7.5 event. 
 
The longitudinal acceleration time-histories of the L472 bridge deck at Node 626 (shown in 
Figure 5.25) on the far side of bent 4 are compared in Figure 5.60(a, b) when the bridge is 
subjected to the fault-parallel component of motion generated with the composite-source model 
and that of the point-source motion along the longitudinal direction of the bridge, respectively. 
The corresponding pounding forces between the two adjacent decks at this location are shown in 
Figure 5.61(a, b). The difference between Figure 5.60(a) and Figure 5.60(b) in the number of 
large acceleration spikes and their values, and between Figure 5.61(a) and Figure 5.61(b) in their 
corresponding pounding force magnitudes is not significant. 
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                       (a) Fault-parallel component: Sim #8                         (b) A point-source motion: Sim #201 

Figure 5.60 Longitudinal acceleration of L472 bridge deck: MW7.5, longitudinal motion. 
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                     (a) Fault-parallel component: Sim #8                    (b) A point-source motion: Sim #201 

Figure 5.61 Pounding forces on L472 bridge deck: MW 7.5, longitudinal motion. 
 
On the other hand, the longitudinal acceleration time-histories at the same node of the L472 
bridge deck are compared in Figure 5.62(a, b) when the fault-normal component of motion of the 
composite-source model and the point-source motion are respectively applied along the 
transverse direction of the bridge. The corresponding pounding forces between the two adjacent 
decks at this location are shown in Figure 5.63(a, b). In this case, a significant difference can be 
observed in the number of large acceleration spikes and their values, illustrated in Figure 5.62(a) 
and Figure 5.62(b), and their corresponding pounding force magnitudes, shown in Figure 5.63(a) 
and Figure 5.63(b). Those parameters corresponding to the input motions from the composite-
source model are much larger due to the near-field characteristics implicitly included in the fault-
normal component of ground motion. 
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                   (a) Fault-normal composite: Sim #8                    (b) A point-source motion: Sim #201 

Figure 5.62 Longitudinal acceleration of L472 bridge deck: Mw 7.5, transverse motion. 
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             (a) Fault-normal component: Sim #8                               (b) A point-source motion: Sim #201 

Figure 5.63 Pounding forces on L472 bridge deck: Mw 7.5, transverse motion. 
 
Tables 5.43 and 5.44 give the curvature ductility ratio at critical locations of the columns of 
Bridge L472 when the bridge is subjected to the ground motions from MW 7.5 earthquake events 
along its longitudinal and transverse directions, respectively. A total of three simulations from 
the composite-source model and two simulations from the point-source model were performed. 
In Table 5.43, the average of all three simulations under the fault-parallel component of the 
ground motion from the composite-source model ranges from 1.4 to 6.7 with an average of 3.7. 
The corresponding range of the point-source model is much lower, from 1.0 to 2.3 with an 
average of 1.7. On the other hand, the average of all three simulations under the fault-normal 
component of the ground motion from the composite-source model ranges from 2.7 to 8.6 with 
an average of 5.1, as shown in Table 5.44. It is somewhat greater than the influence of the fault-
parallel component of ground motion, but significantly larger than its corresponding range of the 
point-source model from 1.0 to 3.0 with an average of 1.7. These results indicate the importance 
of considering near-field effects for bridges within 10 km (6.2 miles) from active faults through 
the use of finite-fault models rather than point-source models that cannot capture this feature. 
 
Table 5.43 Curvature ductility ratios of L472 bridge columns from MW 7.5 earthquake motions 

along the longitudinal direction of the bridge. 
Composite-source model Point-source model Description 

(Bent #, column, location, moment 
plane) 

Sim  
#1 

Sim  
#8 

Sim  
#77 average Sim  

#201 
Sim  
#205 average 

2, Exterior, Top, in-plane 3.8 4.6 4.7 4.4 2.1 1.0 1.6 
2, Exterior, Bottom, out-of-plane 1.4 1.5 1.2 1.4 1.0 1.0 1.0 
2, Interior, Top, in-plane 4.6 5.3 5.6 5.2 2.6 1.3 1.9 
2, Interior, Bottom, out-of-plane 1.7 1.7 1.5 1.6 1.3 1.3 1.3 
3, Exterior, Top, in-plane 5.4 7.1 5.3 5.9 2.4 1.2 1.8 
3, Exterior, Bottom, out-of-plane 2.5 2.3 1.9 2.2 1.8 1.7 1.7 
3, Interior, Top, in-plane 6.2 8.1 5.9 6.7 3.0 1.6 2.3 
3, Interior, Bottom, out-of-plane 2.7 2.5 2.0 2.4 1.8 2.0 1.9 
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Table 5.44 Curvature ductility ratios of L472 bridge columns from MW 7.5 earthquake motions 
along the transverse axis of the bridge. 

Composite-source model Point-source model Description 
(Bent #, column, location, moment 

plane) 
Sim  
#1 

Sim  
#8 

Sim  
#77 average Sim  

#201 
Sim  
#205 average 

2, Exterior, Top, in-plane 3.1 2.5 2.7 2.7 1.0 1.0 1.0 
2, Exterior, Bottom, out-of-plane 4.3 4.2 4.0 4.2 1.6 1.4 1.5 
2, Interior, Top, in-plane 3.5 3.0 3.2 3.2 1.2 1.0 1.1 
2, Interior, Bottom, out-of-plane 5.9 5.9 5.5 5.8 2.1 2.1 2.1 
3, Exterior, Top, in-plane 4.0 4.1 3.9 4.0 1.1 1.0 1.1 
3, Exterior, Bottom, out-of-plane 8.2 8.1 7.5 7.9 2.7 2.7 2.7 
3, Interior, Top, in-plane 4.5 4.5 4.4 4.5 1.4 1.1 1.3 
3, Interior, Bottom, out-of-plane 8.8 8.8 8.1 8.6 3.0 3.1 3.0 

 
Recommendations for Near-Field Effects in Highway Bridge Design 
 
At the MCE level, a simple methodology for the inclusion of directivity effects from a strike-slip 
fault in the design spectrum is proposed for highway bridges. The method is based on the models 
of Abrahamson (2000, 2001) and Somerville et al. (1997). 
 
Directivity Equations 
 
For rupture distances less than 30 km (18.6 miles), the Abrahamson (2000) model for the natural 
logarithm of the directivity scale factor for the average horizontal component AvH is given by: 
 

ln[Dir(X, θ, T)] = C1(T) + 1.88 C2(T) Xcosθ     for Xcosθ ≤ 0.4  (5.24a) 
 

ln[Dir(X, θ, T)] = C1(T) + 0.75 C2(T)  for Xcosθ > 0.4  (5.24b) 
 

in which the coefficients C1 (T) and C2 (T) are listed in Table 5.45; they depend on the period of 
vibration T. For Mw > 6.0, the ratio between the fault-normal component and the average 
horizontal component can be determined by (Somerville et al., 1997): 
 

ln(FN/AvH) = cos(2θ) [C3(T) + C4(T) ln(rrup+1) + C5(T)(MW-6)] for θ < 45° (5.25a) 
 

ln(FN/AvH) = 0 for θ ≥ 45°    (5.25b) 
 
where C3 (T), C4 (T) and C5 (T) are listed in Table 5.45, and rrup is the closest distance to the fault 
rupture. AvH is based on the geometric mean of the two horizontals and given by: 
 

FNFPAvH ×=      (5.26) 
 
Therefore, the ratio of FP/AvH is determined from the following equation: 
 

ln(FP/AvH) = -ln(FN/AvH)    (5.27) 
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The average horizontal motion AvH can be determined from the method outlined in the NCHRP 
12-49 project (ATC/MCEER, 2001). 
 

Table 5.45 Directivity coefficients. 
Period (sec) C1 C2 C3 C4 C5 

0.50 0.000 0.000 0.000 0.000 0.000 
0.60 0.000 0.000 0.027 -0.007 0.000 
0.75 -0.084 0.185 0.061 -0.016 0.000 
1.00 -0.192 0.423 0.104 -0.026 0.000 
1.50 -0.344 0.759 0.164 -0.049 0.034 
2.00 -0.452 0.998 0.207 -0.061 0.059 
3.00 -0.605 1.333 0.353 -0.101 0.093 
4.00 -0.713 1.571 0.456 -0.128 0.118 
5.00 -0.797 1.757 0.450 -0.127 0.137 

 
Upper Bound of Directivity Effects 
 
To understand the variability of the fault-parallel and the fault-normal response spectra due to the 
unknown hypocenter of a future earthquake, an upper bound of the spectra is assumed when the 
directivity condition Xcosθ = 0.40 and the hypocenter is located at the center of the fault plane. 
This condition yields θ = 4.4° for Bridge L472 and θ = 12.5° for Bridge A1466, corresponding 
to X = 0.401 and 0.410, respectively. The coefficients in Table 5.45 are then introduced into 
Equations 5.24(a), 5.25(a), and 5.27 to determine the fault-parallel and fault-normal response 
spectra. Comparisons are made in Figure 5.64(a, b) for L472 site, and in Figure 5.65(a, b) for 
A1466 site between the average response spectra (of 100 simulations) simulated with the 
composite source model and the lower/upper bounds of the directivity effects applied to the 
NCHRP 12-49 spectra from MW 7.5 earthquake events. Here, the lower bound of the directivity 
effects is the NCHRP 12-49 spectra (i.e., the one before amplification). 
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Figure 5.64 Average spectra versus NCHRP 12-49 spectra: Mw = 7.5 at L472 site. 
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Figure 5.65 Average spectra versus NCHRP 12-49 spectra: Mw = 7.5 at A1466 site. 

 
It is observed from Figure 5.64, for L472 site or 3.7 km (2.3 miles) from the fault, that for 
periods less than 2.5 sec the upper bound of the fault-normal component spectrum is much less 
than that obtained from the composite-source model. In this case, the response of a typical short-
span highway bridge, either multispan simply supported or continuous, would have been 
underpredicted by the simple model of directivity effects. Therefore, a site-specific rock and 
ground motion simulation(s) are recommended for highway bridges within 10 km (6.2 miles) 
from active faults in the NMSZ. On the other hand, as shown in Figure 5.65 for A1466 site or 
10.9 km (6.8 miles) from the fault, the simple model of directivity effects can be used to 
accurately estimate the design spectra because its upper bound is an envelop of small margins 
from the site specific spectra. However, it would be too conservative to use the upper bound of 
directivity effects, as shown in Figure 5.65(b), for long-period responses. To have a less 
conservative prediction of the response spectra, an average directivity may be taken into account 
by considering the hypocenter located at the center of the fault. In this case, Xcosθ = 0.24, from 
which θ = 19.5°. Such an average directivity spectrum is compared with the site specific spectra 
in Figure 5.66(a, b). It is clearly seen from Figure 5.66 that the upper bound spectra with average 
directivity is much closer to the site specific response spectra than the one in Figure 5.65. 
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Figure 5.66 Comparisons between site specific spectra and average directivity effects applied to 

NCHRP 12-49 spectra: Mw = 7.5 at A1466 site. 
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CONCLUSIONS 
 
The responses of a multi-span simply supported bridge (L472) and a multi-span continuous 
bridge (A1466) to near-field ground motions in the NMSZ have been investigated from future 
earthquake scenarios of moment magnitude, MW, of 6.5, 7.0, and 7.5. Based on the extensive 
analyses, the following conclusions can be drawn: 
1. The fundamental vibration mode of Bridge L472 corresponds to an out-of-plane horizontal 

motion of bents 2 to 5 for the bridge model with soil springs and pile elements, while that of 
Bridge A1466 involves the horizontal motion of bent 3 only along its longitudinal axis. The 
same modes are observed for the bridge models with a rigid foundation but their fundamental 
periods are reduced by 30% and 17% for the L472 and A1466 bridges, respectively. On the 
other hand, the model of TYPE “D” expansion bearings of Bridge A1466 has significant 
influence on its dynamic characteristics and responses. The use of a realistic model based on 
analytical or experimental data that can capture the nonlinear behavior of the expansion 
bearing is therefore critical to the understanding of bridge behaviors. 

2. Pounding between two adjacent decks or between the steel girders and the abutments is likely 
to occur during an earthquake event of Mw6.5 or higher. The magnitude of the impact forces 
and the frequency of occurrence increase with the moment magnitude of the earthquake. 
Pounding is less pronounced when the bridge is modeled with fixed foundations. 

3. The moment magnitude of an earthquake has a significant influence on the performance of 
expansion bearings. It increases the seismic demands on the bearings to values beyond their 
capacity that may lead to fracture of the plates of TYPE “C” bearings of Bridge L472, or the 
toppling of TYPE “D” bearings of Bridge A1466 during the maximum considered 
earthquake. 

4. The curvature ductility ratio of bridge columns increases significantly with the moment 
magnitude of an earthquake. Under an Mw7.0 or higher earthquake, the columns of Bridge 
L472 likely fail in shear due to its proximity to the seismic fault. Similarly, the columns of 
Bridge A1466 will be subjected to extensive damages or complete failure when soil deposits 
are liquefied. A response modification factor of 4.0 is computed for both bridges using the 
equations of the NCHRP 12-49 project. However, under the maximum considered 
earthquake conditions (MW 7.5), the average displacement ductility ratio is 6.4 for Bridge 
L472 and 7.9 for Bridge A1466. Forward rupture directivity effects on Bridge L472 and the 
influence of liquefaction on Bridge A1466 are the dominant reasons for these differences.  

5. Near-field features in rock motions (a large pulse develops at the beginning of the time-
history and rapidly decays) are only retained in the bridge response when modeled with soil 
springs and pile elements. They are not captured when the bridge is modeled with rigid 
foundations or if the ground motions are simulated using the point-source model. 

6. Under the maximum considered earthquake, the vertical acceleration increases the axial 
compressive forces in the columns by an average of 1.78 times for Bridge L472 (3.7 km from 
the fault) and 1.62 times for Bridge A1466 (10.9 km from the fault). The influence of the 
vertical acceleration is remarkably reduced with lower moment magnitudes. It is important to 
consider the effect of vertical accelerations in the design of bridges near an active fault. 

7. Liquefaction in the near-field zone is a dominant factor in the bridge response. For the 
particular soil profile at A1466 site with the 9.5 m thick man-made embankment, the large 
displacements in the fault-normal direction and permanent offset of the soil near the top of 
the embankment develop extremely large deformations in the plane of the bridge bents 
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leading to large in-plane curvature ductility ratios of the columns. The excessive deformation 
likely results in the unstable condition of the columns and eventually the bridge system. 

8. Seismic demands imposed by the point-source ground motion are much lower than those of 
the composite-source motion. The point-source motion underestimates the impact forces 
acting on the deck as well as the bending moments in the columns, particularly in comparison 
with the fault-normal component from the composite source model because the point source 
model does not include near-field features. 

9. A site-specific rock and ground motion simulation(s) is necessary for the evaluation of 
highway bridges within 10 km (6.2 miles) of active faults in the NMSZ. The resulting rock 
motion(s) should include all near-field characteristics that are expected to influence the 
bridge response. In the NMSZ, forward rupture directivity effect is an essential feature, while 
fling step is unlikely seen in ground motions during future earthquake events due to the 
flexibility of deep soil deposits. 

10. For highway bridges located beyond 10 km (6.2 miles) from active faults in the NMSZ, a 
simple methodology based on the average directivity conditions at the site and the directivity 
models of Abrahamson (2000) and Somerville et al. (1997) can represent the near-field 
effects on design response spectra with acceptable engineering accuracy. 
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CHAPTER 6. EVALUATION AND RETROFIT OF BEAM-COLUMN ASSEMBLY 
 

 
The Central and Eastern United States (CEUS) and the state of Alaska experienced several of the 
largest earthquakes in the early 19th and mid-20th centuries. Even so, the pre-1976 design of 
bridges in these regions considered minimal seismic design standards (AASHTO, 1966). 
Therefore, many existing structures are vulnerable to seismic loads and need to be retrofitted in 
accordance with the current seismic retrofit design standards (Yashinsky and Karshenas, 2003). 
 
Only after the mid-1970s, were structures in the United States designed with proper 
considerations for seismic loading (Buckle, 2000; Krawinkler, 1995, 1999). The philosophy of 
the modern design of bridges is to allow the development of plastic hinges at the end(s) of 
columns for energy dissipation, limited vibration transmission from the substructure to the 
foundation, and overall design cost minimization. This can be realized by carefully selecting and 
detailing the plastic hinge areas, while the remaining regions are designed to remain elastic 
throughout the design seismic event (Priestley et al., 1996; Mazzoni and Moehle, 2001). 
Following this approach, a research program was initiated to accomplish two objectives: (1) to 
investigate the performance levels or failure modes of typical bridge bents, and (2) to propose 
three different retrofit schemes to improve the seismic resistance of bridge structures. 
 
To accomplish the above research objectives, a total of five RC units (specimens) were cast, 
retrofitted, and tested under simulated fully-reversed cyclic lateral loading. The test units were 
designed and built in 4/5 scale to have failure modes similar to their representative prototype 
structures. For ease of reference, the five tested units were presented separately in three phases 
according to three proposed retrofit/strengthening schemes, including (1) carbon fiber reinforced 
polymers wrapping (CFRP), (2) thin steel sheet wrapping and steel plates strengthening, and (3) 
conventional strengthening with mild steel reinforcement. Phases I and II for the development of 
the first two retrofit schemes dealt with the typical bridge bent in the CEUS, while Phase III 
addressed the deficiency of typical bridge bents in the state of Alaska.  
 
LITERATURE REVIEW 
 
Column Retrofitting 
 
Most of the RC columns designed prior to the 1970s were deficient in shear strength, flexural 
ductility, and flexural strength when lap splices were used in critical regions (Sanders et al., 
2002). As a result of conservative flexural design equations adopted prior to the 1970s (Priestley 
et al., 1996), the flexural strength of columns without lap splices is often adequate. Each 
deficiency corresponds to one potential failure mode that is associated with insufficient amount 
of transverse reinforcement and/or seismic detailing. Three typical failure modes in columns are 
described as follows. 
 
The first and most critical failure mode is the loss of shear strength in a column. The shear 
failure sequence consists of (1) the development of inclined cracks once the tensile strength of 
the concrete is exceeded; (2) the opening of inclined or diagonal cracks in the column and onset 
of cover concrete spalling; (3) rupture or opening of the transverse or horizontal reinforcement; 
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(4) buckling of the longitudinal column reinforcement; and (5) disintegration of the column 
concrete core. While a new column can be better detailed with sufficient transverse 
reinforcement for improvement in shear strength, an existing deficient column can only be 
enhanced by providing external shear reinforcement or strength to the column in the hoop 
direction. The shear capacity of a column needs to be checked mainly in the column end regions 
or potential plastic hinge regions where the concrete shear capacity can degrade with increasing 
ductility demands (Buckle, 2000; Yashinsky and Karshenas, 2003). 
 
The second failure mode in a column involves the loss of confinement at a flexural plastic hinge  
where the sequence of flexural cracking, cover concrete crushing and spalling, longitudinal 
reinforcement buckling, and core concrete shortening result in the plastic hinge deterioration. 
The occurrence of a plastic hinge failure is typically associated with certain displacement 
ductility and is limited to the end(s) of the column. The ductile nature during the development of 
inelastic deformation within the plastic hinge is more desirable than the brittle shear failure of 
the entire column. For an existing column, such a ductile failure mode can be achieved by 
providing sufficient confinement to the column with external hoop or transverse reinforcement in 
any jacketing retrofit scheme. The confinement objective is to prevent cover concrete spalling in 
the existing column, to provide a lateral support to the longitudinal reinforcement, and to 
enhance concrete strength and deformation capacities. All of these characteristics apply along the 
entire column perimeter; thus, uniform confinement provided by circular hoops or circular 
external jackets can be most beneficial. In rectangular columns, either a circular or oval jacket 
can provide confinement along the entire column perimeter, while rectangular jackets only 
provide inward corner forces; significant jacket thickness needs to be provided between corners 
to restrain lateral dilation and column bar buckling (Priestley et al., 1996). 
 
Finally, for ease of construction, dowel bars are often used in the footing of a tall column. The 
lap splices in longitudinal reinforcement are then introduced at the lower end of the column to 
form the connection between the column and its footing. As such, these dowel bars are lapped 
with the longitudinal column reinforcement in the region of maximum moment demand, which 
occurs within the potential plastic hinge region. While the confinement concept discussed 
previously for plastic hinges also applies to the lap-spliced column end, the flexural strength of 
the column in this case can be governed by the debonding of the lap-spliced joint (Priestley et al., 
1996). Debonding of the lap-spliced joint develops when vertical cracks form in the cover 
concrete followed by spalling of the cover concrete and subsequent increased dilation of column 
core. In cases where short lap splices are present and little confinement is provided, the 
associated flexural capacity degradation can occur rapidly at low flexural ductility, but it can also 
occur more gradually with increased lap splice length and confinement. Jacketing can again be 
applied to provide continuous, lateral, clamping pressures to the lap-spliced joint, thus increasing 
the bond strength of the lap splice (Yashinsky and Karshenas, 2003). 
 
A number of retrofit techniques have been developed and tested to address the three deficiencies 
discussed above. They include concrete jacketing, steel jacketing, composite materials jacketing, 
and active confinement by wire prestressing. The most common retrofit technique implemented 
to date has been steel jacketing, with a small amount of retrofit involving reinforced concrete 
jackets or composite materials jackets (Priestley et al., 1996). By 1994, steel jacketing had been 
widely used in California to retrofit the columns of several hundred bridges. During the 1994 
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Northridge Earthquake, some 50 bridges with steel-jacketed columns were subjected to peak 
ground accelerations of 0.3 g or higher. None of these bridges suffered damage to columns 
requesting subsequent remedial work (Priestley et al., 1996). 
 
The steel jacketing procedure was originally developed for circular columns (Chai et al., 1991a, 
1991b). Two half shells of steel plate rolled to a radius of 0.5 to 1.0 in. (12.5 to 25 mm) larger 
than the column radius were positioned over the area to be retrofitted and were site-welded up 
the vertical seams to provide a continuous tube with a small annular gap around the column. 
After flushing with water, this gap is grouted with a pure cement grout. Typically, a space of 
about 2 in. (50 mm) is provided between the jacket and any supporting member (footing or cap 
beam) to avoid the possibility of the jacket acting as compression reinforcement by bearing 
against the supporting member at large drift angles. This is to avoid excessive flexural strength 
enhancement of the plastic hinge region, which could increase the moments and shears in 
footings and cap beam under seismic response. 
 
Chai et al. (1990) strengthened three out of the six circular columns of inadequate shear strength 
with cylindrical steel jackets. Each column was tested under a reversed cyclic lateral load with a 
constant axial force equal to 10% of the column’s axial load capacity. The unretrofitted columns 
exhibited a relatively stable response up to a drift ratio of just less than 1.0%. Afterwards, the 
column failed in a brittle shear manner. The hysteretic response of the retrofitted columns, 
however, showed a significant increase in ductility and energy absorption capacity. 
 
Thin rectangular steel jackets were epoxy-bonded to concrete columns over the regions of 
premature termination of reinforcement to locally augment the flexural and shear capacity of the 
columns, ensuring that inelastic action occurs only at the intended plastic hinge at the column 
base (Kawashima et al., 1991). 
 
Unjoh and Kawashima (1992) also applied steel jackets of 1.0 mm (0.04 in.) thick for the 
strengthening of square columns with an insufficient development length of longitudinal bars. 
One of the three columns tested was unretrofitted as a control specimen. The other two columns 
were strengthened with 1.0-mm-thick steel jackets of length equal to 1.0 and 1.50 times the depth 
of the column cross section, respectively. The control specimen showed the development of a 
hinge at the bar cutoff section and a shear failure at the same section. However, the strengthened 
columns developed the flexural capacity of the column. With the longer steel jacket, shear cracks 
were completely eliminated near the bar cutoff section. 
 
Yoshimura et al. (1991) used welded steel plates for the seismic retrofit of short columns with 
inadequate shear strength. The results from testing of nine specimens demonstrated that a short 
column strengthened with welded steel plates will not fail in shear. As such, the column can 
develop its ultimate flexural capacity. It was also shown that similar steel jackets can be used for 
repair of the damaged short columns that have failed in shear. 
 
Priestley et al. (1994a, 1994b) tested eight circular and six rectangular full-scale columns for 
shear strength. Test variables included the moment-to-shear ratio, yield strength of steel, and the 
shape of the cross section. While all the unretrofitted columns exhibited poor seismic 
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performance due to shear failure, the strengthened columns with steel jackets, both circular and 
elliptical, developed the ductile flexural response at high levels of displacement ductility. 
 
Column/Bent Cap Joint 
 
Recent earthquakes worldwide have illustrated the vulnerability of existing reinforced concrete 
(RC) beam-column joints to seismic loading (Sritharan, 1998). Poorly detailed joints, especially 
exterior ones, have been identified as critical structural elements, which appear to fail 
prematurely, thus performing as ‘‘weak links’’ in RC frames (Mazzoni and Moehle, 2001). A 
typical failure mode in poorly designed joints of inadequate transverse reinforcement is concrete 
shear in the form of diagonal tension. Bond failure of rebars has also been observed, especially in 
interior joints where rebars are not properly anchored with standard hooks (Paulay and Priestley, 
1992). Strengthening of RC joints is a challenging task that poses major practical difficulties. A 
variety of techniques applicable to concrete elements have also been applied to joints, the most 
common ones being the construction of concrete or steel jackets (Alcocer and Jirsa, 1993; 
Mazzoni and Moehle, 2001). Concrete jackets increase the dimensions and weight of structural 
elements. Retrofitting with plain or corrugated steel plates has also been investigated (Beres et 
al., 1992; Ghobarah et al., 1997). These elements require special attachment through the use of 
either epoxy adhesives combined with bolts or special grouting. 
 
Joints can be retrofitted by prestressing and jacketing. Prestressing of a beam-column joint 
reduces the tendency for joint cracking due to increase in horizontal stresses, and increases the 
shear and flexural strength of the cap beam. Prestressing is designed to increase the cap beam 
flexural strength sufficiently to ensure that column plastic hinges are developed for both positive 
and negative moments. However, prestressing the joint increases the principal compression stress 
within the joint, and design of the prestressing force should ensure that the limit of 0.3f’c is not 
exceeded. 
 
Prestressing is likely to be the most effective retrofit technique when the principal tensile stresses 
within the joint are reduced below 3.5 '

cf  psi (0.29 '
cf  MPa). For higher levels of principal 

tensile stresses it may be unfeasible or even impractical to solely use prestressing. In this case, 
jacketing the joint by concrete, steel, or composite-materials may also be required to ensure that 
the performance of the joint is not likely to degrade, avoiding increased drift angles due to joint 
degradation. Typically, the jacket will extend beyond the original joint dimensions into the cap 
beam and column in the form of a haunch section. Dimensioning of this haunch section is also 
critical in ensuring that the joint stresses are properly dissipated over a wider region (Sritharan, 
1998). Jacketing also increases the joint thickness, thus reducing joint stress levels. Extending 
the size of the joint into the existing column and cap beam also increases the development length 
of column reinforcement and it creates new critical sections for moment capacity at the edge of 
the jacket. 
 
SELECTION OF THE PROTOTYPE BRIDGE STRUCTURES 
 
The selection of two prototype structures was accomplished after evaluating a number of typical 
existing bridges in the CEUS and the state of Alaska based on established seismic evaluation 
techniques, which will be presented in further detail in this section. Then, the two prototype 
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structures were selected to reflect those which were most vulnerable to seismic events and in 
greater need of seismic retrofitting. The first prototype structure is a replicate of typical CEUS 
bridge bents. The same prototype was used in Phases I and II for comparison of two different 
retrofitting techniques. In Phase III, a different prototype structure was selected to duplicate as-
built plans for bridges located in the state of Alaska.  
 
Evaluation of Columns and Column/Bent Cap Joints 
 
Code requirements for the seismic design of bridges have drastically changed since the 1950s 
(AASHTO, 1953). For instance, AASHTO Specifications (1949) did not contain any information 
for seismic design of bridges. The first highway bridge code that contained a seismic design 
criteria was the 1961 edition (AASHTO, 1961), stating that bridges be designed for a seismic 
load equivalent to a percentage of the dead load of the bridges. In contrast, the 1998 AASHTO 
Specifications or later edition (1998, 2001) contained requirements that all bridges must be 
designed for seismic loads according to standardized seismic zones. In light of the dramatic 
evolution of the bridge design code in the mid-1970s, existing bridges built around the 1970s are 
of particular interest to this study. Following is a detailed explanation of the evaluation 
procedure of existing structures, covering all potential failure modes or performance levels that 
will be later discussed in detail in selecting the two prototype structures. 
 
The possible performance levels and the ideal performance level of a bridge substructure are 
summarized in Figure 6.1. The three locations where failure is likely to occur include the end of 
columns, the bent cap, and the joint region between the column and the bent cap. Each of these 
regions is susceptible to a number of possible failure modes or performance levels. Of all 
possible performance levels in Figure 6.1, the desirable performance level is “A-1” because it 
represents the design performance level with the highest energy dissipation capacity and the least 
impact on post-earthquake evaluation and retrofit. 
 

Possible Bridge Bent Performance Levels 

A)  Column B)  Bent Cap C)  Column/Bent Cap Joint 

A-1)  Ductile column 
flexural response 

A-2)  Brittle column shear 
failure 

A-3)  Inadequate transverse 
reinforcement to 
confine the concrete 
core 

A-4)  Inadequate 
transverse 
reinforcement to 
prevent buckling of 
the longitudinal 
reinforcement 

B-1)  Ductile bent cap 
flexural 
response 

C-1)  Compressive 
stresses in the joint 

C-2)  Tensile stresses in 
the joint 

C-2a)  Potential joint 
cracking 

C-2b)  Detailed joint 
design required 

B-2)  Brittle bent cap 
shear failure. 

 
Figure 6.1 Possible performance levels of a typical column-bent cap connection. 
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In the event of an earthquake, it is most desirable for a bridge column/bent cap system to behave 
in a ductile manner so that there is (1) sufficient warning prior to a total failure of the system, 
and (2) limited services remained for use by emergency and other vehicles after the earthquake 
(Paulay and Priestley, 1992; Caltrans, 2001). Beyond the ductility of the system, a desirable 
performance level allows the possibility for repairing the regions of inelastic deformation 
following a seismic event. To achieve these objectives, bridges should be designed such that the 
superstructure remains within the elastic range and inelastic actions develop only at the top and 
bottom of columns. Each of these performance levels may be assessed according to well 
documented design guidelines (Yashinsky and Karshenas, 2003; Paulay and Priestley, 1992; 
Priestley et al., 1994; Krawinkler, 1995, 1999). 
 
Flexural Analysis 
 
The ductile flexural response of the column occurs when the column longitudinal reinforcement 
is strained beyond the yield limit and the column cover concrete crushes. These indicate the 
formation of the plastic hinge at either or both the top and the bottom of the column. In order to 
achieve this performance level, it is essential that the bent cap remains elastic to a level above the 
ultimate flexural capacity of the column. To evaluate each bent for this criterion, the moment 
yield capacity of the bent cap must be compared against the ultimate moment capacity of the 
column. Well-established moment/curvature analysis techniques can be used to determine the 
initial yielding and the ultimate theoretical conditions of each member. In this project, these were 
compared to evaluate the flexural performance of each bent. In order to develop dependable 
flexural ductility in the columns, the column concrete core must be properly confined so that the 
column longitudinal reinforcement cannot be allowed to buckle. 
 
Core Confinement. Proper confinement on the core concrete of a ductile member can be ensured 
by providing adequate transverse reinforcement. The column transverse reinforcement ratio is 
governed by (Priestley et al., 1996): 
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where Asp is the area of the column transverse reinforcement, D’ is the column core diameter, s is 
the vertical spacing of the transverse reinforcement, f’

c is the unconfined concrete compressive 
strength, fy is the yield strength of the column longitudinal bars, P is the axial load applied on the 
column, Ag is the column gross sectional area, and ρl is the column longitudinal reinforcement 
ratio. 
 
Buckling of Column Longitudinal Bars. Two mechanisms may characterize this performance 
level: (1) The transverse reinforcement is spaced so that the column longitudinal bars are likely 
to buckle between the transverse reinforcing bars; or (2) the column transverse reinforcement is 
adequately spaced but there is not adequate steel area to prevent yielding of the transverse 
reinforcement. The column longitudinal bars may buckle as the transverse reinforcement yields 
at increased ductility levels. These performance levels may be prevented provided that sufficient 
transverse reinforcement is provided according to the equations below (Priestley et al. 1996). 
The maximum allowable transverse reinforcement spacing is governed by: 
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6 bls d≤  (6.2)
 
in which bld  is the column longitudinal bar diameter. On the other hand, the minimum allowable 
transverse reinforcement ratio is governed by: 
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where D is the column outside diameter, dbl is the column longitudinal bars diameter, fy is the 
yield strength of the column longitudinal bars, and fyh is the yield strength of the column 
transverse reinforcement. 
 
Shear Analysis 
 
The shear capacity of the column and bent cap were determined by using the American Concrete 
Institute (ACI) shear model (ACI 318, 2002) and the University of California, San Diego 
(UCSD) shear models developed by Priestley et al. (1996), respectively. Although similar in 
concept, they often lead to different results, especially for columns that experience large inelastic 
deformations under cyclic loading. The two models are outlined as follows. 
 
ACI Shear Model. According to ACI 318 (2002), the nominal shear capacity of a given section 
is expressed by: 
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in which Ae and Vs are the effective shear area and the shear force carried by the reinforcing 
steel, respectively. They can be determined by the following two equations: 
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UCSD Shear Model. According to this model, the shear strength of an RC section can also be 
determined by (Priestley et al., 1996): 
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PSCN VVVV ++=  (6.7)
 
in which the concrete component, Vc, is reduced as the section experiences large inelastic 
deformations. This accounts for degradation in the shear strength within the plastic hinge region 
as cracks widen. For a well-confined section, the reduction factor, K, is shown in Figure 6.2 as a 
function of curvature ductility, μφ. However, this reduction may be greater for poorly confined 
sections as in the case of the unstrengthened columns of Phases I and II. 
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Figure 6.2 K values for use in UCSD shear model. 

 
As such, the shear force carried by the concrete, Vc, is computed by: 
 

'
ceC fAKV =      (MPa) (6.8)

 
The UCSD model uses the same equations as the ACI shear model for the calculation of the 
shear force carried by the reinforcing steel, Vs, as given in Equation 6.6. The UCSD shear model 
also contains an additional term, Vp, used to increase the shear strength of a section subjected to a 
compressive axial force. Below is the equation used to calculate the contribution of the strut 
formed by the compressive axial force on the shear capacity of the member:  
 

tanpV P α=  (6.9)
 
whereα  is the angle between the column axis and the axial force strut. 
 
Joint Evaluation 
 
Principle stresses evaluation can be used to determine potential failure mechanisms within the 
joint region. The principle tensile and compressive stresses in the joint region are compared to 
established allowable joint stresses to evaluate the potential performance of the joint in the event 
of an earthquake. 
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Determination of Joint Stresses. The principle stresses were computed by taking a stress block 
at the center of the joint, as illustrated in Figure 6.3. This block is subjected to an axial 
compression stress, fa, due to the column axial load, Fa (=P), and a shear stress, v, due to the 
moment about the joint, Mc. The axial stress is determined by dividing the axial load by the area 
over which that force is distributed. The axial load distribution area is defined as the area of the 
column increased at 45° in all directions to a maximum of the beam width or ½ of the beam 
height. A schematic of this area for a joint with a rectangular column is depicted in Figure 6.4. 
From this figure, the axial stress equation is: 
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in which wb is the width of the bent cap. For a joint with a circular column, the axial stress 
equation becomes: 
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a) Joint side view. b) Bending moment profile. 

Figure 6.3  Stress block in the center of the joint subjected to axial and shear stresses. 
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Figure 6.4  Force distribution area. 
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The column moment, Mc, is transformed into an equivalent horizontal shear force, Vjh, by 
dividing Mc by a moment arm, d = 0.8 hb, as seen in Figure 6.3. Therefore, the horizontal shear 
stress for a rectangular column, vjh, which is the ratio of the shear force, Vjh, over the shear area, 
can be expressed into: 
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in which the effective width of the joint is determined by: 
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For a circular column, the horizontal shear stress is written as: 
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Allowable Joint Principle Stresses. To evaluate the joint, the principle joint stresses are 
compared against established allowable stresses. If the joint stresses exceed the allowable values, 
either concrete crushing or the formation of tensile cracks may occur. The maximum allowable 
compression stress, pc max, is the stress at which concrete crushing in the diagonal compression 
strut within the joint occurs, and is given by: 
 

max
0.3 'c cp f= ⋅  (6.15)

 
The tensile stress, pt cracking, is the stress at which tensile joint cracking is expected to initiate, and 
is given by: 
 

3
crackingtp = '

cf30.0  (6.16)
 
If both the principle stresses in the joint exceed the maximum allowable tensile stress, pt max, a 
detailed joint analysis is required and the joint must be retrofitted with shear reinforcement for a 
proper joint shear transfer mechanism to develop. The allowable tensile stress can be determined 
by: 
 

maxtp = '
cf42.0  (6.17)

 
CEUS Bridge Prototype  
 
A total of thirteen highway bridges were evaluated according to the seismic analysis procedures 
described in the previous sections. The basic data of the bridges are summarized in Table 6.1. 
The results from this evaluation are presented in Table 6.2. According to the modern seismic 
design methodology, the ductile flexural failure in columns is desirable so long as significant 
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inelastic deformation can be developed. Therefore, the failure modes other than the flexural 
failure need to be paid more attention in the selection of the bridge prototype. Since Bridge A-
2428 is likely to experience shear failure both in column and bent cap during a seismic event, 
this bridge was selected as the prototype structure of typical CEUS bridges. Its substructure is 
depicted in Figure 6.5. 
 

Table 6.1 Data of the analyzed bridges. 
Year 
Built 

Main Span 
Length Girder Type No. of 

Bents 
No. of 

Columns/Bent Bridge 
No. (Year) (feet) (type) (#) (#) 

A-1466 1966 21 Steel Continuous 5 2 
A-1931 1969 16 Steel Continuous 4 2 
A-1938 1969 29 Steel Continuous 5 3 
A-2024 1970 34 Steel Continuous 5 3 
A-2332 1968 20 Steel Continuous 6 2 
A-2333 1968 22 Steel Continuous 6 2 
A-2334 1968 21 Steel Continuous 8 2 
A-2336 1968 20 Steel Continuous 6 2 
A-2427 1968 28 Steel Continuous 5 3 
A-2429 1968 27 Steel Continuous 5 4 
A-2430 1971 35 Steel Continuous 4 3 
A-3478 1976 23 Steel Continuous 4 4 
A-2428 1968 27 Steel Continuous 5 3 

 
Table 6.2 Predicted failure modes of the analyzed bridges. 

Bent Cap Column  
Flexural Failure Shear Failure Column Shear 

 
Bridge 

No. (PASS/ FAIL) (PASS/ FAIL) (PASS/ FAIL) 
A-1466 FAIL PASS PASS 
A-1931 PASS MARGINAL PASS 
A-1938 PASS MARGINAL PASS 
A-2024 PASS MARGINAL FAIL 
A-2332 PASS FAIL MARGINAL 
A-2333 PASS MARGINAL MARGINAL 
A-2334 PASS MARGINAL MARGINAL 
A-2336 PASS FAIL MARGINAL 
A-2427 FAIL PASS PASS 
A-2429 PASS FAIL PASS 
A-2430 PASS FAIL PASS 
A-3478 FAIL FAIL MARGINAL 
A-2428 FAIL FAIL FAIL 

 

 
Figure 6.5  Prototype structure of CEUS bridges: center bent of Bridge A-2428. 
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Alaska Bridge Prototype  
 
Due to potential impact of ice blocks on bridges, the columns in most bridges in the state of 
Alaska have higher flexural capacity than the bent caps of the bridges. From a capacity design 
point of view, this is not desirable and does not comply with the modern seismic design 
methodology. Based on a preliminary evaluation of several bridges built in the state of Alaska 
(Silva et al., 1999), the bridges are deficient in that (1) excessive longitudinal reinforcement in a 
column imposes high demands on its connecting joint and bent cap, (2) the yield capacity 
(flexural) of a bent cap is below the moment demand imposed from the maximum feasible 
moment that may develop at the faces of its supporting column, (3) at small rotation, the 
embedment of steel shells into the joint region can result in damage of the bent cap cover 
concrete, thereby exposing the longitudinal reinforcement to weathering, and (4) the joint shear 
reinforcement is inadequate for the levels of principal tensile stresses that may develop in the 
joint. A prototype specimen representing the aforementioned deficiencies was designed in order 
to study the seismic effectiveness of various strengthening methods. 
 
DESIGN AND RETROFIT OF THE TEST SPECIMENS 
 
CEUS Bridge Specimens and Test Setup 
 
Bridge specimens were designed to reproduce the behavior of the prototype bridge under 
simulated seismic loads. Due to constraints imposed by the laboratory floor space and 
equipment, a 4/5 scale model of a portion of the prototype bridge bent was considered in this 
study. The design of the test unit made use of appropriate scale factors to preserve reinforcement 
ratio, reinforcement spacing, and the geometrical aspect ratios of the prototype structure. Details 
of the test unit and reinforcing are shown in Figure 6.6 and Figure 6.7. 
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Figure 6.6 CEUS bridge model structure for Phases I and II: elevation. 
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14 - #9
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@ 15.9mm o/c

50.8mm0.61m
          0.74m
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10 - #8 Bars

5 - #8

101.6mm

38.1mm (Typ.)

0.88m
#5 Stirrup @ 
184.2mm o/c

 
 (a) Column reinforcement layout  (b) Bent cap reinforcement layout 

Figure 6.7 Column/bent cap reinforcement: cross section. 
 
The overall test setup of a CEUS bridge specimen is illustrated in Figure 6.8. For safety reasons 
and ease of construction and testing, the specimen was set up with the bent cap placed below the 
column, which is the upside down position of the prototype structure. To simulate the dead load 
of the prototype structure, an axial load was applied on the specimen by an 890kN (200 kips) 
hydraulic jack positioned on top of the column. The axial load was then transferred to the bent 
cap by a self-reacting load frame with point loads at 1.83 m (72 in.) apart, as shown in Figure 
6.6. The loads on the bent cap are to simulate the effect of two girders in the prototype structure. 
The bent cap ends were tied down to the strong floor to prevent overturning during testing. To 
allow the structure to rotate and deflect freely, the scaled model was placed on support blocks 
with a pin/roller connection between each support block and the bent cap. 
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Figure 6.8 Test setup of a bridge model. 

 
Alaska Bridge Specimens and Test Setup 
 
A scale specimen to replicate the behavior of typical Alaska bridge structures was also designed. 
The dimensions and reinforcement of the specimen are detailed in Figures 6.9 and 6.10. The 
main difference between this specimen and the CEUS’s is that a steel shell is embedded into the 
joint region for protection of the bridges against potential ice impact. Similar to the CEUS 
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specimen, the Alaska specimen was also set up with the bent cap below the column, as shown in 
Figure 6.8. 
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Figure 6.9 As-built Alaska bridge structure for Phase III: elevation. 
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(a) Column reinforcement layout  (b) Bent cap reinforcement layout 

Figure 6.10 Column/bent cap cross-section detail for Phase III. 
 
Seismic Retrofit of the Test Specimens 
 
In order to meet the research objectives of this project, three retrofitting schemes were developed 
and applied to various specimens. Following is a presentation of each strengthening technique 
that was used in the different research phases. 
 
Phase I: CFRP Wrapping 
 
It is well documented in the literature that enhancement of the seismic performance of RC 
members can be achieved by wrapping these members with CFRP layers to form a jacket around 
the member. Since the flexural failure of a bridge system with sufficient inelastic deformations is 
a desirable failure mode in seismic retrofitting, it is preferable not to increase the flexural 
capacity of existing bridge columns. Instead, columns are often only strengthened for shear 
and/or confinement of the plastic hinge region (Seible et al., 1999; Wang and Restrepo, 2001). 
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Column Shear Strengthening. The shear force carried by CFRP wrapping of a column is 
determined by subtracting the existing column shear strength from the required design strength. 
The shear resisting force provided by a CFRP jacket, Vsj, is given by (Priestley et al., 1996): 
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where sφ is the strength reduction factor for shear design, Vsj is the required shear capacity 
produced by the CFRP jacket, tj is the jacket thickness, 0.004j jf E=  is the design jacket 
strength, jE  is the modulus of the jacket material,θ  is the greater of 35° or the column corner to 
corner angle that is subtended with the column axis, V °  is the shear demand on the column, 

, ,c s pV V V  are the shear capacity provided by the concrete, stirrups, and axial force, respectively. 
Solving Equation 6.18 for jt  yields: 
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The moment demand on the column at a curvature ductility of 20 was selected as the design 
target. Then the ultimate moment demand of the column was computed by first principles and 
converted to an equivalent shear force demand, V˚. Considering ,24,132,85.0 inDksif js ===φ  

kipsVkipsVkipsV sc 41,29,147,35 0 ===°=θ , and kipsVp 35= , tj = 0.0097 in. Therefore, two plies 
of CFRP (0.0065 inches thick each ply) were required for shear, as determined by Equation 6.19. 
Due to the brittle nature of shear failure and the elastic behavior to failure of the CFRP materials, 
a third ply of CFRP was used to strengthen the column (Ereckson, 2004). 
 
Column Confinement Strengthening. The thickness of the CFRP jacket for confinement greatly 
depends on the performance objective set forth for seismic retrofitting, which is curvature 
ductility in this case. As higher ductility demands are imposed on the column, increased stresses 
are transferred into the CFRP jacket. This factor is taken into account in Equation 6.20 by 
increasing the ultimate concrete design strain contingent on the design curvature ductility, which 
can be determined from a moment-curvature analysis: 
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in which εcu is the ultimate concrete strain, f’

cc is the ultimate strength of the confined concrete 
core, fuj is the ultimate jacket stress, and εuj is the ultimate jacket strain. For this project, a design 
displacement ductility of 12 was selected corresponding to the design curvature ductility of 
approximately 20. For input parameters, according to Equation 6.20, nine plies of CFRP were 
required for column confinement in order to achieve a curvature ductility demand of 20. 
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Column confinement strengthening was only required in the locations of the plastic hinge. A 
reasonable estimate of the plastic hinge length is (Priestley et al., 1996): 
 

0.08 0.15 0.3p y bl y blL L f d f d= ⋅ + ⋅ ⋅ ≥ ⋅ ⋅  (6.21)
 
where Lp is the length of a plastic hinge, L is the length from the start of the plastic hinge to the 
location of contra-flexure, and dbl is the main longitudinal bar diameter. The plastic hinge length 
was calculated from Equation 6.21 to be approximately 508 mm (20 in.) (Ereckson, 2004). In 
order to achieve a less abrupt change in CFRP wrapping of the retrofitted columns, the number 
of CFRP plies was tapered from nine in the plastic hinge for confinement to three for shear 
strength, according to the layout shown in Figure 6.11. 
 

50.8mm
Clear Gap

610mm
6 Plies

560mm
9 Plies

No Plies
Load Stud

489mm
3 Plies

  
Figure 6.11 Number of CFRP plies for column retrofit. 

 
Bent Cap/Joint Strengthening. A CFRP retrofit model was proposed for the strengthening of a 
bridge column/bent cap joint subjected to applied lateral loads (Dolan et al., 1999; Nanni, 1993). 
Figure 6.12 illustrates the strut-and-tie model that was analyzed to ensure that the tension forces, 
TC and TBR, were properly clamped by the horizontal and vertical components of the diagonal 
CFRP sheet crossing the joint, respectively. A conservative estimate of the horizontal and 
vertical components of the strut can be estimated by (Ereckson, 2004): 
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The tensile diagonal force in the CFRP sheet is then given by: 
 

( ) ( )22
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TBL

CBL TBR

CBR  
Figure 6.12  Interior mechanism strut-and-tie model. 

 
With the material properties of CFRP material presented in the Material Property Section, and 
the moment curvature analysis at strengthened sections, a total of three CFRP sheet plies were 
required and placed in the diagonal direction of the joint (Ereckson, 2004). In order to enhance 
the clamping resistance for the diagonal sheets and to enhance the flexural capacity of the bent 
cap layers, six additional sheets were placed in the other directions, as shown in Figure 6.13. 
 

GFRP Anchors Layout CFRP Sheets LayoutGFRP Anchors Layout CFRP Sheets Layout  
Figure 6.13 Bent cap strengthening details. 

 
GFRP Anchor Design. GFRP anchors made of glass fibers and subsequently epoxied into holes 
predrilled in the concrete member were also used in the second unit. The main objective for 
installation of these anchors was to aid in the development of a mechanical bond transfer 
mechanism between the CFRP sheets and the concrete, thereby reducing the propensity for the 
CFRP delaminations. Since delaminations of the CFRP sheets in the joint region were evidenced 
through the testing of the first unit, GFRP anchors were provided to improve the performance 
only in the second test unit. The layout of the CFRP anchors is shown in Figure 6.13. 
 
Phase II: Steel Sheet and Plate Strengthening 
 
In this phase, a new retrofit scheme is proposed with the use of a nail-jointed thin steel sheet 
wrapping around the circular column of each specimen, steel rings as stiffeners in the plastic 
hinge area, and welded steel plates on the bent cap in the joint region. The steel plate assemblage 
for the joint retrofit consisted of two welded steel cages and two x-shape braces connecting the 
two steel cages. Each steel cage was formed by one top plate, one bottom plate, and two side 
plates that were installed around the bent cap on either side of the column. Each x-shape brace 
was placed along either side face of the bent cap. The overview of the strengthening design of 
the joint is shown in Figure 6.14. Following is a presentation of the design of each component. 
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Figure 6.14 Overview of the specimen strengthening with steel sheet and plates. 

 
Column Confinement Strengthening. Strengthening for confinement of the column core was 
required only in those locations where the plastic hinge developed. From the moment curvature 
analysis of the unretrofitted column, the curvature at first yield and location of the neutral axis at 
the desired curvature ductility were determined to be 0.0048 1/mm (0.00019 1/in.) and 225 mm 
(8.8 in.). Considering the material properties 241 MPa (35 ksi), the required thickness of the steel 
jacket in the plastic hinge region was determined from Equation 6.20 to be 6 mm (0.24 in.) over 
a length of 508 mm (20 in.). In the retrofit scheme proposed in this phase, steel rings as stiffeners 
were used to provide the equivalent confinement to the concrete column and the thin sheet that 
was required for shear strengthening. The three steel rings of 76.2 mm (3 in.) spacing were 
required, with each ring 76.2 mm (3 in.) tall and 6.35 mm (0.25 in.) thick. To facilitate the 
construction of steel rings, a 12.7 mm (0.5 in.) thick steel pipe was taken and cut into three rings. 
 
Column Shear Strengthening. The column shear demand was obtained after the moment 
demand at the fixed end of the column and at the desired curvature ductility was determined. 
Next, this moment demand was converted to an equivalent shear demand for each specimen. 
Similar to the column shear design with the CFRP wrapping, the thickness of the thin steel sheet 
for shear strengthening can be determined from Equation 6.19, except that different material 
properties must be used. For a cold-formed steel sheet of 345 MPa (50 ksi), the required 
thickness is estimated to be 0.635 mm (0.025 in.). Due to availability, a 20-gauge thin sheet was 
actually used in retrofit. 
 
Bent Cap/Joint Strengthening. After design of the column retrofit for the desired ductility and 
for the required shear capacity, the design for the bent cap strengthening was performed to 
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ensure that the bent cap and joint regions would remain nearly elastic as the column reaches its 
ultimate lateral capacity. For this purpose, a three-step analysis of the internal forces carried 
through the joint was performed, based on which the required steel strengthening with diagonal, 
top, and vertical plates was determined. 
 
The first step in the joint analysis was to solve for the external forces acting on the structure. The 
test setup in Figure 6.8 was statically determinate; the reactions applied on the specimen, as 
shown in Figure 6.15, can be easily solved using the equations of equilibrium. 
 

 
Figure 6.15 External forces and reactions. 

 
The second step was to determine the internal forces at the faces of the joint. To do so, three 
section cuts were made at the joint face, as shown in Figure 6.15: (1) at the right joint face, (2) at 
the left joint face, and (3) at the base of the column. Considering the aspect ratio of the cross 
sections of the column and bent cap, the beam theory was applied to determine the internal 
concrete compressive forces and the longitudinal reinforcement tensile force. For analysis 
purposes, it was assumed that the shear force on each cut section was transferred through the 
compressive concrete zone of the cut section. This is mainly because the aggregate interlock and 
dowel action at each cut section is dramatically reduced when cracks widen and crack surfaces 
become smooth under cyclic loading. Furthermore, the cut sections do not cross any shear 
reinforcement, as can be seen from Figure 6.6. The potential shear failure in the column and bent 
cap depicted in Table 6.2 indicated that shear cracks are likely to open considerably such that 
under a strong earthquake event the shear force distribution within the neutral axis is reasonable. 
Based on this assumption, the vertical shear forces applied on the two bent cap sections are in 
equilibrium with the reactions of the bent cap on the left and right sides of the column, 
respectively. All internal forces at the joint faces are summarized in Figure 6.16. 
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Figure 6.16 Internal forces. Figure 6.17 Free-body diagram of a portion of bent cap. 

 
The third and last step is to determine the principle tensile force at the joint. The internal forces 
in Figure 6.16 indicated that a compressive strut is likely to form from the top right to the bottom 
left of the joint, as illustrated by a dashed line in Figure 6.16. The tensile force that is 
perpendicular to the compressive strut can then be determined from a free body diagram shown 
in Figure 6.17. This force was determined to be Fl  = 586 MPa (85 ksi), which will be provided 
by the addition of the diagonal steel plate. 
 
The size of the diagonal steel braces can then be determined using the diagonal force, Fl. As 
illustrated in Figure 6.14, considering a diagonal plate of 4.76 mm (3/16 in.) thick, the width of 
the diagonal plate was determined and selected to be 305 mm (12 in.). 

 
The selection of the top steel plate depended mainly on the stiffness requirement. This can be 
inferred from the observations during testing of the first unit (column-beam joint specimen) that 
was repaired with CFRP wrapping, as shown in Figure 6.13. The CFRP strip on the top face of 
the bent cap was bulged up, indicating that it was lack of bending stiffness. Since there was no 
stirrup used in the joint area of the unretrofitted beam-column specimen, for the design purpose 
of the top steel plate, the joint shear was assumed to be provided by the diagonal steel plate. The 
horizontal component of the diagonal force, Fl, is provided by the friction between the bent cap 
concrete and the top steel plate. Since the strain in the vertical steel plate was relatively low (< 
20%) as validated during testing, the vertical component of the diagonal force was considered to 
be completely taken by the upward evenly distributed force “c,” as shown in Figure 6.18, which 
was applied perpendicularly on the top steel plate. 
  

 
Figure 6.18 Top flat steel plate detailing. 

 
Due to the constraints of the bent cap and its self-reacting loading frame, Figures 6.7 and 6.8, the 
top steel plate was selected to be 432 mm × 635 mm (17 in. × 25 in.). The thickness of the top 
plate was determined by limiting the bending deflection of the plate within L/100, where L is the 
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span length of the top plate. Due to the presence of two steel angles that connect the top plate 
with the side plate by welding, the two ends of the long span of the top plate were assumed to be 
fixed while the other two ends with a short span were free, as shown in Figure 6.19. From this 
simple model, the maximum deflection of the top plate under the uniform load was determined to 
be 4.66 mm (0.183 in.), which is less than L/100. 
 

 
Figure 6.19 Modeling of the top steel plate. 

 
Nailed Joint Design of Thin Steel Sheet. To meet the column shear requirements, a 20-gauge 
steel sheet was used to enhance the column shear capacity. The steel sheet was wrapped around 
the column, as illustrated in Figure 6.20. The steel sheet is very flexible and can be bent to any 
required shape by hands in field condition. To close the wrapping, steel nails for concrete 
structures were used at the sheet joint area, as shown in Figure 6.20. 
 

 
Figure 6.20 Steel nail shooting into concrete column (Unit 3 in Phase II). 

 
In this research program two types of joints were considered: interlock and lap-spliced joints. 
These joints were designed such that pullout failure did not occur prior to yielding of the steel 
sheet. To investigate the behavior and failure mode of the nail joints, both nailed joint tests and 
concrete ring tests were conducted. 
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Interlock Joint Tests. To fully characterize the behavior of the interlock joints, concrete rings 
were designed and cast to facilitate the testing of each joint specimen. Each concrete ring was 
wrapped with a steel sheet that was nailed together with an interlock joint. The test setup of the 
concrete ring is shown in Figure 6.21. Each concrete ring was 153 mm (6 in.) in height, 406 mm 
(16 in.) in insider diameter, and 559 mm (22 in.) in outside diameter. The steel sheet was 20-
gauge (0.036 in.) in thickness. The spacing between nails and the edge distance of exterior nails 
is 25.4 mm (1 in.). To facilitate the longitudinal deformation, a 2.54 mm (0.5 in.) gap was 
designed at either end of the joint, as shown in Figure 6.21. One strain gauge was instrumented 
in the joint area to measure the strain on the steel sheet close to the end of the joint. One load cell 
was used to measure the applied load through the hydraulic jack placed inside the ring. The nail 
pattern of an interlock joint is presented in Figure 6.22. It is envisioned that the interlock joint is 
stronger than the lap-spliced joints studied above. Therefore, 2-row nailed joints were considered 
in the tests of concrete ring specimens, as shown in Figure 6.22. Note that the orientation of the 
hydraulic jack was either as shown in Figure 6.21 or 90° different from this during testing. 
 

.  
Figure 6.21 Setup for concrete ring test. 

 
 

 

 

 

(a) Top view (b) Side view 
Figure 6.22 Nail pattern of an interlock joint. 

 

Hydraulic Jack
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A total of eight specimens were tested. The failure modes of the specimens (top and side views) 
are shown in Figures 6.23 and 6.24, respectively. The load-strain curves of all specimens were 
recorded during the testing. However, they fell into two distinct categories: one with significant 
inelastic deformation (specimens 1, 2, 4, and 7) and the other with sudden change in the applied 
load within small deformation (specimens 3, 5, 6, and 8), revealing brittle failure behavior. After 
testing of all specimens was completed, it was discovered that the specimens that showed brittle 
failure (nails were pulled out) were so because the interlock joint did not allow the steel sheet for 
significant longitudinal deformation due to either loss of the 12.5 mm gap or concrete filling in 
the gap during construction. The load-strain curves of specimens 1, 2, 4, and 7 are presented in 
Figure 6.25 to illustrate the ductile behavior and the ability of fully developing the yielding 
strength (approximately 50 ksi) of the interlock joints. The final design of the 3rd beam-column 
joint (Unit 3) is presented in Figure 6.20 with 2-row nails in the interlock joints with 50.8 mm (2 
in.) spacing outside the plastic hinge. Within the plastic hinge length, the nail spacing was large 
(3–5 in.) due to presence of the steel rings as stiffeners. 
 

   

   

   

   
Figure 6.23 Top view of the failed joint. 
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Figure 6.24 Side view of the failed joints. 

 
Lap-Splice Joint Test. A total of 16 nailed joints were prepared for coupon testing on the MTS 
Instron 4469 loading machine with both the applied load and deformation between two supports 
measured by an internal load cell and an internal Linear Variable Differential Transformer 
(LVDT). The test matrix is given in Table 6.3. The average and the coefficient of variation 
(C.O.V.) of the maximum load, the strain at maximum load, and the strain at break are given in 
Table 6.3. Note that one of the specimens with five rows of nails was damaged before testing. To 
mimic the constraint from the inside concrete column in retrofitting, all nails of each joint 
specimen were nailed into a wood block. The specimens and the applied load are shown in 
Figure 6.26. The spacing between nails and the distance from an exterior nail to the edge of the 
steel sheet were set to 25.4 mm (1 in.), respectively. 
 



 187

 
 

(a) Specimen 1 (b) Specimen 2 

  
(c) Specimen 4 (d) Specimen 7 

Figure 6.25 Load-strain curves of an interlock jointed steel sheet. 
 

Table 6.3 Test matrix and results for splice nailed joints. 
Max. Load (lb) Strain at Max. Load (%) Strain at Break (%) No. of 

Nail Rows  
No. of 

Specimens Average C.O.V. Average C.O.V. Average C.O.V. 
2 4 1990 0.18 0.39 0.21 0.59 0.19 
3 4 2360 0.19 0.68 0.19 0.88 0.17 
4 4 3370 0.16 1.94 0.18 2.66 0.17 
5 3 4100 0.12 3.23 0.14 3.36 0.12 

 

 
Figure 6.26 Lap-spliced joint specimen. 
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The failure modes of representative coupon specimens are presented in Figure 6.27. During the 
tension testing, it was observed that the nailed joints with two or three rows failed due to the 
pullout of the nails without experiencing significant deformation on the steel sheet. This failure 
mode happened suddenly and revealed undesirable brittle behavior. The other specimens with 
four or five rows of nails showed some deformation of the steel sheet at various holes before the 
nailed joints failed, indicating the failure of steel bearing. This bearing failure mode is desirable 
for the seismic retrofit of columns with thin steel sheet wrapping. 
 

    
(a) Nails pullout failure 

           
(b) Steel sheet bearing failure 

Figure 6.27 Failure modes after nailed-joint testing. 
 
Three representative load-strain curves for 2-, 3-, and 4-row nailed joints are presented in Figure 
6.28, respectively, while all three test results for the 5-row nailed joints are shown in Figure 6.29. 
These load-strain curves confirmed that the 2-row and 3-row specimens failed in pullout of the 
nails, and 4-row and 5-row specimens failed in steel bearing. In general, as the number of nail 
rows increases, the deformation on the steel sheet increases, indicating more ductile behavior. 
For the 5-nailed lap-spliced joint pattern, the results in Figure 6.29 from three identical coupon 
specimens indicated the consistent ductile performance of the joint. 
 
The maximum load and the strains corresponding to the maximum load and the break of the test 
specimen, respectively, are summarized in Table 6.3 from several identical specimen tests, in 
terms of their average and coefficient of variance (C.O.V.). These statistical results indicate that 
the C.O.V. decreases with the increase of the number of rows or the test results are becoming 
more consistent. Based on these results, it was concluded that a 5-row nailed joint is satisfactory. 
The final design of the lap-splice joint for the 4th beam-column specimen (Unit 4) is presented in 
Figure 6.30 with 5-row nails of 50.8 mm (2 in.) spacing. 
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(a) 2-row nailed joint 

 
(b) 3-row nailed joint 

 
(c) 4-row nailed joint 

Figure 6.28 Load-strain curves of 2-row, 3-row, and 4-row nailed joints. 
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(a) Specimen 1 

 
(b) Specimen 2 

 
(c) Specimen 3 

Figure 6.29 Load-strain curves for the 5-row nailed joints. 
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Figure 6.30 The 5-row nailed joint for the 4th beam-column specimen (Unit 4). 

 
Phase III: Steel Reinforcement 
 
A large number of existing bridge columns in the state of Alaska are typically overreinforced and 
do not satisfy proper capacity design considerations. As such, the retrofit schemes consisted of 
reducing the flexural capacity of the column and increasing the flexural and shear capacity of the 
bent cap and joint region, respectively. These two objectives were accomplished by reducing the 
column longitudinal reinforcement, increasing the beam size, and providing internal 
reinforcement capable of transmitting the internal joint shear forces. In order to avoid failure of 
the bent cap and the joint, and to ensure that a plastic hinge will form at the column ends, the 
following two principles were followed in developing the retrofit design for this phase: 
1. The bent cap and the joint were designed to behave elastically during a seismic event. 
2. The moment capacity of the bent cap was greater than the ultimate capacity of the column. 
 
Column Retrofit: Reducing Flexural Capacity. The as-built column reinforcement ratio was 
6.5%, which is significantly high and may lead to large amounts of joint shear requirements. To 
decrease the demands on the joint and the bent cap and to increase the column ductility, the 
amount of reinforcement in the column was reduced. First, a 50.8 mm (2 in.) wide cut on the 
steel shell was made close to the joint to prevent damage of the cover concrete of the beam due 
to rotation of the embedded steel shell (Silva et al., 1999). Then eight column rebars were cut 
leading to a reinforcement ratio of 3.8%. Figure 6.31 depicts the new alignment of the 
reinforcement in this region, and the steel shell gap above the joint. The size of the bent cap was 
increased by 152.4 mm (6 in.) on top and 158.75 mm (6.25 in.) on both sides to reduce principle 
stresses and increase the moment capacity of the bent cap. Additionally, longitudinal 
reinforcement and shear reinforcement were added to the bent cap. A moment-curvature analysis 
was performed for the original column (ρ = 6.5%) and for the reduced longitudinal reinforcement 
(ρ = 3.8%). The results are illustrated in Figure 6.32. It is clear that the reduction of the 
reinforcement ratio results in a significantly higher ductility, and the overall load capacity of the 
column was reduced.  
 
Bent Cap Retrofit. The bent cap’s flexural capacity was increased according to the ultimate 
moment capacity of the column with a longitudinal reinforcement ratio of 3.8%. Consequently, 
14 #5 bars were used for longitudinal reinforcement confined by closed stirrups. This 
longitudinal reinforcement was sufficient to increase the elastic moment capacity of the bent cap 
to 859 kN-m (7600 kips-in.), exceeding the moment demand of 734 kN-m (6500 kips-in.). 
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Figure 6.31 Column cross section in reduced reinforcement region. 
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Figure 6.32 Column moment curvature diagram. 

 
Additional Vertical Joint Reinforcement. A minimum amount of area of steel through vertical 
stirrups, Ajv, was also added in the new bent cap concrete section. Additional stirrups were placed 
in the joint and within the column longitudinal reinforcement, and in bent cap at a distance of hb 
away from the column face. Within the distance hb from the column face, the joint shear 
reinforcement was computed by (Priestley et al., 1996): 
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where λ0 is the material overstrength factor, Asc is the area of the column longitudinal steel, fy,c is 
the column longitudinal steel yield stress, and fy,v is the yield stress of the vertical stirrups. Inside 
the joint region, the joint shear reinforcement was computed by: 
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Four stirrups were placed for the external joint region, and three stirrups were placed for the 
internal joint region giving Ajv = 2060 mm2 (3.20 in.2) and Ajv = 1550 mm2 (2.40 in.2). These 
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values are smaller than the required amounts, but since the material overstrength factor of λ0 = 
1.4 was used, these levels were considered sufficient to ensure a proper joint shear design.  
 
A total of 11 stirrups were spaced at 228.6 mm (9 in.) center to center (o.c.). For the remaining 
edges of the beam, the stirrups were spaced at 406.4 mm (16 in.) o.c., which is within the ACI 
minimum allowable spacing for shear reinforcement. The spacing for the retrofitted stirrups is 
shown in Figure 6.33. 
  

781mm

1 @ 406 O.C.

Note: All dimensions are in mm

895
h

895
h 781

3620

11 @ 229 O.C. 1 @ 406 O.C.
 

Figure 6.33 Shear reinforcement in the retrofitted bent cap. 
 
An area of additional top beam longitudinal reinforcement, ΔAtb, and bottom beam 
reinforcement, ΔAbb, was required to ensure a proper joint shear mechanism: 
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where fyb is the yield stress of the longitudinal bars of the bent cap. The calculated ΔAtb and ΔAbb 
were 2190 mm2 (3.40 in.2) and 1940 mm2 (3.00 in.2), respectively. Instead of the design above, 
#6 bars were used throughout the bent cap as the longitudinal reinforcement. Eight #6 bars, 
which correspond to ΔAtb = 2610 mm2 (4.04 in.2), were used as additional top reinforcement. For 
the bottom, six #6 bars were used such that ΔAbb = 2040 mm2 (3.16 in.2). Figure 6.34 shows the 
placement of the additional longitudinal bars, along with the placement of the area of steel 
required to increase the elastic moment capacity of the beam. 
 
Headed reinforcement was added on the sides and top of the existing concrete section in contact 
with the new concrete section. The headed reinforcement was required to provide adequate shear 
flow from the existing concrete to the new concrete section. The headed reinforcement was 
placed in sets of three and at the same spacing as the shear stirrups, as shown in Figure 6.33. In 
addition to providing a proper mechanism for shear flow, the headed reinforcement also provided 
confinement to the joint area. On the sides, the headed reinforcement was extended halfway into 
the bent cap. This ensured that a mechanism to confine the concrete in the joint region and 
prevent transverse dilation of the bent cap was also developed. On top, the headed reinforcement 
was extended to a depth equal to the depth of the column longitudinal reinforcement. Since all of 
the shear reinforcement, both existing and retrofit, is focused toward the outer portion of the bent 
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cap, headed reinforcement was placed on top of the bent cap to properly anchor the column 
longitudinal bar struts back into the bent cap section, as shown in Figure 6.35. 
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Figure 6.34 Additional longitudinal reinforcement in the retrofitted bent cap. 

 

Confinement Mechanism

cV

cT

Strut force developing 
outside of the joint 
region

Mc

Cc

 
Figure 6.35 Column strut forces. 

 
CONSTRUCTION, INSTRUMENTATION, AND TESTING PROCEDURE 
 
Construction of the Test Specimens 
 
As-Built Specimens 
 
The four specimens in Phases I and II were all proportional to the selected prototype structure 
before the retrofit scheme was applied. For the construction of each unit, the reinforcement bars 
of various sizes were cut and bent into different shapes. They were tied together into a rebar cage 
and then placed in a timber formwork for concrete placement, as illustrated in Figure 6.36 for the 
bent cap of a beam-column specimen. Column reinforcements were then put in place and tied 
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together. Concrete was poured and adequately vibrated to allow for consolidation in the bent cap 
first and then the column. The bent cap concrete was placed in three 300 mm (12 in.) lifts and 
was thoroughly vibrated to prevent honeycombing of the concrete. The column was cast in a 
similar manner but in three lifts of approximately 600 mm (24 in.) each. After a twenty-eight day 
cure period, the specimen was positioned for testing. Figure 6.37 shows the picture of a 
completed specimen in the middle of testing. 
 
Although Unit 5 was representative of the prototype bridge for the state of Alaska and differed 
from the first four units in dimension and reinforcement detailing, the construction process of the 
specimen was similar. The completed unit is shown later in the test data analysis. 
 

  
Figure 6.36 The bent cap cage in front of 

the bent cap forms. 
Figure 6.37 A completed unit during 

testing. 
 
Phase I: Repair and Strengthening 
 
Unit 1 was tested in three stages: (1) to column shear failure, (2) to joint shear failure, and (3) to 
ultimate. Following each of the first two stages, testing was paused and the unit was repaired and 
strengthened according to the retrofit scheme previously described. Unit 2 was retrofitted in its 
virgin condition for both column and bent cap. In this section, details of the repairing and 
strengthening for Unit 1 and Unit 2 are presented. 
 
Column Strengthening Construction: Units 1 and 2. As shown in Figure 6.38, large diagonal 
cracks over the length of the column and significant spalling at the column base of Unit 1 
required repair prior to column strengthening. For repair of the column, the shear cracks and 
region of spalling were filled with a high-strength, non-shrink grout (Nanni and Dolan, 1993; 
Nanni, 1993; Nanni et al., 2001). Grout was used because the column cracks were too many and 
too wide to use epoxy injection effectively. 
 
The construction procedure used in the column repair is given in detail as follows: 
1. Loose concrete was removed from the column in regions of spalling and near cracks wider 
than 3 mm. A hammer and a chisel were used to help break away any concrete that was loose but 
had not completely spalled. 
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2. A form for the grout was placed around the existing column. The form was cut in half and 
placed around the existing column, allowing for the grout to flow around the column into void 
regions and cracks. 
3. Portions of the form were removed so that the space between the form and existing column 
was only 13 mm (0.5 in.) at the extreme faces in flexure, and 51 mm (2 in.) at the sides as 
depicted in Figure 6.39. 
4. The form was bound around the existing column to create a completely closed tube. 
5. Grout was poured and vibrated in 305 mm (12 in.) lifts. 
 
Following repair, the column was wrapped with carbon fiber reinforced polymers (CFRP) in the 
hoop direction (Nanni and Dolan, 1993; Nanni, 1993; Nanni et al., 2001). Shown in Figure 6.40 
are pictures of the column strengthening process. The strengthening of Unit 2 was very similar to 
that of Unit 1, with the main difference that no repair was required prior to strengthening. 
  

 

 
 

13mm 51mm

Original
Column

Increased Column
Size due to Repair

Bent Cap

Direction of
Lateral Force

 

Figure 6.38 Shear failure. Figure 6.39 Column repair detail. 
 
 

   
Figure 6.40 Column retrofit at different stages using the manual lay-up technique.  

 
Bent Cap/Joint Strengthening Construction – Unit 1. The bent cap was repaired after failure to 
this damage level, as shown in Figure 6.41. The repair of the bent cap/joint was performed in a 
similar manner to that of the column. A new bent cap form was constructed around the area of 
damage. This form was filled with the same high-strength, non-shrink grout used in the column 
repair.  
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Figure 6.41 Spalled concrete at the face of the joint failure. 

 
The steps used in the bent cap repair are outlined below: 
1. Loose and/or spalled concrete was removed from the face of the joint in a similar manner 
to that employed on the column. 
2. The bent cap was post-tensioned to close, as much as possible, the cracks in the joint. (See 
Figure 6.42.) 
3. New forms were constructed and placed around portions of the joint to be repaired. (See 
Figure 6.43.) 
4. High-strength/non-shrink grout was used to fill the cracks and voids in the joint. (See 
Figure 6.44.) 
5. CFRP sheets were used to strengthen the joint. The fibers were placed according to the 
strengthening design previously discussed and following specifications and recommendations 
reported in the literature (Nanni and Dolan, 1993; Nanni, 1993; Nanni et al., 2001). (See Figure 
6.45.) 
6. The post-tensioning of the bent cap was removed and testing of Unit 1 continued. 
 

   
Figure 6.42 Post-tensioning of the bent cap. 
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Figure 6.43 New bent cap repair forms. 

 

 
Figure 6.44 The grout after placement in the forms. 

 

 
Figure 6.45 Application of CFRP to the bent cap. 

 
Bent Cap/Joint Strengthening Construction – Unit 2. During testing of the first unit, several 
areas were observed where the CFRP sheets had delaminated. Consequently, GFRP anchors 
were used to create a mechanical bond between the CFRP and the concrete in Unit 2. The bent 
cap/joint strengthening scheme of the second unit changed because of the use of GFRP anchors. 
GFRP anchors were applied in locations where delaminations were observed during testing of 
the first unit. Anchors were placed for three reasons:   
1. To prevent the delamination of the ends of the CFRP sheets in regions of high-tensile stress 
concentration. 
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2. To prevent the buckling of the CFRP sheets in areas of compressive stresses. 
3. To anchor the conical concrete core of the bent cap/column joint. 
Figure 6.46 shows the GFRP anchor installation and locations where the GFRP anchors were 
used. 
  

Figure 6.46 GFRP anchor installation and location. 
 

The GFRP anchors were made by cutting GFRP fibers to the desired length. The length of the 
cord to be embedded in the concrete is saturated in epoxy. A hole is drilled in the concrete and a 
similar hole is cut into the FRP sheet being bonded. The precured portion of the anchor is placed 
in the hole, and the holes are filled with epoxy. The “free” fibers above the FRP sheet are fanned 
onto the fiber sheet to increase the surface area of the bond. 
 

Phase II: Repair and Strengthening 
 
Column Strengthening Construction: Unit 3. Unit 3 was tested up to a lateral load of 251 kN 
(56.4 lbs) before the column longitudinal reinforcement was subjected to yielding. The column 
was then strengthened according to the following procedure: 
1. A 25.4 mm-thick two-half foam ring was used to support the lightweight steel sheet for 

column retrofitting (see Figure 6.20). 
2. A 20-gauge steel sheet was wrapped around the column and its two ends were connected 

with an interlocked joint and 2-row nails into concrete column (see Figure 6.20). 
3. A gap of approximately 12.7 mm between the steel sheet and the concrete was filled with 

non-shrink cement grout. The steel sheet was tapped at every 305 mm (12 in.) filling of 
grout. 

4. Four 12.7 mm-thick and 76.2 mm-tall steel rings were cut from a standard steel pipe and 
placed outside the steel sheet every 76.2 mm. Each ring was cut into two halves that were 
placed around the steel sheet and the column in the plastic hinge zone. They were welded 
into a full ring as a stiffener to the thin steel sheet for column retrofitting. 

 
Column Strengthening Construction: Unit 4. Unit 4 was strengthened in its virgin condition 
according to the following procedure: 
1. Wobo® Mbrace Putty approximately 1-mm thick was applied on the surface of the portion 

of the column to be retrofitted. 
2. A 20-gauge steel sheet was wrapped around the column and its two ends were lap spliced 

with 5-row 25.4 mm-long nails into the concrete column (see Figure 6.30). 
3. Three 12.7 mm-thick and 76.2 mm-tall steel rings were cut from a standard steel pipe and 

placed around the steel sheet every 4.5 inches. Each ring was cut into two halves that were 
placed around the steel sheet and the column in the plastic hinge zone. They were welded 
into a full ring as a stiffener to the thin steel sheet for column retrofitting. 

FRP Anchors 
Used in Areas 
of High Stress 
Concentration 

FRP Anchors 
Used in Areas 
of High Stress 
Concentration 

FRP Anchors Used in Areas of 
Compression Struts 
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Bent Cap/Joint Strengthening Construction – Units 3 and 4. The bent cap of each unit was 
strengthened together with the column retrofitting. The main difference between the two units is 
the use of four external prestress rods in Unit 4, as shown in Figure 6.47. The purpose of these 
rods is to prevent the cracks in the joint from widening, and therefore the stiffness of the entire 
assemblage may not be degraded significantly. The bent cap retrofitting consisted of two welded 
steel plate boxes, one installed on either side of the column. The two steel boxes were connected 
by one x-shaped diagonal brace on either side of the bent cap. The installation procedure is 
detailed below:  

1. Three plates were welded together first. They were then put in place around the bent 
cap and the fourth plate was welded on the three-plate package to form one steel box. 
The other steel box was fabricated in a similar way but placed on the other side of the 
column. 

2. Two diagonal brace members were welded together to form an x-shape brace. The x-
shape brace was then installed between the two steel boxes and welded on the steel 
boxes. 

3. The gap between steel plates and bent cap concrete was small so that very thin grout 
was mixed using cement materials that were poured through the small gap. 

 

 
Figure 6.47 Strengthening of Unit 4. 

 
Phase III: Repair and Strengthening 
 
The specimen tested in Phase III replicated the typical bridge columns and bent caps in the state 
of Alaska. These columns are characterized by large reinforcement ratios and are encased in a 
steel shell partially embedded in the bent caps. The bent caps are characterized by insufficient 
flexural and joint shear reinforcement capable of ensuring complete ductile response of the 
column. 
 
Because large column reinforcement ratios lead to columns with an ultimate moment capacity 
that can be in many structures higher than the yield moment capacity of the bent cap, plastic 
hinges are likely to form in the bent cap. This is not a desirable seismic performance. As such, 
the first step in the seismic rehabilitation of this test unit consisted of cutting the steel shell at the 
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column bent cap interface and leaving a gap between the end of the steel shell and the bent cap. 
After this gap was created, the column cover concrete was removed around some of the column 
longitudinal bars. Next, portions of the longitudinal reinforcement were cut in order to reduce the 
column longitudinal reinforcement ratio and, subsequently, the column yield moment capacity. 
In addition, the bent cap was increased in size to reduce the joint principle stresses. In this new 
bent cap concrete section, longitudinal and shear reinforcement were added to increase its 
moment capacity so that it would remain elastic and prevent joint shear failure. 
 
As in Units 2 and 4, Unit 5 was strengthened before it was tested. The entire surface of the cap 
beam was roughed to increase the bond strength between the existing concrete and the retrofit 
concrete. The beam was vacuumed to clean the surface free of dust. The steel shell on the 
column was cut 203 mm (8 in.) above the existing concrete, shown in Figure 6.48. This ensured 
a gap of 50.8 mm (2 in.) between the end of the steel shell and the new concrete. The concrete 
surrounding the four longitudinal bars on the sides was then removed and the bars were cut (see 
Figure 6.48). 
 
All of the headed reinforcement was installed on the existing concrete beam with a non-sag HS-
200 gel epoxy from U.S. Anchor Corporation. After the epoxy cured, the retrofit longitudinal and 
shear steel was tied into place, as shown in Figure 6.49. The beam was then formed and the new 
concrete was poured. 
 

   
  Figure 6.48 Cutting steel shell and rebar. 

 

   
Figure 6.49 Retrofit reinforcement installation. 
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Instrumentation of the Test Units 
 
Phases I and II 
 
To correlate the performance of the test unit with the analytical models, deflections, curvatures, 
and strain of the units, as well as the loads on the unit were recorded throughout testing. The 
instrumentation layout is outlined below: 
 
1. Sixty-eight internal strain gauges were mounted to the steel reinforcement prior to placement 
of the concrete. The arrangement of these gauges is given in Figure 6.50 through 6.52. 
2. A combination of twenty Linearly Variable Differential Transformers (LVDTs) and linear 
potentiometers were mounted on the test units to measure the relative curvature of the column 
and bent cap. The arrangement of these devices is depicted in Figure 6.53. 
3. Five LVDTs were fixed to a mounting bracket under the test unit to measure the absolute 
deflection of the bent cap. 
4. One displacement transducer internal to the actuator was used to record the displacement at 
the top of the column. 
5. Two load cells were used to record the axial load on the column throughout testing. 
6. One load cell internal to the actuator was used to record the lateral load at the top of the 
column. 
7. One data acquisition system was used to record the information from each instrument at 
regular time intervals dependent on the testing cycle and testing rate. 
8. For Units 3 and 4, each steel ring is instrumented with two strain gauges, one on each side 
(tension or compression) of the column. 
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Figure 6.50 Strain gauge placement: column longitudinal and hoop. 
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Figure 6.51 Strain gauge placement: bent cap longitudinal. 
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Figure 6.52 Strain gauge placement: bent cap stirrups. 
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Figure 6.53 LVDT placement: column and bent cap curvature. 

 
Phase III 
 
The instrumentation layout for Phase III is described below: 
1. Ninety-nine strain gauges were mounted on the reinforcement and on the outside of the 
steel shell. The arrangement of these gauges is given in Figures 6.54 through 6.60. 
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2. A combination of six linear potentiometers was mounted on the test specimen to measure 
the relative curvature of the bent cap. Six LVDTs were positioned to the joint region to measure 
shear deflections. The arrangement of these devices can be seen in Figure 6.61. 
3. Two LVDTs were positioned at the center of the joint to measure transverse dilation of the 
joint, as shown in Figure 6.62. 
4. One displacement transducer internal to the actuator was used to record the displacement at 
the top of the column. 
5. Two load cells were used to record the axial load on the column throughout testing. 
6. One load cell internal to the actuator was used to record the lateral load at the top of the 
column. 
7. Two data acquisition systems were used to record the information from each instrument at 
regular time intervals. 
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Figure 6.54 Column strain gauges. 
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Figure 6.55 Existing bent cap longitudinal strain gauges. 
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Figure 6.56 Retrofitted bent cap longitudinal strain gauges. 
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Figure 6.57 Existing cap shear strain gauges. 
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Figure 6.58 Retrofitted bent cap shear strain gauges. 
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Figure 6.59 Retrofitted bent cap side headed reinforcement. 
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Figure 6.60 Retrofitted bent cap top headed reinforcement. 
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Figure 6.61 Joint shear deformation LVDTs. 

 

 
Figure 6.62 Transverse joint expansion LVDTs. 

 
Testing Protocol 
 
Cyclic Loading 
 
In all phases, testing was in load control during the first four cycles, as shown in Figure 6.63. 
During these first four cycles, all the units were loaded at increments of 25% of first theoretical 
yield. After theoretical yielding, these units were loaded in displacement control using three 
cycles at each incremental level. The ductility levels used during testing are depicted in Figure 
6.63. In Unit 5, at the displacement ductility 8, the unit was subjected to five cycles, instead of 
the typical three cycles. 
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Figure 6.63 Load protocol. 

 
Testing Procedure 
 
Phase I. This phase has two test units retrofitted with CFRP wrapping that were designated as 
Unit 1 and Unit 2. Table 6.4 shows the test matrix for Phase I of this research project. The first 
and second scale models were tested in several tasks under fully reversed cyclic loading 
according to the testing plan shown in Table 6.4.  

 
Table 6.4 Test matrix. 

Testing Plan Retrofit Technique 
Task 1: 
a. Test to shear failure of the virgin column at a displacement ductility 
of 1.5–2.0. 
b. Repair and strengthen the column for shear over the column height 
and confinement within the plastic hinge region. 

CFRP 

Task 2: 
a. Continue to test to joint shear failure of the repaired unit at a 
displacement ductility of approximately 3. 
b. Strengthen the joint and bent cap according to proper joint shear 
transfer mechanisms. 

 
CFRP 

Unit 1 

Task 3: 
Test to flexural failure of the column by pullout of the column 
longitudinal reinforcement from the joint region due to excessive joint 
shear failure. 

 

Unit 2   

Task 4: 
Strengthen the unit and test to ultimate failure by fracture of the column 
longitudinal reinforcement. This indicates that the proposed retrofit 
scheme was adequate in preventing undesirable performance levels. 
However, it is essential that the retrofit be accomplished prior to any 
damage within the joint region. 

CFRP 

 
Phase II. This phase also has two specimens, Units 3 and 4, tested to failure. Each column, 
however, was strengthened with a thin steel sheet that was stiffened with steel rings, while the 
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bent cap/joint was strengthened with steel plates and x-shape braces. Like Unit 1, Unit 3 was 
tested in its virgin condition to the completion of three load-controlled cycles with some cracks 
observed during testing. It was directly strengthened without repairing since the cracks were 
small. Based on the test results of Units 1 and 2, both the column and the bent cap/joint of Unit 3 
were strengthened at the same time to ensure joint strengthening was effective. Similar to Unit 2, 
Unit 4 was strengthened in its virgin condition. 
 
Unit 3 failed in pullout of the column longitudinal reinforcement at displacement ductility of 8, 
while Unit 4 failed in fracture of the column rebar at a displacement ductility of 12. 
 
Phase III. One specimen, Unit 5, was strengthened with bent cap widening and tested to failure 
under the loading protocol identical to those for Units 1 through 4. 
 
Unit 5 test results indicate that the plastic hinge was formed in the location that was intended, 
and that joint shear did not occur in the longitudinal direction of the bent cap. Joint shear did 
occur in the transverse direction of the bent cap leading to eventual anchorage failure of the 
column longitudinal bars, and hence degradation and loss of ultimate capacity of the column at 
high ductility levels. 
 
TEST RESULTS AND ANALYSIS  
 
Material Properties 
 
Phases I and II 
 
Samples of the concrete and reinforcing steel were taken and tested to determine the actual 
material properties for use in the final analysis of the four units. One set of four concrete 
cylinders was taken from each concrete placement. The strengths from these tests are given in 
Table 6.5. 
 

Table 6.5 Concrete strengths. 
28 Day 

Strength 
Strength at Time 

of Testing  
(MPa) (MPa) 

Beam 34.7 36.8 Unit 1 Column 24.3 25.5 
Beam 29.1 31.8  Unit 2 Column 34.4 37.4 

 
The reinforcing steel material properties were determined by performing a standard steel coupon 
tension test. Three coupons of each bar size were tested to accurately determine the actual bar 
strengths. Table 6.6 shows the average of those tests. 
 
The material properties of the carbon fiber were obtained from the material data sheets provided 
by the manufacturer. The type of carbon fiber used for strengthening was changed between the 
strengthening of the first and second units. However, the material properties as supplied by the 
manufacturer remained nearly the same for both fibers, as given in Table 6.7. 
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Table 6.6 Rebar strengths. 
Yield 

Strength Bar # 
(ksi) 

4 600 
5 414 
8 552 
9 538  

Table 6.7  Carbon fiber material properties. 
 Unit 1 Unit 2 

Ultimate Tensile Strength 3790 MPa 3790 MPa 
Ultimate Rupture Strain 1.67% 1.67% 

Tensile Modulus 228 GPa 228 GPa 
Fabric Width 610 mm 610 mm 

Nominal Thickness 0.17mm/ply 0.17mm/ply  

The material properties of the steel sheets used for strengthening of Units 3 and 4 were 
determined from the lap-splice joint tests. It is seen from Figure 6.29 that the yield strength of 
the steel sheets tested (average of three specimens) is approximately 241 kPa (35 ksi). The 
properties of steel rings are from 317 kPa (46 ksi). 
 
Phase III 
 
One set of three concrete cylinders was taken from each concrete placement. The average 
strengths from these tests are given in Table 6.8. 
 

Table 6.8 Concrete strengths. 
28 Day 

Strength 
Strength at Time 

of Testing  
(MPa) (MPa) 

Beam 33.8 29.0 
Column 29.3 27.1 Unit 5 
Retrofit 33.8 36.9 

 
Similarly, the reinforcing steel material properties were determined by performing a standard 
steel coupon tension test. Table 6.9 shows the average of the three coupon tests for each size of 
bars in the base unit, and Table 6.10 shows the average values for the retrofit steel. 
 

Table 6.9  Base unit rebar coupon strengths. 
Yield 

Strength Bar # 
(MPa) 

3 310 
4 427 
5 552 

    10 517  

Table 6.10  Retrofit rebar coupon strengths. 
Yield 

Strength Bar # 
(MPa) 

4 503 
5 490 
6 496  

Phase I Testing: Unit 1 
 
General Observations 
 
Application of Axial Load. To simulate the dead load on the structure, the axial load was applied 
to the unit in the first stage of testing. No cracking was observed as the axial load was increased 
from 0.0 to 712 kN (160 kips). The axial load on the column varied cyclically with lateral 
displacement. As the column lateral displacement increased, the bars used to apply the lateral 
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load elongated causing an increase in the axial load; and as the lateral displacement decreased, 
axial shortening of the column caused a decrease in load. Together, these factors contributed to 
+/– 10% variation in the column axial load. 
 
Testing in Load Control. Testing progressed and observations were noted at the following load 
control cycles: 
• 0.25 Vy, Push – 80.1 kN (18.0 kips), Pull –100.3 kN (22.5 kips): Minor cracks developed near 
the bottom center of the bent cap in the push and pull directions. 
• 0.50 Vy, Push/Pull – 172.8 kN (38.8 kips): The cracks developed in the first load cycle 
continued to propagate and widen. 
• 0.75 Vy, Push/Pull – 300.3 kN (67.5 kips): Shear cracks in the column and joint began to 
develop in the push and pull directions (see Figure 6.64).  
 
Testing in Displacement Control. Testing progressed and observations were made at the 
following displacement control ductility levels: 
• 1 μΔ, 19.8 mm (0.78 in.): Spalling of the cover concrete began at the column base in the pull 
direction (see Figure 6.65 and 6.66). 
• 2 μΔ, 39.6 mm (1.56 in.): Spalling at the column base propagated to 76.2 mm (3 in.) above 
the beam face in the push direction and 152.4 mm (6 in.) above the bent cap face in the pull 
direction. Joint cracks opened to approximately 1.59 mm (1/16 in.). Column cracks opened to 
approximately 3.18 mm (1/8 in.) (see Figure 6.67). 
• 2.5 μΔ, 50.8 mm (2 in.): During the pull phase of the cycle, shear failure of the column 
occurred at a displacement ductility of approximately 2.5 μΔ. A marked decrease in column 
lateral load in conjunction with excessive opening of column shear cracks evidenced this failure 
(see Figure 6.68 and Figure 6.69). 
 
Following the column retrofit for shear and confinement, testing was resumed and observations 
were made at the following displacement ductility levels: 
• 2.5 μΔ, 50.8 mm (2 in.): The unit was tested to the same displacement level that caused the 
column shear failure following the column repair. As testing proceeded in the push direction, a 
crack of approximately 4.76 mm (3/16 in.) in width opened in the column FRP matrix. 
• 3 μΔ, 59.4 mm (2.3 in.): A similar crack was noted as the unit was subjected to this 
displacement ductility level. A second crack formed in the column FRP matrix in the pull 
direction of the third cycle (see Figure 6.70 and Figure 6.71). 
• 4 μΔ, 79.3 mm (3.1 in.): The onset of joint shear failure occurred in the push direction of the 
first cycle and was evidenced by 3.18 mm concrete offset on either side of the bent cap (see 
Figure 6.72). The joint cracks opened to 3.18 mm (1/8 in.) and the column cracks opened to 4.76 
mm (3/16 in.). The cover concrete spalled to 254 mm (10 in.) above the face of the beam. 
• 5 μΔ, 99.1 mm (3.9 in.): In the push direction, additional cracks began to form in the joint. In 
the pull direction, joint failure began to occur as evidenced by the opening of cracks and the 
onset of spalling on the east side of the joint. Anchorage failure of the column longitudinal 
reinforcement was also noted at this load level (see Figure 6.73). 
  
Following joint repair and retrofit, testing was resumed and observations were made at the 
following displacement ductility levels: 
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• 5 μΔ, 99.1 mm (3.9 in.): An additional cycle was performed to the displacement ductility level 
that had caused the onset of joint shear failure. 
• 6 μΔ, 118.9 mm (4.7 in.): In this cycle, the longitudinal FRP sheets began to delaminate near 
the ends of the bent cap. Delaminations of the FRP on the east side of the joint were indicated by 
a hollow sound when tested with a light hammering. The transverse FRP sheets wrapping the 
bent cap prevented a full delamination (see Figure 6.74). 
• 8 μΔ, 158.5 mm (6.2 in.): Observations at this displacement ductility included (1) buckling of 
the FRP in compressive regions within the joint, (2) continued anchorage failure of individual 
column longitudinal bars with increased lateral displacement, and (3) anchorage failure of the 
longitudinal column bars as a group, evidenced by a large cone failure on the top face of the bent 
cap (see Figure 6.75). 
 

  
Figure 6.64 Onset of joint cracking at 0.75 Vy. Figure 6.65  Joint cracking at µ1. 

 

  
Figure 6.66  Onset of spalling at µ1. Figure 6.67  Joint cracking µ2. 

 

  
Figure 6.68  Onset of shear failure µ2.5. Figure 6.69  Column shear failure at µ2.5. 
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Figure 6.70  Cracking in the FRP at µ3. Figure 6.71  Column displacement at µ3. 

 

  
Figure 6.72  Joint shear failure at µ5. Figure 6.73  Bent cap after removing loose concrete. 

 

  
Figure 6.74  CFRP delamination. Figure 6.75  Conical joint core failure. 

 
Data Analysis 
 
Load-Displacement Relation. Figure 6.76 shows the hysteretic behavior of the column with 
load-displacement curves. In examining this figure, column shear failure was characterized by a 
significant decrease in the load capacity at a displacement ductility, μΔ, of 2 in the pull direction. 
After the column was retrofitted at this stage, testing resumed in displacement control. It was 
then observed that the lateral load decreased on the second and third cycles of testing beyond the 
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displacement ductility level 4 μΔ. The next performance level was characterized by column/bent 
cap joint shear failure, which occurred at a 5 μΔ. As before, after this level the joint region was 
retrofitted, and upon resuming testing in displacement control, anchorage failure of the column 
longitudinal bars occurred at a 8 μΔ. Overall, the structure did not dissipate large amounts of 
energy, as quantified by the relatively small area enclosed by the hysteresis loops. Also, joint 
shear failure and pullout of the column longitudinal reinforcement are evidenced by the pinching 
of the hysteresis loops and a large decrease in the lateral load beyond ductility level 5. 
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Figure 6.76  Load-displacement hysteresis loops for Unit 1. 

 
Column Curvature. The column curvature plots, shown in Figure 6.77, indicate the clear 
formation of a plastic hinge in the column, evidenced by the sharp increase in the slope of the 
curvature line between the bent cap face and 203.2 mm (8 in.) above the bent cap. Analysis 
indicated that a plastic hinge would form in the first 508 mm (20 in.) of the column. Location of 
the instrumentation to develop the curvature plots was previously indicated in Figure 6.53. 

 
Beam Curvature. The beam curvature plots, shown in Figure 6.78, indicate extremely low levels 
of curvature in the bent cap throughout testing and showed negligible change as testing 
progressed. This indicates that no inelastic deformations were observed in the bent cap due to 
either flexural or shear demands, which matched general observations recorded during testing. 
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Figure 6.77 Column curvature distribution. 
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Figure 6.78 Beam curvature distribution. 

 
Column Longitudinal Steel Strains. The column longitudinal steel strain profiles, shown in 
Figure 6.79, indicate that the first yielding of the column longitudinal bars occurred at the beam 
face at a lateral load level of 0.75 Vy in the push direction and 1.00 Vy in the pull direction, 
indicating a good correlation with the predicted values. Furthermore, for the low levels of 
testing, it is clear that yielding occurred initially only at the column-beam interface. 
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 (a) Strain profiles με - low levels of testing. (b) Strain profiles με - high levels of testing. 

Figure 6.79 Longitudinal column strains – Line A. 
 
Column Hoop Steel Strains. Yielding was not initiated in the column hoop steel until the 
displacement ductility of 1.5 μΔ. As the column was subjected to higher levels of ductility, 2 μΔ 

and 3 μΔ, all of the instrumented column hoop bars experienced strain levels in excess of the 
yield range. These levels of strain correlate with the column shear failure observed in the test 
unit. The column hoop steel strain plots are shown in Figure 6.80. 
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Figure 6.80 Column hoop strains. 

 
Bent Cap Stirrup Steel Strains. The stirrup steel strain profiles, shown in Figure 6.81, indicate 
the bent cap stirrups at the face of the column reached the yield range at a displacement ductility 
of 2 μΔ, suggesting the onset of joint shear failure. 
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Figure 6.81 Bent cap stirrup strains. 

 
Column CFRP Hoop Strains. The column CFRP strains are shown in Figure 6.82. To evaluate 
the CFRP contribution to both confinement and shear in these regions, gauges were applied on 
the faces of the column. Gauges on the push and pull face measured FRP strains that result from 
the confining action, and gauges on the sides of the column measured FRP strains that result 
primarily from shear action. The strain levels of all four gauges at each column height remained 
below the yield range of the reinforcing steel. This indicated that the column was well confined 
and an additional shear failure of the column was not experienced, which agreed with the general 
observations. 
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Figure 6.82 Column FRP hoop strains for rows CF2 and CF3. 

 
Bent Cap/Joint FRP Strains. The bent cap CFRP strain gauge readings were separated in three 
sections: (1) bent cap diagonal FRP strains; (2) bent cap longitudinal FRP strains; and (3) bent 
cap stirrup FRP strains. The strain gauge deployment on the bent cap CFRP sheets is shown in 
Figure 6.83. The plots of the bent cap strain gauges are given in Figures 6.84 and 6.85. 
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Figure 6.83 Bent cap FRP strain gauge placement. 

 

-4000

-2000

0

2000

4000

6000

8000

f
G

"J
D

3"

-300 -150 0 150 300
Longitudinal Displacement (mm)

-4000

-2000

0

2000

4000

6000

8000

-300 -150 0 150 300
Longitudinal Displacement (mm)

St
ra

in
s (
με

)

(d) Gage JD4

-4000

-2000

0

2000

4000

6000

8000

-300 -150 0 150 300
Longitudinal Displacement (mm)

St
ra

in
s (
με

)

(a) Gage JD1

St
ra

in
s (
με

)

(b) Gage JD2

-4000

-2000

0

2000

4000

6000

8000

-300 -150 0 150 300
Longitudinal Displacement (mm)

St
ra

in
s (
με

)

(e) Gage JD5

St
ra

in
s (
με

)

f
G

"J
D

4"

-4000

-2000

0

2000

4000

6000

8000

-300 -150 0 150 300
Longitudinal Displacement (mm)

(c) Gage JD3

 
Figure 6.84 Bent cap diagonal FRP strains. 

 
The diagonal FRP strain gauges measured changes primarily in the principal strain directions 
across the joint. They indicate development of a joint shear failure, as explained by the large 
levels of strain in gauge JD2 - JD5. The longitudinal FRP strains indicated dilation of the joint, 
and the bent cap stirrup FRP strains indicated pullout of the column longitudinal reinforcement 
from the joint region. The strain for each bent cap FRP gauge was plotted individually to more 
accurately determine the performance of the column/bent cap joint region after retrofit. 
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The low levels of strain recorded in JD1 indicate low force transfer in the diagonal FRP strips to 
the top of the bent cap. The shape of the strain profile from JD1 seems to indicate that the strain 
on this gauge was predominantly affected by the confining effects on the top face of the bent cap 
rather than from the tension transferred across the joint region. The shape of this curve is 
characteristic of confining/shear effects, as in column hoop gauges. 
 
Gauges JD2 - JD4 progressively show higher levels of strain. The low levels of strain at gauge 
JD2 in the center of the joint are indicative of two effects. First, in the original joint failure, 
cracks developed on either side of the joint center but none exactly at the center of the joint. Due 
to the formation of the crack pattern and the compression struts for this particular bent 
cap/column geometry, it is possible that the center of the joint experienced low deformation 
levels and, consequently, minimal change in strain. Second, gauge JD2 was positioned on both 
the FRP strip parallel to the gauge and on the strip crossing the joint in the opposite direction. In 
this region, the forces may have redistributed through the FRP matrix to fibers oriented 
orthogonal to the instrumented strip thereby reducing the strain measured by gauge JD2. 
 
The highest strain measured by gauges JD3 or JD4, approximately 7,000 microstrain, was less 
than 50% of the ultimate rupture strain of the material, which is 16,600 microstrain. This 
indicates good correlation between the FRP design techniques and the actual test results. 
 
The longitudinal FRP bent cap gauges experienced levels of strain at the ultimate condition 
similar to those that would be expected at the onset of yielding of a reinforcing bar. This 
indicates that an appropriate amount of FRP was used to prevent flexural failure of the bent cap 
prior to the ultimate condition of the structure. 
 
Gauges used to monitor shear and confinement of the bent cap experienced very low levels of 
strain. This indicates that the bent cap concrete and reinforcing steel were sufficient to carry the 
bent cap shear and confinement loads through the ultimate condition of the structure. 
 
Gauges JS5 and JS6 located to monitor shear in the face of the bent cap and confinement of the 
bent cap showed virtually no change in strain throughout testing. Gauge JS7 located to monitor 
confinement near the center of the bent cap showed a minimal increase in strain with increased 
ductility levels. This indicates that the top face of the bent cap was displacing as the column 
longitudinal anchorage began to fail. 
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Figure 6.85 Bent cap stirrup FRP strains. 
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Phase I Testing: Unit 2 
 
General Observations 
 
Application of Axial Load. The axial load was applied as in Unit 1. As the column axial load 
was applied, the structure was monitored for cracking or other external signs of stress. 
 
Testing in Load Control. Testing progressed and observations were made at the following three 
load cycles: 
• 0.33 Vy, 133.5 kN (30 kips): Microcracks initiated at the bottom of the column in the pull 
direction. 
• 0.50 Vy, 200.2 kN (45 kips): Microcracks initiated at the bottom of the column in the push 
direction. 
• Vy, 400.3 kN (90 kips): Spalling occurred at the base of the column in the 50.8 mm (2 in.) 
unstrengthened clear region in both the push and pull directions. 
 
Testing in Displacement Control. Testing progressed and observations were noted at the 
following displacement levels: 
• 1 μΔ, 30.5 mm (1.2 in.): Cracks on the top face of the bent cap began to propagate out from 
the column base on the third push cycle. 
• 1.5 μΔ, 45.7 mm (1.8 in.): Vertical cracks developed on the face of the column propagating 
up from the face of the beam. The cracks appeared to be reflective cracks above the column 
longitudinal bars. 
• 4 μΔ, 121.9 mm (4.8 in.): Cracks developed in the top of the bent cap above the locations of 
the girder simulation beams in the push direction. 
• 5 μΔ, 152.4 mm (6 in.): Microcracks developed below the column on the bottom face of the 
bent cap in the push direction. The cracks propagated out from the bottom center of the beam 
face at approximately 45° angles toward the center of the beam, as shown in Figure 6.86. Under 
the subsequent pull cycle, the column core began to pull out from the bent cap. The microcracks 
on the underside of the beam began to open, and the lateral load did not increase over the load at 
the previous displacement ductility. Locations of potential concrete spalling were identified by 
testing for hollow-sounding locations beneath the FRP. These regions were mapped as shown by 
the cross-hatched areas in Figure 6.87, and the locations of FRP anchors were added as shown in 
Figure 6.87. 
• 7.5 μΔ, 228.6 mm (9 in.): Concrete spalling occurred at the base of the column up to 88.9 mm 
(3.5 in.) and 63.5 mm (2.5 in.) in the push and pull cycles, respectively. The ultimate condition 
of the structure was reached on the second cycle in the push direction with the fracture of a 
column longitudinal bar. The fracture was evidenced by a loud “popping” noise. 
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Crack Pattern

FRP Stirrups   
Figure 6.86  Crack pattern in bottom of bent 

cap at 5 μΔ. 
Figure 6.87  Locations of FRP anchors 

overlaid hollow regions on bent cap face. 
 

Data Analysis 
 
Load-Displacement Relation. Figure 6.88 shows the relation between lateral displacement and 
lateral load. A sharp decrease in lateral load was observed at a displacement of approximately 
55.9 mm (2.20 in.). This occurred in the push direction and was caused by the fracture of the 
column longitudinal bar indicating that the ultimate performance level was reached at this level. 
This performance level occurred following one cycle at a displacement ductility, μΔ, of 9. 
 
The lateral load increased with displacement to displacement ductility between 4.5 and 6. The 
shape of the hysteresis loops shown in Figure 6.88 indicate that no shear failure occurred 
throughout testing. The large areas inside the hysteresis loops indicate significant amounts of 
energy absorption within the structure. However, a slight pinching of the hysteresis loop 
indicates the likelihood of moderate levels of degradation in the joint region. 
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Figure 6.88  Load-displacement hysteresis loops for Unit 2. 
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Column Curvature. The column curvature plots shown in Figure 6.89 indicate the formation of 
the plastic hinge in the column, as in Unit 1. 
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Figure 6.89 Column curvature. 
 

Beam Curvature. The beam curvature plots, as shown in Figure 6.90, indicate that the curvature 
of the beam was highest near the joint and decreased with increased distance from the joint. In 
comparison to the column curvature, the beam curvature was negligible throughout testing, 
indicating that most energy dissipation occurred within the plastic hinge formed in the column. 
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Figure 6.90 Beam curvature. 
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Column Longitudinal Steel Strains. The column longitudinal steel strains indicate that the 
column reinforcing reached yielding at a load level of 100% Vy. The highest strains developed at 
152.4 mm (6 in.) from the bent cap/column interface and continued to increase with increased 
displacements. Above and below 152.4 mm (6 in.), steel strains increased more gradually 
indicating the formation of the plastic hinge at approximately 152.4 mm (6 in.) from the face of 
the beam. The plots were very similar to those presented in Figure 6.79. 
 
Column Hoop Steel Strains. The column hoop strains indicate that the column did not 
experience a shear failure. Through a load level of 100% Vy, only one strain gauge located on the 
push/pull face of the column reached the yield range. At any point during testing, the yield range 
was reached only on the hoop nearest the bent cap in the region of column confinement. The 
strain profile plots were very similar to those presented in Figure 6.80. 
 
Bent Cap Stirrup Steel Strains. The bent cap stirrup strains did not reach first yield until a 
displacement ductility of 7.5 μΔ, indicating the bent cap and the joint did not experience the onset 
of shear failure until the ultimate condition of the structure had been achieved. 
 
Column FRP Strains. In the region of the plastic hinge, the confinement FRP experienced 
higher strains on the compression face of the column than on the tension face of the column. The 
strain in the steel hoop nearest the face of the bent cap correlated closely with the FRP strain in 
the same location, indicating that the hoop steel and column FRP worked together to confine the 
concrete core. Above the plastic hinge region, in locations of column shear alone, the FRP strain 
reached a maximum value of approximately 1,750 microstrain. This strain level is below the 
ultimate rupture strain of the FRP and below the yield range of the column hoop steel. This, in 
conjunction with the steel hoop strains, indicates that the column did not experience a shear 
failure. 
 
Bent Cap/Joint FRP Strains. The diagonal FRP strain gauge plots correlate closely with similar 
strain gauges plots from the first test unit. The highest strain experienced by the diagonal FRP 
strips was approximately 50% of the ultimate rupture strain of the material. The strains on the 
FRP strengthening sheets are presented in Figure 6.91. For example, the plots for gauge JD1 
show strains opposite in sign to other gauges located on the diagonal FRP strip. This indicates 
that the top-center of the bent cap experienced tensile stresses as the rest of the FRP strip 
experienced compressive stresses and visa versa. This suggests that the FRP in this region 
contributed to the column anchorage while the majority of the FRP strip carried joint shear 
forces. 
 
The strain gauges located on the bent cap longitudinal FRP correlate nicely with the longitudinal 
steel strains. The longitudinal FRP strains reached a maximum of approximately 2,750 
microstrain or 16% of the rupture strain of the material. 
 
The strain gauges located on the vertical FRP strips recorded the highest levels of strain on the 
top and bottom of the bent cap. This correlates with the observations made of gauge JD1. Gauges 
on this strip indicate that the FRP made a minimal contribution to the shear performance of the 
bent cap, but it made a significant contribution to the confinement of the bent cap and to the 
anchorage of the column. 
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Figure 6.91 Bent cap diagonal FRP strains. 

 
Phase II Testing: Unit 3 
 
General Observations 
 
Application of Axial Load. An axial load was applied on the column, increasing from 0 to 170 
kips. During and after application of the axial load, no crack was observed. Note that throughout 
testing of the specimen, the axial load varied up to ±14% due to elongation of the steel rods used 
to apply the axial load as the lateral displacement increased, shortening of the column. 
 
Testing in Load Control. Testing progressed and observations were noted at the following load 
control cycles: 
• 0.25 Vy, Push/Pull – 80.1 kN (18.0 kips): No cracks were observed in both directions. 
• 0.50 Vy, Push/Pull –172.8 kN (38.8 kips): Minor cracks developed at the bottom portion of 
the column in the pull/push directions. 
• 0.75 Vy, Push/Pull – 258.0 kN (58 kips): “Hairline” flexural cracks were noted on both sides 
of the columns (see Figure 6.92). No cracks were observed in joint and bent cap at this stage. 
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Figure 6.92 Column flexural cracks at V = 258 kN in push direction. 

 
Testing in Displacement Control. Following retrofitting of the specimen, testing progressed and 
observations were made at the following displacement control ductility levels: 
• 1μΔ, 19.8 mm (0.78 in.): Column shear cracks were noted between the loading stud and steel 
sheet. Shear cracks also occurred in the first cycle of this level of displacement ductility. As the 
lateral displacement increased (1.5–6 μΔ), more shear cracks appeared on the top portion of the 
column and their lengths were extended, as shown in Figures 6.93 and 6.94. Similarly, the crack 
patterns as shown in Figures 6.95 and 6.96 were developed in the bent cap. 
• 3μΔ, 59.4 mm (2.34 in.): Diagonal steel plates began to bulge out of the side face of the bent 
cap beam under compression, indicating that spalling of the cover concrete beneath the steel 
plates likely occurred at this displacement level. 
• 8 μΔ, 158.5 mm (6.2 in.): During the first cycle of loading, a loud sound was heard from the 
joint area, indicating significant anchorage failure of the column longitudinal reinforcing bars. In 
the second and last cycle of loading, a conical portion of concrete was lifted out of the bent cap 
in the joint area as the anchorage failure of the column longitudinal bars became more 
pronounced. Throughout the testing, no buckling of the steel sheet was observed. 
 

Figure 6.93 Column shear cracks 
distribution in the push direction. 

Figure 6.94 Column shear cracks 
distribution in the pull direction. 



 225

Figure 6.95 Bent cap joint crack pattern (above 
the diagonal steel plates). 

Figure 6.96 Bent cap joint crack pattern 
(below the diagonal steel plates). 

 
At the completion of the tests, the thin steel sheet and steel rings on the column were removed in 
order to examine the crack pattern on the column. As shown in Figures 6.97 and 6.98, only some 
“hairline” cracks appeared on the column surfaces in the push and pull directions. More 
important, the shear cracks above the steel sheet did not propagate into the retrofitted portion, 
indicating the effectiveness of the retrofitting scheme in increasing shear strength. 

 
Similarly, the steel plates at the beam-column joint were removed in order to examine the crack 
pattern in the joint area. As shown in Figure 6.99, some of the new joint cracks (above or below 
the diagonal steel plates after retrofitting) did not propagate into the retrofitted bent cap areas, 
and the cracks underneath the steel plates are narrower than those outside the steel plates, 
indicating that the retrofitting scheme does control the widening of shear cracks even though it 
cannot stop it. 
 

  
Figure 6.97 Crack pattern on the column 

surface in the push direction. 
Figure 6.98 Crack pattern on the column 

surface in the pull direction. 
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Figure 6.99 Bent cap joint crack pattern (after removal of diagonal steel plates). 

 
Data Analysis 
 
Load-Displacement Relation. Figure 6.100 and Figure 6.101, respectively, present the load-
displacement hysteresis loops and the load-displacement envelopes for the first, second, and third 
cycles of loading at each level. In examining Figure 6.100, three performance levels were 
evidenced by a significant decrease in the lateral load during the second and third cycles at a 
given displacement level. For example, excessive column shear cracks occurred in the push 
direction at a displacement ductility,μΔ , of 2. The bent cap/joint significantly cracked at a 
ductility of 5 and, ultimately, the anchorage failure of the column longitudinal rebars is seen at a 
ductility of 8, resulting in a substantial reduction of the lateral load capacity reflected by the 
pinching of the hysteresis loops in Figure 6.100. 
 
Figure 6.101 indicates that the column jacket was effective in passive confinement to prevent the 
complete column shear failure. That is, the lateral column dilation associated with the 
development of diagonal shear cracks was resisted by the steel jacket. However, the steel plate 
retrofit in the joint area seemed to improve the joint performance slightly, but it was insufficient 
to prevent the development of significant cracking in the joint, resulting in final failure of the 
specimen by pullout of the column longitudinal rebars. 
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Figure 6.100 Load-displacement curves. Figure 6.101 Load-displacement envelope. 

 
In order to maintain a constant axial load, a hydraulic jack was used in pressure control through 
an electric motor. Even so, the specimen experienced approximately +5% or –10% fluctuations 
in axial load as the lateral displacement increased, as illustrated in Figure 6.102. This increase in 
axial load as displacement increased was attributable to the lengthening of the column rods that 
were used to apply the axial load. 
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Figure 6.102 Axial load changes with lateral displacement. 

 
Bent Cap Longitudinal Steel Strains. As shown in Figure 6.103, the strains of longitudinal bent 
cap longitudinal reinforcement were generally below yield, indicating that the bent cap remained 
elastic most of the time during the experiments, particularly at the bottom of the cap beam. 
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(b) Bottom reinforcement 
Figure 6.103 Bent cap strains of Unit 3. 

 
Bent Cap Stirrup Steel Strains. The strain distribution in the bent cap stirrups is presented in 
Figure 6.104. Similar to the longitudinal reinforcement, the stirrup strains of the bent cap did not 
reach first yield until a displacement ductility of 6. This indicated that the bent cap and joint did 
not experience the onset of shear failure until the ultimate condition of the structure had been 
achieved. 
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(b) B line 

Figure 6.104 Bent cap stirrup strains. 
 

Column Steel Ring Strains. Figure 6.105 shows the strains at three elevations of the column. 
They were located on the face of the column in the push or pull direction. It can be seen from 
this figure that strain increased with the lateral load applied on the column. These strain values 
were relatively small because the thickness of steel rings was 1.27 mm (0.5 in.) rather than the 
design value of 0.64 mm (0.25 in.). 
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Load Control
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(a) Push direction 
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(b) Pull direction 

Figure 6.105 Strains on steel rings of Unit 3. 
 
Bent Cap/Joint Steel Plate Strains. The bent cap/joint was retrofitted with diagonal and vertical 
plates that were both instrumented with strain gauges. Figure 6.106 shows the strains measured 
on both steel plates. The strains in diagonal steel plates indicate potential joint shear failure, 
while those in vertical plates provide an indication of potential shear failure of the bent cap. 
Since the bent cap/joints of Units 2 and 3 were both strengthened from nearly no-damage state, 
and that of Unit 1 was repaired after having been damaged, the strain measurements from Unit 3 
are compared with those of Unit 2. It can be seen from Figure 6.106 that the strain values at the 
center of the joint are approximately five times as low as those of the CFRP strengthening joint, 
as shown in Figure 6.91. The significant difference in strain values is due mainly to different 
cross-section areas in the two units. Indeed, the cross sectional area of the steel diagonal plates is 
approximately five times as large as that of the CFRP cross section. Therefore, the force levels in 
the diagonal retrofitting member of Units 2 and 3 are comparable. As a result, the load-
displacement curves in Figures 6.88 and 6.100 for Units 2 and 3, respectively, revealed 
comparable stiffness degradation of the joint. 
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Figure 6.106 Strains in steel plates for joint retrofitting. 

 
 

Load level
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- - - - - - -  Pull 

Load Cont
m =1.0
m =1.5
m =2.0
m =3.0
m =4.0
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m =6.0
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Phase II Testing: Unit 4 
 
General Observations 
 
Application of Axial Load. Testing of Unit 4 was conducted in a similar manner to that of Unit 3 
after Unit 4 was strengthened at its virgin condition. The axial load applied to the column of Unit 
4 was the same as that for Unit 3. No cracks were observed during the increasing of axial loads. 
Due to axial shortening of the column and elongation of the steel rods used to apply the axial 
load as the lateral displacement increased, the axial load varied up to ±16% throughout the 
course of the testing. The overall test setup can be seen in Figure 6.47. 
 
Testing in Load Control. Testing progressed by applying a lateral load of (0.25–0.75) Vy and no 
cracks were observed outside the retrofitted areas. 
 
Testing in Displacement Control. Testing progressed and observations were made at the 
following displacement control ductility levels: 
• 1μΔ, 19.8 mm (0.78 in.): Column cracks appeared in the push direction, as shown in Figure 
6.107(a). On the third pull cycle, cracks were also observed at the bottom of the column and 
propagated from the middle to the two sides of the bent cap beam. 
• 1.5μΔ, 29.7 mm (1.17 in.): The cracks on the column propagated as the lateral displacement 
was increased, as illustrated in Figures 6.107(b-h). Some of the side views of the tested column 
were presented in Figure 6.108. On the first push cycle of displacement ductility 1.5μΔ, spalling 
was noted at the base of the column in the 50.8 mm (2 in.) unstrengthened clear region. 
•  2μΔ, 39.6 mm (1.56 in.): Joint shear cracks appeared in the first cycle. They were then 
extended as the lateral displacement was increased, as illustrated in Figure 6.109. Unlike Unit 3, 
no conical portion of the bent cap/joint was observed to have lifted up, indicating no significant 
debonding of the column longitudinal rebars. 
• 12 μΔ, 237.8 mm (9.3 in.): On the second cycle in the push direction, a loud “popping” sound 
was noted, indicating fracture of one or more of the column longitudinal reinforcing bars, as 
shown in Figure 6.110. 
 
After testing was complete, the steel sheet and steel rings on the column were removed in order 
to examine the crack pattern beneath the steel components on the column. As shown in Figure 
6.111, the shear cracks on the column above the steel sheet were generally arrested at the 
retrofitted portion. Beneath the steel sheet, only some “hairline” cracks were observed on the 
column face, indicating that the retrofit scheme provided sufficient shear strength. 

 
Similarly, the steel plates at the joint were removed to examine the crack pattern. As shown in 
Figure 6.112(a), the joint cracks propagated into nearby bent cap areas, and the width of the 
cracks behind the steel plates is smaller than that outside the steel plates. Right below the 

column, cracks were initiated at approximately 45°on the bottom face of the bent cap, from the 

edge of the bent cap and extended toward the middle of the bent cap. Eventually, more cracks 
were developed in the center area of the bottom face of the bent cap to form an elliptical shape of 
cracked area, as shown in Figure 6.112(b). 
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(a) At 1.0μΔ  in the push direction 

 
(b) At 2.0μΔ  in the push direction (c) At 2.0μΔ  in the pull direction 

 
(d) At 3.0μΔ  in the push direction (e) At 3.0μΔ  in the pull direction  

 
(f) At 4.0μΔ  in the push direction  (g) At 4.0μΔ  in the pull direction 

 
(h) At 6.0μΔ  in the pull direction 

Figure 6.107 Column shear cracks. 
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(a) At 1.5 μΔ          (b) At 3.0 μΔ  

Figure 6.108 Column shear cracks on the side face. 
 

 
(a) Front side at 8.0 μΔ  (a) Back side at 12.0 μΔ  

Figure 6.109 Joint shear cracks outside the retrofitting steel plates. 
 

 
(a) Push face (b) Pull face 

Figure 6.110 Fracture of column longitudinal rebars. 
 

 
(a) Push direction (b) Side face 

Figure 6.111 Crack pattern on the column behind the retrofitted steel sheet. 
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(a) Side face (b) Bottom face 

Figure 6.112 Crack patterns in the bent cap/joint area. 
 

Data Analysis 
 
Load-Displacement Relation. Figure 6.113(a) shows the load-displacement hysteresis loops of 
Unit 4 specimen. It can be seen that the specimen achieved an ultimate displacement ductility of 
12 prior to fracturing of the column longitudinal rebars, which was evidenced in the load-
displacement curves as a sudden drop of lateral load at a displacement of approximately 213 mm 
(8.4 in.) in the push direction. Additionally, the beam-column assemblage continued to resist 
higher loads as displacement ductility increased up to 6 or even 8, showing little stiffness 
degradation in comparison with the previous three specimens. Consequently, the hysteresis loops 
of this specimen were fully developed, indicating no shear failure of the structure throughout 
testing and high energy dissipation ability. Figure 6.113(b) shows the envelope of the maximum 
lateral displacement and lateral load for each of the three cycles of testing. The load in each 
envelope continuously increased and the difference among the three envelopes is small except 
the last displacement level. The degradation in stiffness is therefore negligible in comparison 
with Figure 6.101. This indicates that the performance level was ductile and at no time did a 
sudden failure, such as shear failure, occur. These effects are attributable to the post-tensioned 
load applied on the cap beam. 
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(a) Hysteresis loops (b) Envelope curves 

Figure 6.113 Load-displacement curves. 

Graph 1
1st cycle
2nd cycle
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Even though a hydraulic pump was used to maintain a constant axial load applied on the column, 
the test specimen experienced some changes in axial load, as shown in Figure 6.114, as the 
lateral displacement increased. This increase in axial load was attributed to the lengthening of the 
column rods that were used to apply the axial load. As the column displaced, these rods rotated 
about the bottom face of the cap beam and were lengthened, causing an increase in the applied 
axial load. 
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Figure 6.114 Fluctuation in axial load during testing. 

 
Bent Cap Longitudinal Reinforcement Strains. As shown in figure 6.115, the strains of the 
longitudinal reinforcing bars of the bent cap were below yield, indicating that the bent cap 
remained elastic throughout testing. 
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(a) Top reinforcement (b) Bottom reinforcement 

Figure 6.115 Strains on bent cap longitudinal reinforcing bars. 
 

Bent Cap Stirrup Strains. Similar to the bent cap longitudinal reinforcement, the bent cap 
stirrups were subjected to strains less than the first yield strain until displacement ductility of 12, 
as illustrated in Figure 6.116. This indicates that the bent cap and joint did not experience the 
onset of shear failure until the ultimate condition of the structure had been achieved. 
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Load Control
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Figure 6.116 Strains on the stirrups of bent cap. 
 

Column Steel Ring Strains. Figure 6.117 shows the strains at three elevations of the column. 
They were located on the face of the column in the push or pull direction. It can be seen from the 
figure that strain increased with the lateral load applied on the column. 
 

-500 0 500 1000 1500 2000 2500

Microstrain (mm x 10-6/mm)

0

100

200

300

400

500

G
ag

e 
Po

si
tio

n 
fro

m
 F

ac
e 

of
 B

ea
m

 (m
m

)

Load level
________ Push 
- - - - - - -  Pull 

Load Control
m =1.0
m =1.5
m =2.0
m =3.0
m =4.0
m =6.0
m =8.0
m =12.0

-400 0 400 800 1200

Microstrain (mm x 10-6/mm)

0

100

200

300

400

500

G
ag

e 
Po

si
tio

n 
fro

m
 F

ac
e 

of
 B

ea
m

 (m
m

)

Load level
________ Push 
- - - - - - -  Pull 

Load Control
m =1.0
m =1.5
m =2.0
m =3.0
m =4.0
m =6.0
m =8.0
m =12.0

 
(a) Push direction (b) Pull direction 

Figure 6.117 Strains on steel rings. 
 
Bent Cap/Joint Steel Strains. Figure 6.118(a) presents the strain measured at the middle of one 
diagonal plate for the monitoring of potential joint shear failure, and Figure 6.118(b) illustrates 
the change of strains in one vertical steel plate for shear strengthening and confinement of the 
bent cap. Compared with Figure 6.106, Figure 6.118 indicates that the strains in both diagonal 
and vertical plates are smaller than those of Unit 3. This is most likely due to the introduction of 
four post-tensioned rods so that prestressing applied on the bent cap can significantly reduce the 
likelihood for widening of the joint cracks. As such, the strains on the retrofitting steel plates at 
the joint area are released. In addition, Figure 6.118(b) indicates that the change in strain of the 
vertical plate is small as the lateral displacement increases. Indeed, the magnitude of strains in 
the vertical plates is near the noise level. 
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(a) Diagonal steel plate (b) Vertical steel plate 
Figure 6.118 Strains in the retrofitted steel plates in the joint area. 

 
Phase III Testing: Unit 5 
 
General Test Observations 
 
Testing of Unit 5 was conducted in a similar manner to the testing of Phases I and II units. A 
summary of the observations made during testing of Unit 5 are given in this section followed by 
observations recorded during each phase of testing. The test setup is shown in Figure 6.119. Any 
reference to side “A” or side “B” will correspond as shown in this figure. 
 

 
Figure 6.119 Test setup. 

 
Application of Axial Load. As the column axial load was applied, the structure was monitored 
for cracking or other external signs of distress and recorded in the test specimen for post-test 
evaluation. Like the previous tests, a hydraulic pump driven by an electric motor was used to 
maintain a relatively consistent axial load on the unit. A slight increase occurred at larger 
displacements as the piston was forced back into the jack. 
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Testing in Load Control. Observations were made at the following three load cycles: 
• 0.50 Vy, 140.1 kN (31.5 kips): Microcracks began to form in the gap region between the 
bottom of the steel shell and the bent cap in the push direction and were followed by microcracks 
in the pull direction as well. 
• 0.75 Vy, 210.4 kN (47.3 kips): Cracking occurred at the interface of the base of the column in 
both the push and the pull directions. 
• Vy, 280.2 kN (63 kips): Indications of strain penetrations into the bent cap resulted in the first 
longitudinal cracks appearing in the bent cap top surface, as shown in Figure 6.120(a). 
 
Testing in Displacement Control. Observations were noted at the following displacement levels: 
• 1 μΔ, 38.1 mm (1.5 in.): Onset of joint shear and flexural cracking of the bent cap; strain 
penetration cracks grow. Onset of spalling of the cover concrete in the 50.8 mm (2 in.) 
unreinforced gap between the bent cap and the steel shell. 
• 1.5 μΔ, 57.2 mm (2.25 in.): Additional joint shear cracking and increase in strain penetration. 
• 2 μΔ, 76.2 mm (3 in.): Strain penetration caused the concrete to lift and increased spalling in 
the gap region. Enlargement of the crack at the column/bent cap interface was also observed in 
this cycle. Loss in capacity beyond ductility level 2 was recorded. Cracks on the side face of the 
bent cap are shown in Figure 6.120(b). 
• 4 μΔ, 152.4 mm (6 in.): At each cycle at ductility level 4, there was also a significant loss of 
capacity. The strain penetration blocks on each side of the column lifted, as shown in Figure 
6.121(a). Where the loose cover concrete was removed, the block reached to the first line of 
headed reinforcement on side “A,” as is shown in Figure 6.121(b). The strain penetration on side 
“B,” as shown in Figure 6.122, was also significant but not as extensive as on side “A.” 
• 6 μΔ, 228.6 mm (9 in.): An even greater loss in capacity was observed at this ductility level. 
Cracking was observed at the bottom of the beam, indicating pullout failure of the column 
longitudinal bars. With further cycles, spalling of the cover concrete was recorded on the bottom 
side of the bent cap. On the last cycle, buckling of the main column longitudinal bar occurred on 
side “B.” 
• 8 μΔ, 304.8 mm (12 in.): There was a continual significant loss in capacity at this ductility 
level. The column bar that buckled, fractured early in the first push cycle. Cracking continued at 
the bottom of the beam and large blocks of concrete were removed from the bent cap. However, 
the recorded joint shear cracks did not grow and stayed small, as shown in Figure 6.123. 
 

 
(a) Displacement ductility = 1.0 

 
(b) Displacement ductility = 2.0 

Figure 6.120 Cracks on the bent cap. 
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(a) Strain penetration 

 

 
(b) Bent cap top after concrete removal 

Figure 6.121 Strain penetration and concrete removal on Side A of the bent cap. 
 

 
Figure 6.122 Concrete removal from side “B.” Figure 6.123 Shear cracks. 
 
Data Analysis 
 
All strain gauges and LVDT locations referred to in this section are shown in Figure 6.54 
through Figure 6.62. Any references to the push or pull direction of the lateral load, along with 
side “A” and side “B” of the specimen, are shown in Figure 6.119. The strain levels presented 
are indicated as negative for compressive strains, and positive for tensile strains. 
 
Load-Deformation Curves. Figure 6.124 shows the measured lateral load versus the lateral 
displacement at the center of the load stub. The response of the test unit shows that the ultimate 
flexural capacity of the column was reached at displacement ductility level 4. A significant drop 
in capacity at ductility level 4 and subsequent ductility levels is an indication of pullout failure of 
the column longitudinal bars, and will be discussed further. 
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Figure 6.124 Load-displacement hysteresis curves. 

 
Column Longitudinal Reinforcement. As determined from the tensile tests of these bars, 
yielding of the column bars occurred at ±2740 microstrains. Figure 6.125(a, b) show the strain 
profile for the outermost longitudinal bar on the side “A” of the column (the bar that is in 
compression on the push cycle of the actuator) for the initial and final stages, respectively. On 
the side “B” of the column, the corresponding strain profiles for the outermost longitudinal bar 
(the bar that is in tension on the push cycle of the actuator) are respectively presented in Figure 
6.125(c, d). For ease of reference it is noted that in these figures the zero distance to the joint 
corresponds to the interface between the column and the bent cap. 
 
Yielding of the column bars occurred near the predicted load, Vy. As shown in Figure 6.125, 
column bars first yielded at the column/bent cap interface, indicating that the plastic hinge 
formed at this location. 
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(a) Side “A” in early stages 
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(b) Side “A” in final stages 
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(c) Side “B” in early stages 
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(d) Side “B” in final stages 

Figure 6.125 Strains in column longitudinal reinforcement.  
 
Bent Cap Shear Reinforcement. Figure 6.126(a, b) respectively, show the early and final stage 
strain profiles of the stirrups in the original section prior to strengthening, while Figure 6.127(a, 
b) present their corresponding strain profiles in the strengthened bent cap concrete section. 
 
At the early stages of testing, the recorded levels of strains were not significant, indicating no 
shear cracks on the bent cap up to displacement ductility of 1. This indication was confirmed by 
the observations during testing. As the lateral displacement increased in the final stages of 
testing, the strains in the bent cap stirrups were increased. As shown in Figures 6.126 and 6.127, 
the level of strain increase was nearly the same for both the original and the retrofitted stirrups. 
This indicates that the retrofit section and the original section were acting as a single unit. The 
strains present in the retrofit stirrup at the centerline of the bent cap were approximately twice of 
the strains recorded in the stirrups at the face of the column. In contrast, no shear reinforcement 
was present in the original concrete section within the joint region. Beyond the column face, the 
strains in the stirrups decreased significantly, indicating that the joint shear mechanism 
developed primarily within a distance of hb/2 from the column face, as predicted by the joint 
shear mechanism previously described in Figure 6.33. 
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(a) Early stages 
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(b) Final stages 

Figure 6.126 Shear strain in stirrups prior to strengthening. 
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(b) Final stages 

Figure 6.127 Shear strain in stirrups after strengthening. 
 
Bent Cap Longitudinal Steel. The yield strain of the original longitudinal reinforcing bars was 
2807 microstrains. The yield strain of the retrofitted longitudinal bars was 2544 microstrains. For 
both the original and the retrofitted steel, the reinforcement remained within the elastic range, 
indicating that the bent cap stayed primarily within the elastic range for flexure and shear. For 
similar locations, the levels of strain in both the retrofit and the original steel were very close, 
indicating that the entire section acted as one unit. After ductility level 4, the applied lateral load 
decreased, and hence the moment applied to the bent cap decreased. However, the strains in the 
longitudinal reinforcement at the bottom of the bent cap continued to increase, as shown in 
Figure 6.128 and Figure 6.129. This was attributed to the joint shear mechanism, which 
increased the demand on the longitudinal reinforcement and indicated that additional 
longitudinal reinforcement is necessary in the bent cap in order to stabilize the joint shear 
mechanism as predicted by Equations 6.24 and 6.25. Note that the magnitude and distribution of 
the strains in top reinforcing bars are similar to those in bottom reinforcement, as can be seen in 
Figure 6.130.  
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(a) Early stages 
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(b) Final stages 

Figure 6.128 Strains in bottom reinforcing bars of the original bent cap.  
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(b) Final stages 

Figure 6.129 Strains in bottom reinforcing bars of the retrofitted bent cap. 
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(b) Final stages 

Figure 6.130 Strains in top reinforcing bars of the retrofitted bent cap. 
 
Transverse Joint Reinforcement. The headed reinforcement on the sides of the bent cap was 
designed for two purposes: to allow for shear flow transfer between the original and the new 
concrete sections, and to provide constraint on the transverse dilation of the joint. Since they 
were installed from both sides, the headed reinforcing bars were only inserted to half of the 
width of the bent cap from either side but they were not connected. Consequently, no mechanism 
existed to properly transfer the transverse forces across the joint, and longitudinal cracks 
developed along the length of the bent cap. As shown in Figure 6.131, the strains in the headed 
reinforcement stayed relatively small throughout the test. This indicates that the headed 
reinforcement was not providing for a mechanism to close these longitudinal cracks, and the 
recorded strains are mainly due to shear-flow transfer across the two sections. This resulted in a 
dilation of the joint region and, consequently, pullout of the column longitudinal reinforcement. 
This confirms that the headed reinforcement did not provide a clamping mechanism to the joint 
region, and in future testing this condition must be considered by providing continuous 
transverse reinforcement across the joint. 
 
Joint Shear Deformation. Joint shear deformations were measured and calculated by using the 
LVDTs, as shown in Figure 6.61. Referring to this figure, the LVDTs used in the computation of 
the joint shear deformation were J1, K2, JHB, JHT, JVa, and JVb. A detailed review of the 
necessary calculations to obtain these joint shear deformations are extensively documented in the 
literature (Silva et al., 1999). Figure 6.132 shows the joint shear deformations, which are 
relatively small and correlate with the level of crack width recorded during testing. This was 
attributed to sufficient reinforcement that maintained the cracks relatively closed, as shown in 
Figure 6.133, at ductility level 4. 
 
Transverse Joint Dilation. During loading, it is expected that the principle stresses developed 
within the joint region will lead to joint dilation that can be qualitatively visualized by 
unrestricted expansion of cracks through the joint region. Transverse dilation of the joint region 
was monitored; Figures 6.134 and 6.135 show the relation of the joint dilation with the 
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progression of the test in time and the lateral displacement of the column, respectively. In the 
first three cycles, the joint progressively dilated but did not remain permanently deformed until 
the first cycle to Vy. The first joint shear cracks developed at this stage, which initiated at the 
column face and propagated away from the column. In addition, joint shear deformations are 
significantly smaller than transverse joint dilations. 
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(b) Final stages 

Figure 6.131 Strains in transverse headed reinforcing bars. 
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Figure 6.132 Joint shear deformation. Figure 6.133 Crack width at ductility level 4. 
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Figure 6.135 Joint dilation versus displacement. 
 
At the final stages of testing, degradation was recorded on the load capacity of the specimen. 
This was attributed to joint shear failure predominantly in the transverse direction of the bent cap 
and, subsequently, resulting in pullout of the column longitudinal reinforcement. 
 
As indicated in Figure 6.133 by the small crack widths on the side of the bent cap, the strains in 
both the original and retrofit shear stirrups are small, as can be seen from Figure 6.126 and 
Figure 6.127. In addition, the joint shear deformations are also small, as illustrated in Figure 
6.132. Therefore, the joint shear failure was attributed to excessive joint shear dilation of the bent 
cap in its transverse direction. This can be explained by larger joint dilations rather than shear 
deformation (see Figure 6.134). At ductility level 2, the joint dilation reached its peak and 
remained constant up to the first cycle to ductility level 4. Furthermore, post-inspection of the 
test unit showed a large crack width in the center of the bent cap running in its longitudinal 
direction (see Figure 6.136). This crack was the result of lack of continuity of the transverse 
headed reinforcement in the bent cap and of the joint shear stresses imposing unrestricted 
dilation in the transverse direction. Once this mechanism developed, the column longitudinal 
bars were not properly confined and pullout occurred. 
 

 
Figure 6.136 Cracking and pullout of main column longitudinal bars. 
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CONCLUSIONS 
 
The overall performances of the three retrofitting schemes investigated with five test units are 
compared and summarized in this section. Unit 1 was first tested in virgin condition. It was then 
repaired with CFRP sheets and tested again to failure of the assemblage. Unit 2 was strengthened 
with CFRP sheets prior to testing. Units 3 and 4 were basically strengthened with steel sheets 
and plates of different connection details before testing began. Lastly, Unit 5 was strengthened 
with softening of the steel shell on the column and concrete jacketing of the bent cap/joint. Based 
on the test results and analysis of the five large-scale beam-column assemblage units, the 
following conclusions can be drawn: 
1. The unstrengthened column failed in shear at displacement ductility of 2–2.5. Prior to the 

shear failure, the column shear capacity decreased with cyclic loading, which can be 
accurately predicted with the UCSD shear model. However, the current ACI model did not 
take this factor into account. After the failed column was repaired, the bent cap/joint 
(unstrengthened) failed in shear at displacement ductility of 5. Both column and joint shear 
failures were undesirable brittle failure modes, and they indicated that the prototype bridge 
needs to be retrofitted for safety reasons in the event of a severe earthquake. 

2. The CFRP wrapping for repairing of a cracked RC column can prevent further shear failure 
of the column. It seems that grouting of shear cracks as an intermediate step in column repair 
is sufficient to allow the column to return to its full service. Loss of anchorage of the column 
longitudinal bars was the ultimate failure of the repaired test specimen. Although the ability 
of a shear failed column/bent cap joint can be restored by repairing the joint with CFRP 
sheets, it is often impractical to fully close existing joint shear cracks, and, therefore, 
reestablish the anchorage of column longitudinal reinforcement in the joint region following 
a column/bent cap joint failure. 

3. The CFRP retrofit scheme was adequate for column shear strengthening and generally 
acceptable for joint shear strengthening based on the limited test data from this study. The 
strengthened specimen ultimately failed in fracture of a column longitudinal bar that occurred 
prior to a complete joint shear failure. The bent cap did experience the onset of a shear cone 
failure surrounding the column longitudinal bars at increased ductility levels. Although some 
shear cracks occurred in the joint, the CFRP sheets successfully prevented the cracks from 
further developing. Therefore, the retrofit technique was successful in preventing the 
complete joint shear failure. 

4. An interlocked nail joint failed in steel bearing, a desirable ductile failure mode, if the gap 
between the two ends of a steel sheet connected with two rows of 25 mm (1 in.) long nails 
was wider than 12.7 mm (0.5 in). The interlocked joint and a thin steel sheet were used to 
strengthen the column of one specimen for shear capacity, and, together with a few steel 
rings in the plastic hinge region, for ductility enhancement. No indication of shear failure was 
observed throughout testing. Although the steel plates in the joint area can slow down the 
widening of joint shear cracks, the ultimate failure mode of the column/bent cap was loss of 
anchorage of the column longitudinal bars in the bent cap. Similar to the repaired specimen 
with CFRP wrapping, it is unlikely that anchorage failure of the column longitudinal bars can 
be prevented unless a “clamped” force is exerted on the joint, regardless of a retrofitted or 
repaired column/bent cap joint. 

5. A lap-spliced nail joint of two steel sheets likely failed in pullout of the nails, an undesirable 
brittle failure mode, unless the number of rows of nails were five or more. The column 
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strengthened with a thin sheet connected with a lap-spliced, 5-rowed nail joint was adequate. 
The ultimate failure mode of the specimen strengthened with a lap-spliced joint was fracture 
of the column longitudinal bars in the bent cap. This failure mode indicated that the steel 
plate retrofit technique with prestressing of the bent cap can effectively prevent joint shear 
failure, thereby allowing a column flexural failure to occur after displacement ductility of 12. 
This effectiveness was mainly attributable to the external post-stress bars applied along the 
axis of the bent cap. It was also observed that the stiffness degradation during three 
consecutive cycles at a ductility level of 8 or less was minimal and the loading capacity of 
the test unit did not decrease until displacement ductility of 8. 

6. Initial loss in capacity of the column of the Alaska specimen was attributed to crushing of the 
column cover concrete. This loss was accentuated by significant crushing of the concrete 
core in the gap region, exposing and increasing the unbraced length of the extreme column 
longitudinal reinforcement. This event accentuated the low cycle fatigue and subsequent 
fracture of the column longitudinal reinforcement. Further degradation of the column 
capacity was mainly due to pullout failure of the column longitudinal reinforcement due to 
excessive dilation in the transverse direction of the joint. 
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CHAPTER 7. EARTHQUAKE LOSS ESTIMATION OF ST. LOUIS 
TRANSPORTATION HIGHWAY SYSTEM  

 
 
Several transportation loss estimation methods are available in the literature. Their application 
has been limited to the highway transportation systems in metropolitan areas such as Memphis 
and Los Angeles. The main purpose of this chapter is to select and apply a loss estimation 
methodology to the existing highway transportation systems of the St. Louis metropolitan area in 
the event of earthquakes from the New Madrid Seismic Zone (NMSZ) or from faults in the 
vicinity of St. Louis City. 
  
STUDY AREA AND LOSS ESTIMATION METHODOLOGY 
 
The study area encompasses counties in the metropolitan St. Louis urban region, which includes 
the two neighboring states of Missouri and Illinois. The counties included in Missouri are St. 
Louis, St. Charles, Franklin, and Jefferson plus the independent city of St. Louis. In Illinois they 
are Madison, St. Clair and Monroe counties. All or part of the 99 USGS 7.5’ quadrangle sheets 
(1:24,000 scale) cover the extent of the study area, as shown in Figure 7.1. Relevant data were 
collected for the study area using the following thematic data sets: seismology, geology, 
geohazards, surficial soils, state highway routes, and bridge inventory (based on the National 
Bridge Inventory [NBI]). 
 

 
Figure 7.1 Map of St. Louis metropolitan region showing the study area. 
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The assessment of economic losses after an earthquake event requires a series of steps before a 
dollar amount can be estimated. The sequence of steps requires defining the earthquake source, 
the attenuation to the site of interest, the distribution of local soils, the peak ground acceleration 
at the site, the structure (bridge) in question, and an assessment of the structure damage. Then, 
based on economic analysis, the direct and indirect losses are estimated. If indirect losses as a 
result of damage of the highway system are estimated, there is a need to assess the performance 
of the network and its impact on the economy. 
 
Evaluating the economic loss of the highway transportation system in a metropolitan area is a 
significant and important task that can be used by decision makers to assign resources in 
accordance to the estimated economic risk. An important initial step was to select a methodology 
for loss estimation. For this purpose, a literature review was conducted and the available 
methodologies were evaluated. One of the key publications used in the literature review was the 
Federal Emergency Management Agency (FEMA) Report No. 249 entitled “Assessment of the 
State-of-the-Art Earthquake Loss Estimation Methodologies.” In the past ten years, three major 
efforts were identified and considered for use in this project. They are summarized in the bullet 
sections: 

• Federal Highway Administration (FHWA) methodologies developed for other urban 
areas were published in a MCEER report. The methodology was well documented in this 
report and used for a city in the Midwest, Memphis, Tennessee. It incorporated the 
elements of direct loss estimation in a traditional approach, but it also incorporated a 
highway transportation model to estimate the indirect losses due to the damaged network. 
Approximately five years were devoted to the development of the methodology which 
culminated in the implementation of the Memphis study. This project was originally 
directed to demonstrate the use of these methodologies in another metropolitan area. 
However, the software developed to implement the methodology, REDARS (Werner et 
al., 2000), was not available for distribution at the time of the current study. 

• FEMA has developed loss estimation methodology HAZUS-MH (2003 a, b) tools such as 
HAZUS. This tool can be used by local, state, and federal government officials and other 
agencies for earthquake-related mitigation, emergency preparedness, response and 
recovery planning, and disaster response operations. The earthquake hazard module was 
developed first and has been used and refined the most. Flood and hurricane hazard 
modules are now also available in HAZUS-MH. The FEMA and the National Institute of 
Building Systems (NIBS) joined forces in the early 1990s to develop this computer based 
system. This public domain software has limited capabilities to estimate the indirect 
losses as a result of highway transportation system damage. 

• Mid America Earthquake (MAE) Center methodologies have also been developed. These 
methodologies have focused on the regional infrastructure networks including several 
lifelines. These researchers focused on a probabilistic method, which also includes 
uncertainty analysis. For this project, inquires were made to the MAE Center about the 
availability of tools for use in this study and none were available at the time. 

 
The selection of the methodology for use in this project was finalized in the middle of the first 
quarter of the research project. Since these methodologies are recent and are in different stages of 
development, the decision was made to use HAZUS-MH, primarily based on availability. The 
framework was adapted from the one presented in the previously mentioned Memphis study 
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(Werner et al., 2000) but using tools that produced similar results. The methodology to estimate 
direct losses is the one presented in HAZUS-MH. However, for the indirect losses, a 
transportation planning software modified to take into account the different earthquake scenarios 
was used to estimate the time delays and travel distance. An economic analysis study was also 
developed to quantify the economic losses due to the decreased performance of the network as a 
result of bridge damage. To describe the general process, the methodology used is shown as a 
schematic flowchart in Figure 7.2. 
 

 

HAZUS–MH – PESH 

Site Class Map 

Liquefaction Map 

Indirect Loss EstimateDirect Loss Estimate 

Bridge Input Data 

Bridge Damage Output

Earthquake Scenarios

Indirect Loss Input 

Transportation Model 
HAZUS - MH

 
Figure 7.2 Flowchart schematic of the methodology used. 

 
The process followed starts by defining the earthquake scenarios based on the published data for 
the Midwest Region, which primarily relies on geologic evidence of large ground motions. This 
deterministic approach was agreed to be suitable to demonstrate the loss estimation 
methodology. The earthquake parameters, site class, and liquefaction data layers served as input 
to HAZUS-MH (Potential Earth Science Hazard [PESH] model). Bridge inventories were 
studied and modified for the St. Louis network based on specific data collected during the study. 
Once the data were updated, the impact of the damaged bridges was introduced into a 
transportation model to evaluate the loss in transportation performance or traffic flow following 
the earthquake damage. The approach and details on each of these steps are presented in the 
subsequent sections of this chapter.  
 
HAZUS-MH – DESCRIPTION OF ITS USE IN THIS STUDY 
 
The Hazards United States – Multi Hazard (HAZUS-MH) software was developed by FEMA 
under a contract with the National Institute of Building Sciences (NIBS) and their contractors. 
The software version used runs on a Geographic Information System (GIS) platform using 
ArcGIS (ArcView 8.3). The HAZUS-MH software development has a regular process of 
maintenance, upgrading, refining, and technical support. The initial development and releases, 
HAZUS 97 and HAZUS 99, provided loss estimation analyses for earthquake hazards only. The 
January 2004 Version 1.0 of HAZUS-MH provides loss estimation for three hazards: earthquake, 
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flood, and hurricane. Only the earthquake hazard portion of the software was used for this 
project and will be discussed further. 
 
The HAZUS-MH loss estimation software comes with methods for earthquake ground motion 
computations built-in using national bedrock characteristics and default soils data. Some 
parameters of the ground motion computation may be selected, such as a choice of attenuations 
functions, or refined by user supplied data, such as soil amplification mapping. Appropriate 
choices for the provision of these parameters allow the processing of refined loss estimations 
with more realistic results. 
 
HAZUS-MH can be run at three different levels of sophistication. At Level 1, all data used for 
the analyses are provided by national databases included with the software. This gives crude 
results as the national databases tend to be limited in scope and detail. For this project, the 
critical databases for bridges and soils were especially limited. As an example, the soils database 
map has the entire nation mapped as a single soil class and therefore does not consider important 
variations in earthquake soil amplification during ground motion evaluation. At Level 2, the 
national data may be modified with local data for more site-specific results. The analyses for this 
study were done at Level 2 by incorporation of a more refined bridge database and more detailed 
regional soils mapping. At Level 3, through third party model integration capability, users may 
supply their own techniques to study special conditions. The Level 3 analyses were not included 
in this study, but a similar process was used by taking the Level 2 results and applying them to a 
separate transportation model. Those results were then applied to an economic loss model. 
 
The earthquake analyses in HAZUS-MH allow the user to select the earthquake scenario to be 
used, including the choice of either deterministic or probabilistic ground motion analysis. This 
study used the deterministic ground motion analysis based on earthquake scenarios developed. 
The user must also select an attenuation function. Six attenuation functions for the Central and 
Eastern United States (CEUS) are included in the software. This study used the Project 2000 East 
attenuation function that is an average of the other five. This is similar to the attenuation function 
average for the CEUS used by the U.S. Geological Survey (USGS) to produce the 2002 National 
Seismic Hazard Maps for earthquakes. However, the weighting factors given to the five 
attenuation functions have been slightly modified in the Project 2000 East. The standard 
HAZUS-MH software computes attenuation functions to a distance of only 200 km (125 miles) 
from the scenario earthquake epicenter. Therefore, the HAZUS SQL database attenuation table 
had to be modified to include distances that extended beyond 200 km (125 miles) from the 
epicenter of the earthquake scenarios.  
     
HAZUS-MH evaluates only high frequency, near field, and ground motion. However, economic 
losses in the St. Louis metropolitan area from the moderately distant New Madrid Seismic Zone 
(NMSZ), the best known regional source zone, are likely to be from low frequency, long wave 
length, far field, and ground motion. Therefore, HAZUS-MH is likely to underestimate losses in 
the St. Louis area generated by a NMSZ earthquake scenario or other scenarios with distant 
earthquake sources. Because of the low attenuation in the CEUS, distant earthquake sources are 
an important consideration for the St. Louis study area. For example, light structural damage and 
injuries were incurred in St. Louis by the November 9, 1968, magnitude 5.5 southeastern Illinois 
earthquake approximately 180 km (110 miles) southeast of St. Louis (Gordon et al., 2004).  
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HAZUS-MH uses 2002 U.S. dollars as the basis for its economic loss estimates. Physical 
damage state and percent functionality of transportation networks are estimated by HAZUS-MH. 
The physical damage state (none, slight, moderate, extensive, or complete) and the associated 
costs describe only the repair and replacement costs for the damaged structures. However, the 
percent functionality (at day 0, day 1, day 3, day 7, day 30, and day 90) allows the estimation of 
increased travel times due to bottlenecks and, with third party economics models, the associated 
increased indirect travel time costs. For earthquakes distant from St. Louis, the indirect costs 
associated with the functionality of the transportation network can be much more significant than 
repairing the actual physical damage. 
 
More detailed soils data maps were developed to refine the loss estimation beyond that produced 
by the HAZUS-MH supplied default soils data of all areas as being soil Class D. Also developed 
for this project to further refine the analyses were maps delineating areas of soil liquefaction and 
lateral spreading. 
   
TRANSPORTATION HIGHWAY MODEL 
 
The approach to urban travel demand modeling commonly employed by the transportation 
planning profession is embodied in a type of model generally known as urban transportation 
modeling system (UTMS). This model is used to predict the number of trips made within an 
urban area by type (work, non-work), time of day (peak period, daily), zonal origin-destination 
(o-d) pair, the mode of work, and the routes taken through the transportation network. The final 
product of UTMS is a predicted set of modal flows on links in a network. This model, therefore, 
represents an “equilibrium” procedure in which the demand on the transportation system network 
is based on the network’s performance characteristics. The major inputs to UTMS are a 
specification of the activity system generating these flows and the characteristics of the 
transportation system that will serve these flows. 

 
The urban transportation planning system consists of four major stages; hence, it is often referred 
to as the four-stage or four-step model. The four stages of UTMS thus correspond to a sequential 
decision process in which people decide to make a trip (generation), decide where to go 
(distribution), decide what mode to take (modal split), and decide what route to use (assignment). 
Though UTMS remains the standard modeling tool for the vast majority of metropolitan areas 
around the world, a wide variety of software packages are commercially available to support 
UTMS-based modeling. Some of the more commonly used in North America include: EMME/2, 
MINUTP, TRANPLAN, and TRANSCAD. MINUTP is used by East-West Gateway 
Coordinating Council (EWG) in St. Louis. It consists of a library of programs that, given the user 
prepared link data, zone data, and friction factor data sets, provide the capability to perform the 
usual functions of traditional transportation planning in regard to trip generation, distribution, 
and network assignment. For this project, all input data for 2004 were available from EWG. The 
modified transportation network file simulating the network following the earthquake events was 
prepared by project investigators for each scenario. 
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EARTHQUAKE SCENARIOS STUDIES 
 
The selection of appropriate earthquake scenarios is a prerequisite to conducting a loss 
estimation study. A review of deterministic, historic and prehistoric, and probabilistic earthquake 
scenarios was performed to identify a series of scenarios that were geographically appropriate for 
the St. Louis study area and that could have structural implications to the critical transportation 
infrastructure. These scenarios were documented and then, based on bracketing the range of 
potential losses and the likelihood of the earthquake scenario occurring, a representative subset 
was selected for detailed loss estimation. 
 
Description of Earthquake Scenarios 
 
The earthquake scenarios initially used were studied for the far field condition in light of the 
recently revised and released USGS National Seismic Hazard Maps (March 6, 2002) which 
became the National Earthquake Hazard Reduction Program (NEHRP) proposed revisions. Most 
of the changes identified in these new maps had relatively short periods (approximately T = 0.2) 
therefore affecting structures of similar periods. Bridges that have longer periods (near T = 1.0) 
are not affected as much as structures with shorter periods. A credible earthquake listed as a 
HAZUS-MH option was utilized for an initial baseline computer run.  

The earthquake scenarios were refined to take into account several new references that were not 
available earlier. Table 7.1 and the corresponding map (Figure 7.3) list six earthquake scenarios 
that were considered for the St. Louis area. The table includes the scenario’s name and the 
earthquake source zone, location, distance from St. Louis, and magnitude, as well as information 
on why the scenario was chosen. In addition, specific fault parameters for each scenario source 
have been estimated but are not presented herein. 
 

Table 7.1 Earthquake scenarios for the area of study – Missouri and Illinois. 
Name of 
EQ Source 
Zone 

Source Zone 
Fault or 
Structure 

Lat. of 
source 
(d.d.) 

Long. of 
source 
(d.d.) 

Distance 
from St. 

Louis (miles) 

EQ 
Magnitude 

Evidence 
features for 
EQ source 

Most 
recent 
EQ. 

Arnold, 
Missouri 

Unknown  
38.44 

 
-90.4 

 
18 

 
5.2 

Paleo-
liquefaction  

 
< 2750 

Germantown 
Illinois 

Unknown  
38.56 

 
-89.5 

 
38 

 
7 

Paleo-
liquefaction  

 
< 3,990 

Centralia, 
Illinois 

Unknown   
38.57 

 
-89.17 

 
56 

 
7.5 

Paleo-
liquefaction  

 
< 3,990 

Vincennes, 
Indiana 

Wabash Valley 
fault zone 

 
38.7 

 
-87.51 

 
146 

 
7.5 

Paleo-
liquefaction  

 
6,100 

New 
Madrid, 
Missouri 

New Madrid 
Seismic Zone 

 
36.55 

 
-89.54 

 
148 

 
7.7 

Historic 
earthquakes 
and paleo-
liquefaction  

 
93 

St. Louis, 
Missouri 

USGS inboard 
“craton” 
background 
zone 

 
38.63 

 
-90.2 

 
0 

 
7 

None  
Unknown 
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Figure 7.3 Earthquake scenario sources for area of study – Missouri and Illinois. 

 
Scenario 1: Arnold, Missouri (38.44N, 90.40W), Magnitude 5.2 
 
A moderate magnitude earthquake scenario with an epicenter located near Arnold, Missouri, is 
based on multiple seismic paleoliquefaction features recently documented in the banks of the 
Meramec River (Tuttle et al., 1999; Tuttle, 2001). In this area the Meramec River is the boundary 
between St. Louis County to the north and Jefferson County to the south and the stream is within 
a few miles of its mouth at the Mississippi River. The fault that generated the earthquake causing 
the liquefaction is unknown. None of the known local faults or geologic structures, such as the 
St. Louis fault or the Valmeyer and Waterloo-Dupo anticlines, is documented as active. The 
epicenter location is the location of the largest paleoliquefaction feature in the vicinity of a 203-
254 mm (8–10 in.) wide sand and gravel dike through silt and silty clay stratum. Based on 
available radiocarbon dating, the age of the liquefaction dike can only be constrained as less than 
2,750 years before present (BP) or approximately 750 B.C (Tuttle, 2001). However, the dike 
does not extend to the ground surface through the most modern sediments so it may be 
reasonable to assume that liquefaction did not occur during historic times. The site is 
approximately 29 km (18 miles) south-southwest of the Arch in downtown St. Louis. Tuttle et al. 
(1999) estimated that a magnitude 5.2 earthquake at this location would be needed to cause 
liquefaction. This earthquake scenario, although moderate in magnitude, was considered because 
of its extreme proximity to St. Louis and its relatively well documented features. 
 
Scenario 2: Germantown, Illinois (38.56N, 89.50W), Magnitude 7.0 
 
A large magnitude earthquake scenario with an epicenter located near Germantown, Illinois, in 
western Clinton County is based on a cluster of seismic paleoliquefaction features in the banks of 
the Kaskaskia River and its tributaries, Shoal Creek, Mud Creek, and Silver Creek, recently 
documented by Tuttle et al. (1999). The fault that generated the earthquake causing the 
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liquefaction is unknown. Because the paleoliquefaction feature with the largest dike width, 1.55 
m (61 in.) wide, is near Germantown, that location was selected by Tuttle et al. (1999) as the 
possible location for the epicenter of the earthquake that caused this cluster of paleoliquefaction 
features, even though it is near the eastern end of the cluster. Based on cross-cutting stratigraphic 
relationships and radiocarbon dating, two episodes of liquefaction are suggested: an older and 
more extensive one being less than 6,830 years BP (4,830 B.C.), and a younger and less 
extensive one being less than 3,990 years BP (1,990 B.C.). The epicenter location is 
approximately 60 km (38 miles) east of the Arch in downtown St. Louis. Tuttle et al. (1999) 
estimated that a magnitude 7.0 earthquake at this location would be needed to cause all the 
liquefaction features identified along the Kaskaskia River, its tributaries, and the lower Meramec 
River. This earthquake scenario was considered because of its high magnitude and close 
proximity to St. Louis, in addition to its relatively well documented features. 
 
Scenario 3: Centralia, Illinois (37.57N, 89.17W), Magnitude 7.5 
 
A large magnitude earthquake scenario with an epicenter located near Centralia, Illinois, in 
southwestern Marion County is based on a cluster of seismic paleoliquefaction features in the 
banks of the Kaskaskia River and its tributaries, Shoal Creek, Mud Creek, and Silver Creek, 
recently documented by Tuttle et al. (1999). The fault that generated the earthquake causing the 
liquefaction is unknown. Tuttle et al. (1999) assumed a causative earthquake associated with the 
nearest known significant geologic structure, the Centralia fault-Du Quoin monocline. The 
Centralia fault-Du Quoin monocline is not currently known to be an active structure, but it has 
also not been investigated in detail. Within the cluster of paleoliquefaction features, the feature 
with the largest dike width, 1.55 m (61 in.) wide, is near the eastern end of the cluster and 
approximately 29 km (18 miles) west of the Centralia fault-Du Quoin monocline. Based on 
cross-cutting stratigraphic relationships and radiocarbon dating, two episodes of liquefaction are 
suggested: an older and more extensive one being less than 6,830 years BP (4,830 B.C.), and a 
younger and less extensive one being less than 3,990 years BP (1,990 B.C.). The proposed 
epicenter location is approximately 90 km (56 miles) east of the Arch in downtown St. Louis. 
Tuttle et al. (1999) estimated that a magnitude 7.5 earthquake at this location would be needed to 
cause all the liquefaction features identified along the Kaskaskia River, its tributaries, and the 
lower Meramec River. This earthquake scenario was considered because of its large magnitude, 
relatively close proximity to St. Louis, plus its relatively well documented features. 
 
Scenario 4: Vincennes, Indiana (38.70N, 87.51W), Magnitude 7.5 
 
A large magnitude earthquake scenario with an epicenter located near Vincennes, Indiana, is 
based on a cluster of seismic paleoliquefaction features in the banks of the Wabash River and its 
tributaries, the White River and the East Fork, recently documented by Munson and Munson 
(1996), and Crone and Wheeler (2000). The fault that generated the earthquake causing the 
liquefaction is unknown. Munson and Munson (1996) estimated the magnitude of the causative 
earthquake and the location of the epicenter based on the liquefaction dike’s age, width, distance, 
and aerial distribution. Within a cluster of similar age paleoliquefaction features, the features 
nearest the center of the cluster and with the largest dike widths are considered to have formed 
near the epicenter. Based on cross-cutting stratigraphic relationships, radiocarbon dating and 
archeological cultural feature dating, at least seven episodes of liquefaction are recognized. The 
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highest magnitude earthquake had an epicenter near Vincennes and is dated to have occurred at 
approximately 6,100 years BP (4,100 B.C.). The epicenter location is about 146 miles east of the 
Arch in downtown St. Louis. Munson and Munson (1996) estimated that a magnitude 7.5 
earthquake at this location would be needed to cause all the liquefaction features identified along 
the Wabash River and its tributaries. This earthquake scenario was considered because of its 
large magnitude and proximity to St. Louis, plus its relatively well documented features. 
 
Scenario 5: New Madrid, Missouri (36.55N, 89.54W), Magnitude 7.7 
 
A large magnitude earthquake scenario with an epicenter located near New Madrid, Missouri, is 
based on the widely recognized New Madrid Seismic Zone (NMSZ) and its known historical 
seismicity. The major faults that generate earthquakes in the NMSZ are generally known from 
seismological data but are not observable at the ground surface because of extensive, thick soft 
sediments in the epicenter region that do not exhibit brittle failure. Vast liquefaction fields do, 
however, provide surface evidence of repeated, large earthquake series with multiple events. The 
magnitude of the causative earthquakes and the locations of their epicenters have been estimated 
based on liquefaction feature’s age, width, distance, and aerial distribution. Within a cluster of 
similar age liquefaction or paleoliquefaction features, the features nearest the center of the cluster 
and with the largest dike widths are considered to have formed near the epicenter. Based on 
cross-cutting stratigraphic relationships, radiocarbon dating and archeological cultural feature 
dating, at least three episodes of liquefaction caused by large earthquakes are recognized and 
believed to have occurred at approximately 193 years BP (historic, 1811–1812 A.D.), 550 years 
BP (1,450 A.D.), and 1,100 years BP (900 A.D.). These large earthquakes are estimated to have 
had moment magnitudes ranging from seven to eight or higher. Following the methods used by 
the USGS, a magnitude 7.7 was selected as the scenario earthquake. The epicenter was chosen to 
be at New Madrid, Missouri, approximately 148 miles south of the Arch in downtown St. Louis. 
This earthquake scenario was considered because of its historic evidence, large magnitude and 
relative proximity to St. Louis, in addition to its well documented features. 
 
Scenario 6: St. Louis, Missouri (38.63N, 90.20W), Magnitude 7.0 
 
A large magnitude earthquake scenario with an epicenter located at St. Louis, Missouri, is based 
on the work of the USGS in developing the National Seismic Hazard Maps. During USGS 
meetings with the seismological and geological sciences research communities and with the 
engineering and other applied sciences communities, a consensus was developed that a low 
probability worst case scenario earthquake should be considered a possibility anywhere within 
the United States inboard craton zone (Midwest, ranging between the Appalachian Mountains 
and the Rocky Mountains). An earthquake of magnitude 7.0 was the consensus earthquake 
scenario selected. There is no fault, nor any historic or prehistoric earthquake activity associated 
with this earthquake scenario and the epicenter location can be anywhere in the region. The 
scenario earthquake epicenter for this study was chosen to be 0 miles from the Arch in 
downtown St. Louis, Missouri. This earthquake scenario was considered because it represents a 
low probability, worst case event and therefore would provide a bounding limit to the range of 
possible earthquake loss estimates. 
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Selection of Earthquake Scenarios Studied 
 
From the six earthquake scenarios identified, three were selected for actual study. Time and 
funding limitations did not permit all six scenarios to be studied. The philosophy adopted for the 
selection process was to bracket the range of earthquake losses expected by selecting scenarios 
that represented high, moderate, and low probability events for damage in the St. Louis study 
area. Scenario 5, New Madrid, Missouri, MW 7.7 was chosen because of its historic significance 
and distance from St. Louis. It represents the high probability but low consequence end of the 
loss range. Scenario 6, St. Louis, Missouri, MW 7.0 was chosen to represent a low probability 
event at the high end of the loss range. It represents a high consequence event due to its location 
in downtown St. Louis. Scenario 2, Germantown, Illinois, MW 7.0 was chosen to represent a 
moderate probability event with a moderately high consequence because of its large magnitude 
and close proximity to St. Louis.  
 
Regional Surficial Soils 
 
Description of Soil Layers 
 
The St. Louis study area straddles a major physiographic boundary near the Mississippi and 
Missouri rivers. The Central Lowland province to the east of the Mississippi River in Illinois and 
north of the Missouri River in Missouri has been glaciated. Much of St. Louis County and the 
city of St. Louis are also part of the Central Lowland province although only a small portion of 
them have been glaciated. The area west of the Mississippi River and south of the Missouri 
River, except as noted above, has not been glaciated and is in the Ozark Plateau province. The 
study area lies on the northeast flank of the Ozark Dome, which is structurally centered in the St. 
Francois Mountains in Missouri. To the east of the Ozark Dome is the Illinois Basin in Illinois. 
Bedrock dips northeastward and eastward across the study area from the Ozark Dome to the 
Illinois Basin.  
 
The topography of the study area varies from extremely flat to very rugged. The Central 
Lowland area is flat to slightly rolling with less than 30 m (100 ft) of local topographic relief, 
except near major drainages. The Ozark Plateau is fairly rugged to quite rugged, although local 
topographic relief in the area may only be a couple to several hundred feet.  
 
The glaciated areas are typically leveled to slightly rolling except where dissected by erosion 
near major river valleys. The glacial deposits consist of till, outwash, and loess. The till is located 
on the uplands and is typically a mixture of clay, silt and sand, and may contain gravel and 
boulders. The till ranges in thickness from a few feet to several tens of feet. The major valleys of 
the Mississippi and Missouri rivers plus their major tributaries had been excavated to a 
significant depth during the ice ages when stream base level was much lower. These valleys have 
subsequently been backfilled with glacial outwash alluvium. The alluvium is typically sand 
which has a thickness of approximately 30 m (100 ft). The bluffs adjacent to the major rivers are 
capped with windblown loess. The loess is typically silt, clayey silt, silty clay, or sometimes 
clay. Thickness varies dramatically from very thick (several to many tens of feet) immediately at 
the valley bluff line and grading very rapidly to less than 3 m (10 ft) at locations remote from the 
bluff line. 
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Bedrock beneath the study area also changes markedly near the Mississippi River. West of the 
Mississippi River the bedrock is older Mississippian and Ordovician age, a very hard rock 
consisting mostly of thick limestone and dolomite with some sandstone and thin shale. These 
rocks weather to form thin residual soils composed of reddish, stiff rocky clay and clay. Typical 
thicknesses of residual soils are from 3 to 9 m (10 to 30 ft). Loess thinly caps the residual soils at 
most locations except at the valley bluffs where it may be quite thick. An area of thin 
Pennsylvanian age bedrock exists in the northern portion of St. Louis County and in the city of 
St. Louis. This rock is similar to the rocks eastward in Illinois. 
 
East of the Mississippi River the bedrock is younger Pennsylvanian age bedrock consisting 
typically of cyclic sequences of thin alternating layers of shale, sandstone, limestone, coal, and 
clay. This bedrock is not as hard as the older Mississippian and Ordovician rocks that dip 
northeastward or eastward into the Illinois Basin beneath the Pennsylvanian bedrock. The 
Pennsylvanian rocks weather to form thin residual soils composed of clay, sand, or silt. These 
residual soils are typically buried beneath glacial till and loess. The total thickness of the soils is 
commonly many tens of feet. 
 
Spatial Distribution of Soil Layers 
 
The geohazard data in the form of hazard maps (liquefaction, landslides, and ground rupture 
[collapse]) were collected from Missouri and Illinois sources. Existing state geological survey 
surficial materials or soils mapping data for the study area were collected. NEHRP soil site class 
(soil amplification) mapping data based on the average shear wave velocity to a depth of 30 m 
(100 ft) were available in GIS shapefile format at a scale of 1:250,000 for the entire study area in 
Missouri and Illinois (see Figure 7.1). The ArcView shapefile map format can be used directly 
by the HAZUS-MH loss estimation software. These soil amplification maps were revised to 
show just the five site soil classes used by the HAZUS-MH analyses (NEHRP soil classes A, B, 
C, D, and E). The data in soil site Class F are also mapped and represent soil failure due to 
liquefaction. A separate liquefaction potential map for the Missouri and Illinois study areas was 
prepared for use in a GIS environment. A lateral spreading potential map for the Missouri and 
Illinois study areas was also prepared for use in a GIS environment. However, these lateral 
spreading areas are too small to be seen at a map scale suitable for page size presentation and are 
therefore not included here. Copies of the soil amplification and liquefaction potential maps are 
shown in Figures 7.4 and 7.5, respectively. 

In general the Central Lowland glacial soils have more severe soil amplification characteristics 
than the Ozark Plateau residual soils, as can be seen in Figure 7.4. In the upland settings, the 
glacial soils are either Class C, low amplification, or Class D, moderate amplification. The 
lowland glacial outwash alluvial soils of the major river valleys are Class E, high amplification. 
The Ozark Plateau residual soils tend to have less severe soil amplification because, in general, 
they are stiff and not very thick. The majority of the Ozark Plateau in the study area is Class B, 
very low amplification. The small areas of classes C and D soils in the Ozark Plateau are a result 
of thicker soils and differing bedrock parent material. As a consequence of the soil amplification 
characteristics, transportation loss estimates should be expected to be higher in the Central 
Lowland area than in the Ozark Plateau area. The most severe amplification conditions are in the 
major alluvial valleys. These alluvial valley areas must be crossed by major transportation 
infrastructure and are often favored for location of these facilities as they are a less costly route 
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for initial construction. However, these facilities, including costly major river bridges and related 
structures, are more vulnerable to shaking from earthquake ground motions. 

 

 
Figure 7.4 Soil amplification map for the St. Louis area of study. 

 

 
Figure 7.5 Soil liquefaction map for the St. Louis area of study. 
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TRANSPORTATION NETWORK INVENTORY 
 
The region selected for the study included several prominent counties in the St. Louis area 
including St. Louis City, St. Louis County, St. Charles County, Franklin County, and Jefferson 
County in Missouri. In Illinois it included the counties of Madison, Monroe, and St. Clair. The 
transportation network for the study region consists of several major roadways and bridge 
structures. Major roadways in the area include interstate highways 70, 170, 270, 44, 55, and 64, 
and state highway 67. These roadways are well traveled and connect the study area with the 
surrounding counties for commerce, commuter workforce, entertainment, and utility trips. The 
HAZUS-MH program utilizes major road segments in its GIS spatial data, which is based on the 
year 2000 version of the TIGER/Line files produced by the U.S. Census Bureau.  
 
The focus of this part of the report is on the bridge inventory, which HAZUS-MH incorporates 
into the hazard analysis based on key data from the National Bridge Inventory (NBI) produced 
by the FHWA, Office of Bridge Technology. Major infrastructures in the study area include the 
following river crossing bridges, shown in Table 7.2.  
 

Table 7.2 Major Missouri and Mississippi rivers bridges. 

Structure County Feature Intersected 
Facility 
Carried Year Built 1999 ADT 

Structure 
Length 

(Item 8) (Item 3) (Item 6a) (Item 7) (Item 27) (Item 29,30) (Item 49, m) 
A40171    2 St. Charles MISSOURI RVR US 40 (E) 1991 39969 796.7 
A5585      4 St. Charles MISSOURI RVR MO 364 1999 72400 986.9 
A4557      2 St. Charles MISSOURI RVR MO 370 (N) 1992 9532 1053.1 
A4557      3 St. Charles MISSOURI RVR MO 370 (S) 1993 9532 1053.1 
J10004     3 St. Charles MISSOURI RVR US 40 (W) 1935 39463 796.7 
A3047      4 St. Charles MISSOURI RVR US 67 1979 32567 848.3 
A4278      4 St. Charles MISSISSIPPI RVR US 67 1994 28565 1408.2 
A3292R    2 St. Louis MISSOURI RVR IS 70 (E) 1978 143463 1155.8 
L05617     3 St. Louis MISSOURI RVR IS 70 (W) 1958 87752 1244.5 
A1850      3 St. Louis MISSISSIPPI RVR IS 255 (W) 1985 28859 1220.1 
A4936      2 St. Louis MISSISSIPPI RVR IS 255 1990 26393 1220.1 
A 890       4 St. Louis City MISSISSIPPI RVR IS 270 1964 52299 824.8 
A4856      1 St. Louis City MISSISSIPPI RVR MO 770 1900 41076 1222.2 
A1500R3  4 St. Louis City MISSISSIPPI RVR IS 70 1963 149848 659.9 
K09691    1 Franklin MISSOURI RVR MO 47 1934 8811 780.9 
(source:  2001 NBI by FHWA) 
 
The bridges crossing the Missouri and Mississippi rivers are of great importance because of the 
pinch-point or funnel effect that is introduced in the transportation network at these specific 
locations where redundancy is not present in the network. Because of the many important 
roadways in the area, there are a plethora of smaller bridges in the region that carry a significant 
traffic load every day. These bridges may seem insignificant to travelers, yet they are well 
traveled and abundant and, therefore, can greatly affect traffic in the region if several were to be 
damaged during an earthquake event. 
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The transportation network provided for use in the MINUTP-Cube analysis at East-West 
Gateway (EWG) is an idealized road network for the region of study containing 13,529 links. 
The segments represent paths which traffic can flow through to get from one point to another in 
the study region. The paths, however, are not spatially accurate as far as longitude and latitude 
are concerned. The St. Louis regional travel demand model covers the entire eight-county 
metropolitan area. The travel demand model includes most of the more important roads and 
highways in the modeled highway network. The model network covers all of the interstates, 
freeways, expressways and other principal arterials in the region. Several issues come up in the 
transition from HAZUS-MH output of bridges damaged to EWG input on the idealized 
transportation network for analysis of travel impacts due to an earthquake event. These issues 
will be addressed in the following section along with a brief overview of the bridge data 
available in HAZUS-MH. 
 
Description of Bridge Data in HAZUS-MH 
 
HAZUS-MH Release 28-D incorporates 2,645 bridges and 771 road segments into its database 
for the region of study selected for this project. The information used by the HAZUS-MH 
Earthquake Module for each bridge is based on NBI and is summarized in Table 7.3. 
 

Table 7.3 HAZUS-MH bridge inventory items used for analysis. 
(Adapted from FEMA Metadata for HAZUS-MH Release 28-D.) 

Item Name Description 
Highway Bridge Id HAZUS-MH Internal ID 
Bridge Class Analysis Class 
Tract Census Tract 
Name Bridge Name 
Owner Bridge Owner 
Bridge Type Structure Type  
Width Bridge Width (m) 
Number of Spans Number of Spans 
Length Total Bridge Length (m) 
Max Span Length Maximum Span Length (m) 
Skew Angle Skew Angle (degrees) 
Seat Length Seat Length (m) 
Seat Width Seat Width (m) 
Year Built Year Bridge Was Built 
Year Remodeled Year Bridge Remodeled 
Pier Type Pier Type  
Foundation Type Foundation Type 
Scour Index Scour Index 
Traffic Daily Traffic (cars/day) 
Traffic Index Traffic Index 
Condition General Condition Rating  
Cost Replacement Cost (thous. $) 
Latitude Latitude of Bridge 
Longitude Longitude of Bridge 
Comment Misc. Comments 
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The values tabulated in the program for the individual bridges affect many aspects of the damage 
calculations for that structure. The classification assigned to the bridge is a core element and is 
based on several factors, including the seismic design, number of spans, structure material, pier 
type, abutment type, bearing type, and span continuity of the bridge structure. HAZUS-MH 
defines 28 basic bridge classes and uses additional factors to account for specific bridge 
attributes in the damage algorithms. HAZUS allows the bridge data to be updated as needed 
through the replacement of database files. The current bridge data used in the program is from 
the 2001 NBI database. The bridge characteristics, along with the PESH model inputs, allow the 
bridge damage, cost to repair, expected functionality at certain times following an earthquake 
event, and the indirect economic impact for the study region to be estimated. For this report, only 
the initial direct damage, functionality over time, and cost to repair the bridge structures are 
utilized for the transportation infrastructure. 
 
NBI Comparison – Selection of an Appropriate Bridge Inventory  
 
One of the critical components of this project is the bridge inventory for the study region. The 
number of bridges in the bistate region is large as a result of the convergence of the Mississippi, 
Missouri, and Meramec rivers and the large number of important highways in the area. An open 
minded approach was, therefore, selected in appropriating a bridge inventory to use for the post-
earthquake transportation network analysis. It was determined that there were several bridge 
databases for the area that had valuable information. FEMA, FHWA, MODOT and the Illinois 
Department of Transportation (IDOT all had bridge databases for the study region, as shown in 
Table 7.4. 
 

Table 7.4 Summary of bridge inventories investigated. 
Bridge Inventory Media Date Updated Inventory Items 

MoDOT GIS GIS 2001 45 
MoDOT District 6 (1) Database 1999 6 
MoDOT District 6 (2) Database 2002 6 

Illinois ISIS/SIMS GIS/Database 2003 170 
FEMA’s HAZUS-MH GIS/Database 2001 25 

FHWA’s NBI GIS/Database 2002 116 
 
The MoDOT had useful data about the bridges within District 6. The two databases available in 
spreadsheet form contained individual structure names and locations based on the intersection of 
two transportation features, such as a bridge being located at interstate highway 270 crossing 
interstate highway 44. These spreadsheets were very useful to locate the “damaged” bridges on 
the actual road network following the HAZUS-MH earthquake scenario runs. The MoDOT also 
provided GIS road and bridge layers for the state that contained basic data for the transportation 
network and allowed visual confirmation of the location of the bridge structures within the 
Missouri portion of the study region. 
 
The IDOT provided data for this project as well in GIS database form and printed maps. The 
Illinois Structure Information System (ISIS) and the associated Structural Information 
Management System (SIMS) are state run databases that were created to fulfill requirements set 
by the National Bridge Inspection Standards (NBIS) for the state of Illinois. The ISIS database 
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includes “bridge inventory and inspection data for all structures over 6 m (20 ft) face to face of 
abutments on the roads maintained by the public agencies that are open to the public” 
(http://www.dot.state.il.us/sims/sims.html, 8/04). The data within ISIS includes data categories 
from the federal NBI database, as well as other data that is state specific. The SIMS utilizes the 
ISIS database in a manner that allows counties and other agencies to access the bridge data for 
individual bridges through an MS Access® database that can be queried and searched. It also 
allows the bridges to be mapped in a GIS environment, which was convenient in this project for 
locating the damaged bridges on the road network within the Illinois portion of the study area. 
The IDOT District 8 maintenance maps were also very helpful in locating the structures on the 
road network.  
 
The NBI contains 116 bridge classification items and is continuously being updated as new 
bridges are built and others are altered throughout the United States. This database of bridges is 
based on information sent to FHWA by the individual states, and is particularly useful for the 
study area selected for this project since it contains the Missouri and Illinois bridge data in a 
format that is consistent across state boundaries. The HAZUS-MH program Earthquake Module, 
as described in the previous section, utilizes the bridge data from the 2001 NBI database that is 
important for determining seismic damage that could occur during an earthquake event. 
Therefore, the NBI contains a much richer database than that utilized by HAZUS-MH. 
 
For several reasons, the database that was ultimately selected for use in the damage analysis for 
bridge structures in the study region was the HAZUS-MH default database. First, the data 
included in the program is based on the NBI, which contains standardized categories of data over 
the bistate region selected for this study. Second, similar evaluation parameters for each category 
are utilized in the preparation of the data by each state as determined by FHWA. Third, the data 
within the NBI database has been found to be fairly accurate and reliable for use. Another reason 
the HAZUS-MH default data were used is that although new NBI data were available to replace 
the 2001 NBI database in the HAZUS-MH program, the difference between the 2001 and the 
2002 NBI data for the study region were found not to be significant enough to justify the effort 
of replacing the databases within the HAZUS-MH program. 
 
Collection of data created from multiple sources often leads to discrepancies in the databases, 
such as the ones mentioned above, due to the quality of the data collectors, lack of updating of 
data, mistakes in data entry, and differing objectives in databases design. The GIS bridge data, in 
particular, varied according to projection, latitude/longitude, and attributes. The naming 
conventions of bridge structures also varied between the different data sources, creating 
difficulties in associating one set of data attributes with another. This was the case in the process 
of verifying the bridge locations within HAZUS-MH, when the actual state structure numbers 
were not included in the attributes. This verification was achieved by utilizing HAZUS 99 data 
as a link between the HAZUS-MH bridge identification number and the state structure number in 
order to determine the point of intersection on the actual road network where the bridge was 
located. This process was tedious and often required the use of different maps in a process of 
elimination. 
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DIRECT LOSSES 
 
As previously described, the earthquake scenarios investigated in detail were the MW 7.7 New 
Madrid, the MW 7.0 Germantown, and the MW 7.0 St. Louis earthquakes. Each of the scenarios 
was run in HAZUS-MH in order to define the bridges damaged, bridge restoration over time, and 
the direct economic loss as a result of the earthquake event. A Level 2 HAZUS-MH analysis was 
run on each of these earthquake events with modifications made to the PESH model soil 
amplification and liquefaction maps (see Figures 7.4 and 7.5, respectively). Table 7.5 shows the 
input parameters used in the HAZUS-MH analysis for each of the runs. 
 

Table 7.5 Summary of the earthquake input parameters used in HAZUS-MH. 
Name Earthquake 

Scenario Latitude Longitude 
Moment 

Magnitude 
Epicenter 

Depth 
Attenuation 
Relationship 

1. St. Louis, MO 38.63 -90.2 7 10 km Project 2000 East 
2. Germantown, IL 38.56 -89.5 7 10 km Project 2000 East 
3. New Madrid, MO 36.55 -89.54 7.7 10 km Frankel (1996) 

 
Probabilities of damage and losses were calculated for each bridge in the transportation module 
in a fairly comprehensive manner. The HAZUS-MH program uses formulas to determine 
earthquake damage based on the following input parameters: (1) Earthquake Moment 
Magnitude, (2) Earthquake Epicenter Depth, (3) Earthquake Latitude/Longitude, (4) Earthquake 
Attenuation Relationship, (5) Bridge Latitude/Longitude, (6) Bridge Class, and (7) Bridge 
Specific Data (e.g., skew angle). The damage is estimated directly following an earthquake event 
and is assigned a probability of being at a range of damage states. This allows the user to choose 
a confidence level which is reasonable for the earthquake event chosen. An example of how the 
peak ground acceleration is distributed within the study area with the bridge inventory overlaid is 
shown in Figure 7.6. Notice how the soil layer amplifies the ground motion and is shown in the 
mapped distribution of PGA (Peak Ground Acceleration). 
 

 
Figure 7.6 PGA Distribution within the study area for Germantown scenario and showing the 

bridge inventory. 
 
The five damage states assigned by HAZUS-MH to damaged bridges are the following: none, 
slight, moderate, extensive, and complete. The classification of damage states, therefore, ranges 
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from the probability of a bridge incurring no damage to the probability of a bridge incurring 
complete damage (needs replacement). The probability of being at each damage state for each 
bridge is important in estimating the overall direct loss, with each damage state causing a set 
percentage of damage to occur. The damage states and best estimates of damage for each state 
are shown in Table 7.6. Based on HAZUS methodology, the best estimate damage ratio 
represents the fraction of damage that would need to be incurred to a bridge in order to be at a 
particular damage state, based on the dollar value of the bridge. 
 

Table 7.6 Bridge damage ratios for the five damage states.  

Damage State 
Best Estimate 
Damage Ratio 

None 0% 
Slight 3% 

Moderate 8% 
Extensive 25% 
Complete 100%* 

* Note that the best estimate for complete damage on bridges with 
more than two spans is equal to 2/(number of spans) 

(source:  HAZUS-MH TM, page 5.18) 
 
Definition 
 
Direct losses can be defined simply as the cost to repair a bridge back to 100% capacity after 
incurring damage as a result of an earthquake event. “Direct economic losses are computed 
based on (1) probabilities of being in a certain damage state, (2) replacement value of the 
component, and (3) damage ratios for each damage state. Economic losses are evaluated by 
multiplying the compounded damage ratio by the replacement value, where the compounded 
damage ratio is computed as the probabilistic combination of damage ratios.” (HAZUS-MH, 
2003a.)  
 
Results of Damage for Each Scenario 
 
As mentioned above, a seismic analysis was run in HAZUS-MH for the St. Louis, Germantown, 
and New Madrid scenarios. A summary of the number of bridges damaged in the scenarios for 
the study area can be seen in Tables 7.7 through 7.9. The HAZUS-MH program computes many 
more losses than the transportation infrastructure. 
 
The St. Louis HAZUS-MH run shows the greatest probability for damage to the bridge structures 
in the study area. For example, there were 564 bridges with a probability greater than 50% 
moderate damage, as shown in Table 7.7. A reduction in bridge damage was observed as the 
analyses moved to earthquakes located farther away from the study area. The number of bridges 
that have a 50% probability of incurring at least moderate damage in the Germantown scenario is 
just 50, as seen in Table 7.8. The number of bridges in this category for the New Madrid scenario 
is only five. It must be noted, though, that the attenuation relationship for the New Madrid 
scenario was based on the study by Frankel et al. (1996) as opposed to the Project 2000 East 
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relationship used in the St. Louis and Germantown scenarios. This is discussed further in a later 
section. 

 
Table 7.7 Number of damaged bridges for St. Louis HAZUS-MH run. 

 

 
Table 7.8 Number of damaged bridges for Germantown HAZUS-MH run. 

Initial Damage State  Probability of 
Occurrence Complete Exceed Extensive Exceed Moderate Exceed Slight None 

=1 0 0 0 0 406 
≥0.75 0 0 2 32 2427 
≥0.5 0 9 50 103 2542 
≥.25 9 112 155 218 2613 
>0 1483 1999 2146 2239 2645 
≥0 2645 2645 2645 2645 2645 

 
Table 7.9 Number of damaged bridges for New Madrid HAZUS-MH run. 

Initial Damage State Probability of 
Occurrence Complete Exceed Extensive Exceed Moderate Exceed Slight None 

=1 0 0 0 0 13 
≥0.75 0 0 0 0 2494 
≥0.5 0 0 5 58 2587 
≥.25 0 29 67 151 2645 
>0 1738 2306 2471 2632 2645 
≥0 2645 2645 2645 2645 2645 

 
The direct economic damage experienced by the highway network as a result of the earthquake 
scenarios was interpreted from the HAZUS-MH output. The loss estimate for the replacement 
value of the various bridge types is shown in Table 7.10. These values were not modified further 
and are based on publications from the Applied Technology Council, ATC-13 and ATC-25. 
Figure 7.7 shows the direct economic loss estimates to bridge structures due to each scenario. 
The bridge inventory for the study region, in HAZUS-MH, is valued at $4,971 million (in 2002 
dollars). This dollar figure is the current output from HAZUS and was used as input to estimate 
the value in 2004 dollars, which corresponds to a present (2004) value of $5,220 million. In 
order to update the dollar figure from the year 2002 to the year 2004, the Consumer Price Index 
(CPI) was used to convert these figures. These CPI values are obtained from the Bureau of Labor 
Statistics (www.bls.gov). As shown in Figure 7.7, $864 million (nearly 17% of the total 
inventory value) would be needed to repair the bridge network after an MW 7.0 earthquake in St. 
Louis, Missouri. An MW 7.0 earthquake in Germantown, Illinois, would cause an estimated $174 

Initial Damage State Probability of 
Occurrence Complete Exceed Extensive Exceed Moderate Exceed Slight None 

=1 0 0 0 0 81 
≥0.75 29 163 216 367 1448 
≥0.5 188 469 564 732 1913 
≥.25 521 836 997 1197 2278 
>0 2216 2423 2480 2564 2645 
≥0 2645 2645 2645 2645 2645 
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million in damage to the bridge network in the study area, and a New Madrid, Missouri, MW 7.7 
earthquake is estimated to cause $70 million in bridge damage. 

 
Table 7.10 Default replacement values of transportation system components. 

System Replacement 
Value ($ thousands) Label Component 

Classification 

20,000 HWB1 / HWB2 Major Bridges 
5,000 

   
HWB8, 9, 10, 11, 15, 16, 20, 

21, 22, 23, 26, 27 
Continuous Bridges 
   

 
Highway 

  
  

1,000 
 

HWB3, 4, 5, 6, 7, 12, 13, 14, 
17, 18, 19, 24, 25, 28 

Other Bridges 
  

Source:  HAZUS-MH Technical Manual - Table 15.16: Default Replacement Values of Transportation 
System Components, pp. 15–33.  
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Figure 7.7 Direct economic loss estimates for bridge structures in the St. Louis study area (2004 

dollars). 

 
TRANSPORTATION NETWORK MODELING 
 
The Metropolitan Planning Organization (MPO) in St. Louis and the EWG Council of 
Governments (http://www.ewgateway.org) allowed for transportation highway network 
modeling runs on their computer hardware and software. The model was necessary for this 
investigation to show the impact of the earthquake damage on the highway network system as 
modeled in the HAZUS-MH. This was achieved by modifying the data in the links from the 
baseline transportation network according to the bridge damage states output from HAZUS-MH. 
The EWG coordination of governments provided transportation data, transportation data models, 
and results (forecasts) for the years of 2000, 2004, and 2010. The travel demand model was then 
run for each earthquake scenario using a “crippled” transportation road network in order to attain 
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travel times and distances. The 2004 calibrated model results were used as the baseline for the 
network model, and the results of the earthquake scenarios were then compared to this baseline.  
 
The St. Louis regional travel demand model covers the entire eight-county metropolitan area and 
is divided into a series of zones with different demographic characteristics. These traffic analysis 
zones generate the corresponding travel trips from zone to zone, which load the highway 
network in addition to the trips coming into the study area. The traffic analysis zones used by the 
EWG were adopted in this study, as shown in Figure 7.8.  
 

 
Figure 7.8 Traffic analysis zones for the St. Louis metropolitan area. 

 
The travel demand model includes most of the more important roads and highways in the 
modeled highway network. The model network covers all of the interstates, freeways, 
expressways and other principal arterials in the region. The actual highway network is shown in 
Figure 7.9, and the transportation model using links and nodes is shown in Figure 7.10. There 
was a learning curve to understand the methodology and procedures of the EWG transportation 
network model during which the ArcView, Viper, MINUTP, and Cube planning software were 
introduced. ArcView performs most GIS tasks, including mapping, data management, 
geographic analysis, data editing, and geo-processing. It is used to locate and set up scenarios. 
Viper is a visual planning environment incorporating GIS functionality and is useful to put the 
road network data in the models. This software is used to edit the bridges/roads for different 
scenarios. MINUTP is a full-featured transportation planning system featuring modules for 
network development analysis. The package imports network data from Viper. Cube is similar to 
MINUTP in that it is a travel demand forecasting package, but for this project it was used strictly 
for interpretation of the output files from MINUTP. 
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The demographic and transportation data were provided by EWG based on the models that are 
currently being used for planning in St. Louis. Data were available for the following counties for 
the years 2000, 2004, 2010, 2020, and 2025: 

1. Counties in Missouri: St. Charles County, St. Louis County, Franklin County, 
Jefferson County, and the city of St. Louis. 

2. Counties in Illinois: Monroe County, St. Clair County, and Madison County. 
 
The year 2004 was selected as the baseline in order to further reduce uncertainty in the data by 
interpolating or extrapolating values. The following parameters are used by EWG as input data 
to generate their travel demand model: 

1. Land use data: residential, commercial, industrial, public, recreation, and 
transportation.  

2. Housing units and household. 
3. Employment: commercial, industrial, public, and extractive. 

 
MINUTP output files give the following data for each zone in the eight-county bistate area: 

1. Work trips, non-work trips (in both a.m. and p.m. peak periods), VMT (vehicle miles 
traveled). 

2. Delay in a.m., p.m., and off peak hours, VHT (vehicle hours traveled). 
 
The output required from the EWG transportation model runs in the study region was the travel 
time and distance traveled per zone. These values, along with the demographic data for the 
region, could then be utilized in the indirect loss estimates for the study region following an 
earthquake event. 
 

 
Figure 7.9 Actual road network used to locate real location of bridges. 
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Figure 7.10 EWG MPO transportation planning highway network model. 

 
TRANSITION FROM HAZUS-MH 
 
In order to determine the indirect economic losses in the St. Louis study area as a result of a 
probable earthquake scenario, a series of EWG transportation model runs had to be developed. 
The EWG transportation network had to be modified from the original 2004 baseline network for 
each scenario in order to simulate the effects of highway capacity loss during and following an 
earthquake. In order to achieve this effect, the bridges damaged to a certain confidence within 
HAZUS-MH had to be located and modified in the idealized EWG network model. The process 
of preparing the data output from HAZUS-MH scenario runs for input into the indirect loss 
model involves four main steps. These steps are listed and briefly explained as follows. 
 
HAZUS-MH Output Data Interpretation  

 
• Determination within the study area of the bridge structures that have sustained 

damage in the earthquake scenario. 
• Separation of the bridges by initial damage states. 
• Selection of the bridges for indirect analysis based on the initial damage states 

and probability of occurrence. 
 
Transportation Model Data Preparation 

 
• Selection of either the bridge removal method (based on the HAZUS-MH initial 

damage state), the reduced bridge capacity method (based on HAZUS-MH 
functionality), or their combination for the transportation model runs. 

• For the selected bridges from the HAZUS-MH output data interpretation step, 
determination of the functionality of the bridge at 1, 30, 90, 250, 350, and 400 
days after the earthquake event. 
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• Location of the bridge structures on the real-life road network. 
• Location of the links on the idealized East-West Gateway transportation model 

network containing the bridge structures. 
• A description of the links removed in the three earthquake scenario runs is 

summarized in Table 7.11. 
• Utilization of the MINUTP program at EWG to determine the initial link 

properties (capacity, number of lanes) for the links with the selected damaged 
bridge structures. 

 
Transportation Model Implementation 

 
• Modification of the model’s input road network by utilizing the MINUTP 

program to reduce the capacity of the links in the network that contain damaged 
bridges. 

• Modification of the input parameter files for each scenario run. 
• Execution of the modified transportation network model. 

 
Transportation Model Output Interpretation 

 
• Alteration of Citilab’s Cube format model output to a format usable outside of the 

EWG MPO in St. Louis. 
• Determination of the difference in the modified model run zonal “travel times” 

and “travel distances” as compared to the baseline zonal “travel times” and “travel 
distances.” 
 

Table 7.11 EWG transportation model run link removal summary. 

    No. Bridges from  
No. Bridges 

Selected 
No. Links on 

EWG 
Scenario 

(2004) @ Time (days) 
HAZUS 99/MH 

Output for EWG Runs  Model Altered 
New Madrid 1 60 32 33 
New Madrid 30 60 32 33 
New Madrid 90 60 32 33 
New Madrid 250 60 32 33 
Germantown  1 50 17 19 
Germantown  30 50 17 19 
Germantown  90 50 17 19 
Germantown  250 50 17 19 
Germantown  400 50 17 19 

St. Louis  1 29 23 19 
St. Louis  30 29 23 19 
St. Louis  90 29 23 19 
St. Louis 250 29 23 19 
St. Louis 350 29 23 19 
St. Louis 400 29 23 19 
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The transition from the HAZUS-MH data output to the EWG transportation model input was a 
tedious process which involved the use of the bridge databases and maps and engineering 
judgment in order to locate and match actual conditions to the idealized EWG model. In the first 
step, the output of bridge damage states following the earthquake scenario in HAZUS-MH was 
reduced to just those bridges within the study area with an initial damage state of a certain 
probability. The probability and damage state level varied for each scenario and are discussed 
later in this section. The total number of bridges output by HAZUS-MH to be considered for the 
next step is shown in the third column of Table 7.11. 
 
The next step was the most labor intensive of the four and included preparing the input data for 
the EWG transportation model for the initial group of damaged bridges from HAZUS-MH. The 
first step was to decide one of the following for each bridge:  

1. Remove bridge from the network model scenario run based on the HAZUS-MH 
initial damage state, which is termed the bridge removal method.  

2. Reduce bridge capacity directly after the event and then gradually restored it back to 
full capacity based on the HAZUS-MH functionality, which is termed the reduced 
bridge capacity method. 

3. Initially remove bridge from the network and then restored it back to full capacity.  
 
In order to model the event-induced losses with time, the functionality approach was used in the 
preparation of both the Germantown and the New Madrid scenarios. In the St. Louis scenario, a 
combined approach was used in order to reduce the capacity to zero initially following the event. 
Next, and since the functionality approach was selected for use, the initial damage had to be 
reduced over time to simulate the effects of repairs to the bridges. HAZUS-MH provides values 
for days 1, 7, 30, and 90 restoration percentages based on ATC-13 and ATC-25 restoration 
curves. Days 250, 350, and 400 values were estimated based on the published restoration curves 
and digitized into the HAZUS-MH database tables.  
 
Following the completion of the bridge damage estimates over time, the spatial location of the 
bridges in the study region was then considered. The bridge databases and maps from MoDOT, 
IDOT, and FHWA were utilized in conjunction with the HAZUS-MH data in order to match 
bridge names by attributes and location on the actual road network. According to documents 
provided by the DOTs, the bridges that were found to be destroyed were removed from the list. 
Other bridges that were not in the databases or on the maps and that could not be located were 
also removed from the list of bridges to be considered in the EWG model runs. The resulting 
number of bridges used for further analysis is shown in the fourth column of Table 7.11. Once 
the locations were made on the actual network, they were then transferred to the idealized EWG 
transportation model network links by means of spatial comparison within a geographic 
information system. Some bridges that were showing damage after the HAZUS-MH run were 
located on the same network links within the EWG model, and other bridges fell at points in the 
model where two links came together. This led to the number of links being affected in the 
idealized EWG model not to be equal to the number of bridges being considered, as shown in the 
last column of Table 7.11. After the affected links were found on the EWG model, the initial link 
properties of capacity, number of lanes, beginning node identification, and ending node location 
were attained by use of the MINUTP program. 
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In step three above, a series of transportation model runs for the year 2004 demographic data 
were made by using the programs available at EWG. The damaged bridges were placed in the 
EWG model network by reducing the capacity of each affected link and/or by reducing the 
number of lanes in the link. These reductions in capacity were set in the model by reducing the 
number of lanes, which corresponds to set amounts. These set amounts were referred to as 
capacity codes in the transportation network. Therefore, as it was not possible to adjust the exact 
reduction in capacity computed by HAZUS, the closest value was used. Once this Viper road 
network was created and the setup files were assigned to the scenario, a MINUTP run was made 
to interpret the results. The study region’s peak time of travel, off-peak time of travel, peak 
distance traveled, and off-peak distance traveled for the scenario run could then be attained from 
the MINUTP output files and used in the indirect loss model developed and explained later in 
this report. Specific information for each earthquake scenario is explained next. 
 
The St. Louis, Germantown, and New Madrid earthquake scenarios were selected for the indirect 
loss analysis by way of the EWG transportation modeling. The results are shown in Figures 7.11 
through 7.13, respectively. The St. Louis scenario EWG transportation model runs were based on 
a functionality approach, and bridges were selected for the run if the HAZUS-MH output showed 
at least a 75% probability of having an initial damage state of “complete,” as indicated in Figure 
7.11. The functionality approach was chosen for use in order to gain insight as to how the 
network would respond to increasing network link capacities as the bridges are repaired in the 
days after the event (repair recovery). This earthquake event contained the largest number of 
damaged bridges, as shown in Table 7.7, but the earthquake itself has the least probability of 
occurring out of the three selected scenarios. Therefore, a 75% probability of having a 
“complete” initial damage state was selected as the cutoff for bridges to be included in the EWG 
model runs. A total of 29 damaged bridges were included in the transportation model runs for 
this scenario, and the impact on the transportation network for 400 days following the earthquake 
event was investigated with a total of 6 MINUTP scenario runs completed. 
 

 
Figure 7.11 Bridges with ≥ 75% probability of complete damage for a St. Louis MW 7.0 event. 
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The Germantown scenario EWG transportation model runs were also based on a functionality 
approach. As indicated in Figure 7.12, the bridges were selected for the run if the HAZUS-MH 
output showed at least a 50% probability of having an initial damage state of “moderate” or 
greater. A 50% probability of having an initial “moderate” damage state was chosen in this case 
to reflect the greater likelihood of the earthquake event occurring. Table 7.8 shows that 50 
bridges were included in this category, and the impact of their damage in the earthquake event 
was simulated in 6 MINUTP runs. 
 

 
Figure 7.12 Bridges with ≥ 50% probability of moderate damage for a Germantown MW 7.0 

event. 
 
The New Madrid scenario earthquake was modeled on the EWG network based on a 
functionality approach. As illustrated in Figure 7.13, the bridges were selected for the run if the 
HAZUS-MH output showed at least a 30% probability of having an initial damage state of 
“slight” or greater. This scenario showed the least amount of damage to the bridges in the St. 
Louis study region, but the earthquake event has the greatest likelihood of occurring as shown by 
evidence of past and recent activity in the NMSZ. The less probability of damage or the lower 
damage state, therefore, was selected for the cutoff point in selecting the bridges included in the 
EWG model runs. A total of 60 bridges were included in this category and 4 MINUTP runs were 
made for this scenario. 
 
In each of the three scenarios, the MINUTP runs were created for days 1, 30, 90, and 250. The 
St. Louis and Germantown scenarios also included runs for days 350 and 400, which were 
needed to define curvature of the restoration curve for these more intense scenarios. These were 
not completed for the New Madrid run due to insignificant findings from the other two events at 
these times following the earthquake event. The reason for selecting these particular times after 
the earthquake event was to simulate the ability of the network to recover to full capacity based 
on the restoration curves developed by ATC-13 shown in Figure 7.14. A restoration curve 
provides the relationship between the percent functionality of the bridge in time for the 
respective level of damage. For the St. Louis earthquake scenario run, network simulations were 
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created with day “1” links being completely removed from the EWG network, simulating the 
bridges being closed immediately following the earthquake event, which is appropriate for 
bridges in the “complete” damage state. The runs for the Germantown and the New Madrid 
earthquake events were made with day “1” links being reduced in order to simulate a limited 
capacity but still usage of the bridges. This was more appropriate for the lesser damage states 
initially selected for the bridge damage selection used in these events.  
 

 
Figure 7.13 Bridges with probability of moderate damage ≥ 30% for a New Madrid MW 7.7 

event. 
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Figure 7.14 Restoration curves developed by ATC-13. 
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DELAY TIME AND TRAVEL DISTANCE – TRANSPORTATION MODEL 
 
The key output from the EWG transportation planning system is the time and distance of travel 
for each zone in the region of study. A graph showing the values for total peak time and off-peak 
time for the three scenarios is presented in Figure 7.15. Figure 7.16 shows the results for the total 
peak distance and off-peak distance for the three scenarios. The change in distances traveled for 
the different scenarios was not expected to increase much because of redundancy in the 
transportation network and the limited number of bridges affected showing just a variation 
around an average distance.  
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Figure 7.15 Total peak and off-peak travel times for the study region following simulated 

earthquake events. 
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Figure 7.16 Total peak and off-peak travel distances for the study region following simulated 

earthquake events. 
 
A graph showing the amount of travel time added to the system as a result of the earthquake 
events in peak and off-peak periods is presented in Figure 7.17. The amount of travel distance 
added to the system because of the earthquake events is shown in Figure 7.18. 
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Figure 7.17 Difference in peak and off-peak travel times for the study region due to the 

simulated earthquake events. 
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Figure 7.18 Difference in peak and off-peak travel distances for the study region due to the 

simulated earthquake events. 
 
These trends in the network performance after the earthquake scenarios were used as input 
values for the external indirect economic loss model developed for this project. It is important to 
note that the rate of recovery (or repair of damaged bridges) of the network performance is 
strongly influenced by the restoration curves developed by ATC-13 for the California 
experience. These curves were developed in 1985 and last modified by ATC-25 in 1991. They 
are central to the ability to predict the indirect losses due to highway network performance and 
are the focus of future research efforts by the investigators. 
 
INDIRECT LOSSES 
  
Earthquakes can produce serious consequences, such as infrastructure damage, social impact, or 
even loss of life. Some of these consequences can be noticeably observed as direct damage to 

Germantown Off-Peak St. Louis Off-Peak New Madrid Off-Peak
Germantown Peak St. Louis Peak New Madrid Peak

Germantown Off-Peak St. Louis Off-Peak New Madrid Off-Peak
Germantown Peak St. Louis Peak New Madrid Peak  
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physical facilities, such as the damage of buildings and residences, the collapse of bridges, and 
the breakdown of the utility system. While it is relatively easy to record how many units of 
infrastructure are demolished from an earthquake scenario, it is a more complicated issue to put 
these damages into a dollar amount.  
 
Part of the costs of infrastructure damage are the restoration costs associated with those damages. 
This is often labeled as the direct economic loss. However, there are other costs associated with 
these consequences. Damage to facilities of one industry sector will also have an affect on other 
related sectors. The lower capacity of the transportation network will also result in lower 
production capacity for each industry sector as a result of reduced material deliveries or fewer 
employees having access to the company. In addition to losses that may result from the 
earthquake, some economic gains may also result. For example, the damage of infrastructure will 
create increased activity in the construction sector.  
 
Because of its complexity, few researches have studied the topic of indirect economic loss 
estimation. For those that have done research, or performed economic modeling, one of the 
major tools of indirect economic loss estimation is the input-output model. The input-output 
model takes the changes in demand of each industry sector as the input and estimates the loss 
that occurs from those changes as the output. The input-output model is used as the basic 
framework for developing the economic loss model in many studies (Cho et al., 2001; Kim et al., 
2002). One of the major studies is the HAZUS indirect economic loss model (HAZUS 99), 
developed by the FEMA. The HAZUS research group utilizes a modified input-output model 
which eliminates some of the major limitations of the original model in order to estimate indirect 
economic loss for each industry sector.  
 
Giuliano and Golob (1998) and Gordon et al. (1998) have used telephone surveys and interviews 
as input information to estimate economic loss. By using the collected historical information, the 
indirect economic loss can be estimated. However, these results are only the estimation of what 
has already occurred, and therefore might not be appropriated to project into the future.  
 
Most of the existing models look at the indirect loss on a large scale in order to consider an entire 
study area. The losses are usually presented as the loss of each industry sector. However, there 
are also some models which are designed to estimate specific parts of the indirect loss. For 
example, the economic loss model in the Memphis study (Memphis) was designed to capture the 
loss due to the delay in travel time that resulted from the earthquake. This model did not capture 
all of the loss. However, it presents one portion of the loss at a very detailed level and 
successfully achieves the project objective.  
 
Definition 
 
The direct economic loss from an earthquake scenario is basically the cost of restoring the 
physical damage sustained by buildings, bridges, residences, and roads. On the other hand, the 
indirect economic loss will normally cover the economic loss to items not included in the normal 
restoration costs. Examples of these indirect losses include, among others, forward linkage loss 
(HAZUS, 1999), backward linkage loss (HAZUS, 1999), household income loss from the 



 280

damage of an employers’ building (Gordon et al., 1998), damage in the transportation network, 
and the increase of transportation costs.  
 
It becomes obvious that the scope of the indirect loss is often unclear. Moreover, it is practically 
impossible to capture every indirect loss resulting from an earthquake by a single economic 
model. Thus, the definition or scope of the indirect loss, which will be captured by the designed 
economic model, must be defined.  
 
The primary consideration of the project objective is to capture the loss resulting from the 
damaged bridges in the highway network. In addition to other major concerns, which include 
time limitations, the availability of information, and the connection with the highway network 
damage model, the indirect economic loss of this project is labeled as “Partial Indirect Economic 
Loss: The Impact on Highways for the Traveling Public.” The definition of this partial indirect 
loss is the expected financial loss that occurs from increases in transportation costs in the 
highway network. These are the costs resulting from the increases in time and distance used for 
transportation as a result of damaged bridges producing a lower capacity highway network. They 
play an important part when the cost benefit analysis of the road project is conducted.  
 
Framework Development 
 
The framework for the following model was developed from the basic input-output model as 
shown in Figure 7.19. The model was first considered as a black box, transferring the available 
input into the desired output. The input of the model also includes the results from the 
transportation network model. As mentioned before, the earthquake scenario will reduce the 
highway network capacity due to bridge damage in the network, resulting in increases of travel 
time and travel distance between zones within the study area. These increases will result in the 
partial indirect economic loss, which is the desired output of the model. Thus, the model will 
basically translate the increases in travel time and distance into a dollar amount.  
 

ModelInput Output

The result from the
highway network model

The information obtained
from the public sources

As required by the
project’s purpose  

Figure 7.19 The input-output model framework. 
 
The study framework is illustrated in Figure 7.20. By developing generic equations to estimate 
the value of travel time and cost of travel distance, and employing the changes in travel time and 
distance (which are outputs from the highway network simulation model), the expected partial 
indirect economic loss from each earthquake scenario can be estimated. The loss from increases 
in travel time and travel distance for each route in the study area are calculated separately and 
summed together to produce the total loss figure.  
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∑∑ ∑∑
n n n n

i=1 j=1 i=1 j=1

Total Partial Loss = Loss from increase travel time of route ij + Loss from increase travel distance of route ij 
 

     where: i  =  Route origin zone number 

              j  =  Route destination zone number 

             n =  Total number of zones in the study area 

Figure 7.20 Indirect economic loss framework. 
 
The model has been developed to estimate only the expected or average partial loss that would 
occur without considering variation. It is also purposely designed to be easy to understand and 
update. To obtain the most accurate estimation, all information employed for developing the 
model is regional information obtained from reliable public sources, such as the Census Bureau, 
the Department of Transportation (DOT), and the Bureau of Transportation Statistics.  
  
There are many studies that consider the estimation of the value of travel time and travel 
distance. Most of these studies (U.S. DOT, 1997; Frye, 1973; Kawamura, 1999; Thomas, 1968; 
Thomas and Thompson, 1970) consider these values from the perspective of travel time and/or 
distance savings with the purpose of performing a cost benefit analysis of a new road project. 
Among these researches, there are only a few (Waters et al., 1995; Gunn, 2001) which discuss 
these values from the perspective of loss due to increases in travel time and/or distance. From the 
perspective of loss, the value of time and distance will be weighted more than the travel time or 
distance that could be saved.  
  
Travel time is an intangible item, making it difficult to value. Many approaches have been 
developed to estimate the cost of travel time. Some studies (Thomas, 1968; Thomas and 
Thompson, 1970) use a survey method to find the relationship between the value of time and the 
demographic data. The survey is typically conducted to collect the value of time for individuals 
and their demographic data, such as income and trip length, among others. Then, an empirical 
model is developed based on this survey data. A behavioral study approach can also be applied 
(Erhardt et al., 2002; Richardson, 2001). This approach infers the value of time from situations in 
which drivers face time and monetary tradeoffs, or from questionnaire methods which pose 
time/monetary tradeoffs to drivers. A logit model is then applied along with a mode choice 
process to develop the mode choice utility empirical model, showing the relationship of mode 
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utility with travel time and price variables. By finding the ratio of these two coefficients in the 
mode utility function, the value of time is then estimated (Kawamura, 1999). Since there were 
limitations in the time frame of this project, conducting the survey was not an option. The value 
of time for this project was developed based on reliable results from the existing studies.  
 
For part of the travel distance cost, a vehicle operating cost is applied, mainly consisting of fuel 
cost, maintenance cost, repair cost, and insurance cost (AAA, 2003; Curry and Anderson, 1972; 
Waters et al., 1995). These costs are strongly related to the vehicle travel distance. The 
composition of the travel distance cost for this project was modified from previous studies to 
fulfill the project objective. Each component of the cost was selected locally to focus on the 
study region.  
 
Based on the major studies in this area (U.S. DOT, 1997; Mackie et al., 2003; VTPI, 2003), the 
values which were used to translate travel time and distance into a dollar number are different for 
the various types of travel trips. For this study, the travel trip is classified by the trip purpose as a 
work trip, non-work trip, or commercial trip. Work trips and non-work trips are arranged into the 
same group as the commuting trip. The commuting trip is the trip made by people during their 
non-working hours, whereas the commercial trip is a trip where travel time is “on the clock” 
from the employer’s point of view. In this study, it is assumed that all commercial trips are made 
only by freight companies.  
 
Commuting Trip 
 
Commonly, the commuting trip represents the trips made by people during their non-working 
hours. This kind of trip includes travel to and from work, and to and from shopping (U.S. DOT, 
1997; Mackie et al., 2003; VTPI, 2003). Almost all the trips made by individuals are accounted 
as commuting trips, except those trips made during working hours as a course of conducting 
business.  
 
Travel time 
 
The cost of travel time can be simply estimated by developing the value of time and multiplying 
it by the travel time used. There are many existing studies in the area of value of travel time. As 
previously mentioned, there are different approaches in developing estimates, such as the survey 
approach (Ghosh, 2001) and the logit model approach (Nakamura and Kockelman, 2000). 
Because of time limitations, the empirical model of travel time value was developed based on 
existing studies. Many international studies (Mackie et al., 2003; Gunn, 2001; VTPI, 2003) show 
that the value of time has a significant relationship with some of the demographic data, i.e., 
income and trip length. By collecting demographic data for the study zones and combining it 
with the results from these studies, the equations for value of travel time can be developed. 
However, the results from these studies will be different based on the characteristic of the sample 
used in the studies. Since most of the studies are international, it was difficult to judge which 
study should be applied to this project.  
 
There is, however, one study conducted domestically by a reliable agent: the DOT. This study 
(U.S. DOT, 1997) is used as the guideline for applying the value of travel time for highway 
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projects in the United States. A review of recent studies by DOT experts has resulted in various 
conclusions on how to process the value of travel time for road project economic evaluation. 
Many factors, such as trip duration, trip purpose, wage rate, and travel modes are considered to 
be relevant to the value of travel time. However, only a few are considered significantly related. 
The DOT concludes that only the demographic data point of hourly wage rate is related to the 
value of time, and it gives the plausible ranges of the travel time value at 35 – 60% of the hourly 
wage rate, with the recommend value at 50% of the hourly wage rate. It states that the valuation 
of increases in travel time is equal to the value of saving travel time, although other studies 
(Waters et al., 1995; Gunn, 2001) state that people typically value the delay time more than the 
saving time. Moreover, the DOT states that there is no significant difference in the value of time 
between work trips and non-work trips as long as they both are for personal travel. Therefore, the 
conclusion is made that the value of time for all commuting trips is 60% of the hourly wage rate, 
which is in the upper range as defined by the DOT. In order to update this value, the DOT 
recommends updating only the hourly wage rate and not the percentage of wage rate.  

 
Therefore, the travel time value will be different from zone to zone in the study area because of 
differences in income data of each zone. The income information was provided by EWG Council 
of Government. The data file included the land use information from the census which shows the 
number of households in each income level for each zone in the study area. A weighted average 
of zone income is used to represent the income for every person in that zone. The value of travel 
time for a person in a zone can be estimate by multiplying the weighted average income of that 
zone by 60%.  

 
From the total loss estimation equation shown in Figure 7.20, the indirect loss is calculated 
separately for each route instead of for each zone. The reason the loss must be calculated on the 
route basis is explained as follows: the output from the highway network matrix shows the total 
amount of travel time from zone to zone during a certain period of time. For example, one value 
in the output matrix will present the total amount of time consumed by all trips from zone A to 
zone B during the peak hours. The one caution that has to be stated is that the time value for each 
zone cannot be applied to all the trips from that zone to the others. This can be explained and is 
illustrated in Figure 7.21. Consider the trips that take place between zone A and zone B. The 
time value for a person in zone B could be used when the trip is made by a person who originally 
lives in zone B. However, all trips made from zone B to zone A are not only made by individuals 
who live in zone B, but also by the returning travelers who originally live in zone A. Therefore, 
assumptions had to be made. First, the time value of each zone was used only for the trips made 
within that zone. Second, for the trips between each pair of zones, the average time value of that 
pair was applied as the time value for those trips. This results in a loss calculation for each travel 
route instead of for each zone.  

 

  
 

Trip of person in zone A 
from zone A to zone B 

Trip of person in zone B 
from zone B to zone A 

Trip of person in zone A from zone A to zone 
B and then return trip from zone B to zone A 

Figure 7.21 Travel route illustration. 
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Travel Distance 
 
There are different types of travel distance costs, all of which are highly relevant to the vehicle 
owner doing the traveling. These costs differ based on the purpose of the travel. There are two 
main components to developing the distance cost; one is for tax deduction purposes and the other 
to estimate the cost of ownership. One recognized study in the estimation of cost of ownership 
per distance unit is the “Your Driving Cost” study conducted by Runheimizer consulting (AAA, 
2003). The components of the travel distance costs are insurance costs, repair and maintenance 
costs, depreciation costs, and fuel costs. By using the regional values for all required 
information, the travel distance costs for the commuting trip are estimated at $0.28 per kilometer 
(in 2004 U.S. dollars). This number was applied for every commuting trip made in the study 
area.  
 
Commercial Trip 
 
In this study, it was assumed that business/commercial trips imply the trips made by freight 
companies only. Many other commercial trips could have been considered but were difficult to 
estimate, such as salesmen, utility workers, and business travel to meetings. These admitted 
omissions make the indirect loss estimates low (underestimate losses) and are considered only as 
initial estimates.  
 
With the previous definition, it is understood that some company resources have to be used to 
cover the increase in travel time and distance, usually either the costs of more trucks and drivers 
or the costs of overtime and greater operating expenses. Therefore, the value of commercial 
travel distance and time should be valued from the consumer point of view, or at the price the 
consumer has to pay for the freight service. The estimation approach was developed based on the 
study made by Waters et al. (1995). The scope of that study was only to estimate the value of 
time. However, an estimation of the value of distance for this project was also developed based 
on the same framework. Because of the availability of information and the simplification of the 
model, commercial vehicles were divided into two categories: truck, and tractor plus trailer unit. 
There were some starting assumptions that needed to be determined before the calculations. 
These assumption were valued the same as in Waters’ study and are highlighted below.  
 
Travel time 

 
Although commercial trips are made on working time, the value of this time cost might not be 
valued at the wage rate of employees, depending on how they spend this time (Waters et al., 
1995). If the time cost is utilized as the employee leisure time, it should be valued as only a 
fraction of the employee wage rate. Conversely, since every commercial trip is made on work 
time, the increase in travel time will result in a decrease in productivity. It is also inappropriate to 
value this delay time only at the employees’ wage rate. This delay time should be valued at the 
employees’ wage rate plus the relevant time based costs for operating the business. In this study, 
since the estimation was considered at the level of consumer price, the travel time value also 
included cost of money, company profit mark up, and sales tax.  
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Travel Distance 
 
Utilizing the same approach as for travel time value, the component of travel distance value 
included costs which are relevant to travel distance. These costs, such as fuel costs, insurance 
costs, maintenance and repair costs, and depreciation costs, are partly relevant to both travel time 
and distance. Fuel consumption was considered into the travel distance costs, as well as company 
profit mark up and sales tax.  

 
The calculation approaches for both commercial travel time and distance, along with the data, 
data sources, and calculation assumptions, are shown in Appendices 3 through 6. Part of the data 
used in the analysis is from the nationwide survey database (Annual Report: Motor Carrier 
Financial & Operation Information Database). The database is noisy, as it includes missing 
values and outliners. To overcome this noise, the samples with missing values were dropped 
from the analysis. Only the middle 80th percentile of data was used in order to also eliminate the 
outliners. The number used to represent the value from this database is the weighted average of 
the middle 80th percentile of data. The estimated values, in 2004 U.S. dollars, are shown in 
Table 7.12. The number used for the commercial trip was the weighted average of both vehicle 
types.  

 
Table 7.12 Value of commercial vehicle travel time and distance. 

 Tractor and trailer Truck Weighted average 
Value of time delayed (per hour) $29.86 $26.97 $29.06 

Value of increased distance (per kilometer) $0.76 $0.52 $0.70 
 
Calculations 
 
Data Preparation 
  
Income Data: The income data is required to estimate the value of travel time for the commuting 
trip. This value will be different for each trip since it depends on the origin and destination of the 
trip. The data used to develop the income matrix is the land use data from census data used in the 
trip generation process, and it is already projected onto the year 2004. The data is in the form of 
the number of households in different income groups for each zone. Using the median value of 
each income group, the number used to represent the income value for each zone is the weighted 
average income value based on the number of households in each income group.  
 
Some of the zones had missing data because of the land use characteristic for those zones. As 
such, assumptions had to be made. First, for the trips within that zone, the weighted average 
income for all zones was used to estimate the value of time for those trips. Second, the weighted 
average income for all zones was again used to estimate the value of time for the trips between 
the zones which had no data. Third, for the trips between two zones, one with data and the other 
without, the income for the zone with data was used to estimate the value of time for those trips. 
Since the data were only available for the inner 1066 zones, the last assumption was that the 
income of the inner zone was used to estimate the travel time value for the trips between the 
inner zone and the outer zone, whereas the weighted average income for all zones was used for 
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the trips between the outer zones. Combining these assumptions with the previous assumptions 
discussed for the commuting travel time, the income matrix was then developed.  
 
Inflation: The information used during the travel time and distance analysis is valued in dollar 
numbers based on different years. In order to conduct the analysis, these numbers must be based 
on the same year; therefore, these numbers were transformed into 2004 U.S. dollars. The 
Consumer Price Index (CPI) and the Producer Price Index (PPI) were used as the transform 
factors. The numbers from a consumer point of view, such as car price, insurance cost, repair 
cost, and fuel cost for commuting trip were updated using an average percentage increase in CPI 
from year 1991 to the newest available year, 2003. In the same way, the numbers related to the 
producer position, such as commercial vehicle price, maintenance and repair cost, insurance cost, 
fuel cost, and the driver’s hourly wage were updated using the latest 10-year average percentage 
increase in PPI.  
 
Data Update: Some of the non-monetary information was updated using trend analysis and 
average value. Regression analysis was applied with the vehicle highway mileage per year to 
project the value onto year 2004. The fuel consumption rate for year 2004 is represented by a 10-
year average of this data from years 1991 through 2000. Both CPI and PPI are projected onto 
year 2004 by using the average value of historical data.  
 
Partial Indirect Loss Estimation  
 
The partial indirect loss was estimated for both internal and external zones, for a total of 1109 
zones. Since the people who live in the external zone are spending time and consuming the 
network capacity while they are traveling into the internal zones, the external zones were also 
included in the analysis. The input for the estimation is the differences in travel time and distance 
between the baseline and the scenario. The partial indirect loss is shown in year 2004 U.S. 
dollars on the basis of hourly average during peak and off-peak periods along the time horizon 
after the earthquake. 
 
Assumptions:  To aid in the modeling and to reduce complexity, some assumptions were made 
in the partial indirect loss estimation. First, the percentages of different types of trips (work, non-
work, and commercial) are the same for every zone throughout the study area. This causes an 
underestimation of the indirect loss estimates, since not all the factors affecting transportation 
travel are being considered due to the complexity of the problem. The number of passengers per 
vehicle is assumed to be the same for every zone, and all passengers are adults. The number of 
passengers per vehicle for the commuting trips is represented by the weighted average of 
different types of commuting trips. Only one driver is assumed to be in the vehicle for the 
commercial trip. Moreover, some assumptions from the calculation of time and distance value 
are vital to the indirect loss estimation results. Those assumptions include the vehicle highway 
mileage travel per year and the number of annual working hours. The assumptions for all the 
calculations are presented in Appendix B Tables B.1 and B.2. 
 
Calculation: The total indirect loss is simply the summation of increased indirect costs for each 
travel route. Considering the available input and the desired output, the equations used in the 
calculations are developed below. 



 287

∑∑ ∑∑
n n n n

i=1 j=1 i=1 j=1

Total Partial Loss = Loss from increase travel time of route ij + Loss from increase travel distance of route ij 
 

where: i  =  Route origin zone number 

             j  =  Route destination zone number 

            n =  Total number of zones in the study area 

and:  
 
Loss from increased travel time for route ij = Loss from increased commuting trip travel time for route ij  

              + Loss from increased commercial travel time for route ij 
 
Loss from increased work trip travel time for route ij = (percentage of work trip traffic + percentage of non-work  

   trip traffic) x (number of passenger per vehicle) x (value of    
   commuting trip travel time) x (personal income for people  
   who make route ij trip) x (increased travel time for route ij) 

 
Loss from increased commercial travel time for route ij = (percentage of commercial trip traffic) x (value of  

      commercial trip travel time) x (increased travel time for  
      route ij) 

 
Loss from increased travel distance for route ij = Loss from increased commuting trip travel distance for route ij 

                    + Loss from increased commercial travel distance for route ij 
 
Loss from increased commuting trip travel distance for route ij = (percentage of work trip traffic + percentage of  

    non-work trip traffic) x (value of commuting travel  
    distance) x (increased travel distance for route ij) 

 
Loss from increased commercial trip travel distance for route ij = (percentage of commercial trip traffic) x (value of  

     commercial travel distance) x (increased travel  
     distance for route ij) 

 
The MatLab software package was used as the calculation tool because of its capability in 
handling large matrix/array calculations. Since the input unit is on an hourly basis for peak and 
off-peak periods of the day, the output from the calculation coding is on the same hourly basis 
peak time and off-peak time units. The most affected route for each scenario is also pointed out 
during the calculation. 
 
Results 
 
Only one scenario is presented for the partial indirect cost analysis: the St. Louis scenario. The 
partial indirect loss estimation for the Germantown and New Madrid scenarios was of little 
impact due to the negligible bridge damage in the St. Louis metropolitan area from those two 
earthquake scenarios.  
 
The time horizon for the analysis is considered at days 0, 30, 90, 250, and 500 after the 
earthquake incident. The 500 day was added to take into account the assumption that at this time 
there are no more indirect losses incurred and the highway system is completely restored. The 
result obtained from this calculation process is the amount of partial indirect loss on an hourly 
basis at one specific time after the incident.  
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The results are represented as a graphic plot with the daily partial indirect loss costs versus the 
number of days after the incident. The daily value of partial indirect loss can be calculated from 
the weighted average of peak and off-peak periods for any one day. The peak period is 5 hours 
for each day (3 rush hours in the morning and 2 hours in the evening), while the off-peak period 
is the remaining 19 hours in the day. The daily partial indirect loss as a result of the St. Louis 
scenario is shown in Figure 7.22. 
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Figure 7.22 St. Louis scenario daily partial indirect loss. 

 
The details for the calculated partial loss number can be found in Appendix B Tables B.3 and 
B.4. In examining these numbers, it can be seen that a large portion of the loss comes from 
increased travel time. This has also been stated in other studies (VTPI, 2003). The cost in travel 
is mostly from the travel time. 

 
The overall partial loss for each incident is the integration of the daily partial loss from the 
incident day through the day when the system is fully recovered. In other words, the overall 
indirect loss can be approximated by the area under the graph of daily partial indirect loss from 
day 0 through day 500 after the incident. Following this approach, the partial indirect loss for St. 
Louis scenario is estimated at $700 million. The direct loss estimated utilizing the HAZUS 
software is $1.3 billion for the St. Louis scenario. The size and importance of even just the 
partial indirect loss is significant. 

 
Table 7.13  Partial indirect costs for each earthquake scenario. 

Earthquake Scenario Partial Indirect Cost ($ millions) 

St. Louis 700 

Germantown 11 

New Madrid 13 
 

The number estimated by other studies (Boarnet, 1996; Gordon and Richardson, 1995; Ho, 2001; 
OTA, 1995; Petak and Elahi, 2000) for the previous earthquake incidences vary even for the 
same incidence. For example, the damage from the Northridge Earthquake in 1994 was 
estimated from $25.5 billion to $53.3 billion (2004 U.S. dollars) for the direct loss, and from 
$7.6 billion to $9.56 billion (2004 U.S. dollars) for the indirect loss. The direct loss in those 
studies included the loss in infrastructure, including highways, buildings, and residences, 

1
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whereas the indirect loss included all business interruptions. Since the scope of this study is only 
for the cost to recover the damaged highway bridges, along with the indirect cost resulting from 
those bridges being damaged, the other studies’ losses are much larger than the losses estimated 
by this project. Nonetheless, the estimated numbers are in the general range of the other studies.  

 
Moreover, the partial indirect loss numbers estimated in this project are based on the recovery 
curve from the Applied Technology Council document ATC-13, “Earthquake Damage 
Evaluation Data for California.” The construction companies and related organizations in 
California have much more experience with these events than those in the Midwest. Therefore, 
the actual loss for the St. Louis scenario will likely have a longer effect and a larger total 
magnitude than the estimated figures. The expected actual loss for the St. Louis scenario is 
shown in Figure 7.23. 
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Figure 7.23 Estimated and expected actual partial loss smoothing curves. 

 
Sensitivity Analysis 
  
The partial indirect loss estimation is constructed from many variables, such as value of travel 
time, value of travel distance, and the personal annual income in the study area, among others. 
These values are based on previous studies or on reliable information sources. However, they are 
still somewhat difficult to justify. Moreover, there are some crucial assumptions made during the 
value of time and distance travel estimations, as shown in Appendix B Tables B.1 and B.2. 
Among those variables and assumptions, three assumptions are likely to have a significant 
influence on the total partial indirect loss estimation result. These three assumptions include the 
annual working hours, the value of commuting travel time, and the annual highway mileage 
travel. Therefore, it is worth performing a sensitivity analysis between the total estimated partial 
indirect loss and these three factors.  
 
The sensitivity analysis is conducted by varying the value of one factor from –20% through 
+20%, while holding the other two constant at their standard values. The results from the 
analysis are shown in Figure 7.24. 
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Figure 7.24 St. Louis scenario sensitivity analysis chart. 

 
Two of the three factors in this analysis are associated with costs that result from the increased 
travel time. These two factors, annual working hours and value of commuting time, are found to 
be important factors when estimating the partial indirect loss. The value of commuting time has a 
strong positive linear relationship with the partial indirect loss, whereas the annual working 
hours has a strong negative nonlinear relationship with the partial indirect loss estimation. On the 
other hand, annual mileage travel, which accounts for the cost resulting from increased travel 
distance, shows a weak relationship with the partial indirect loss. By changing the annual 
mileage travel by 20%, the partial indirect loss will change less than 1%.  
 
From the given results, it can be concluded that the assumptions made for the travel time 
calculations have more impact on the partial indirect loss estimation results than the assumptions 
made for the travel distance. This conclusion seems reasonable since the travel time cost makes 
up a large portion of the total indirect loss. Thus, in order to achieve a reliable total indirect loss 
result, it is important to have a rational justification for these variables as the large influence of 
these assumptions can significantly change the results.  
 
Limitations 
 
This study suggests an approach to measure indirect loss, which is a cost figure that is often 
overlooked by policy makers. The total indirect loss accounts for the loss that results from the 
incident plus the cost used to recover the infrastructure damage. The scope of this project model 
is to capture the loss produced by the damage to bridges in the highway network. Considering a 
limited amount of factors closely related with the transportation time delays and distances 
traveled, this partial indirect loss is only a portion of the loss from the earthquake scenario. 

 
CONCLUSIONS 
 
A loss estimation procedure and methodology was selected and applied to the St. Louis area. 
Based on the limited data, the following observations and conclusions can be drawn: 

Annual Mileage Travel Value of  Commuting Time
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1. Due to the lack of recorded strong ground motion data in the CEUS, six (6) earthquake 
scenarios were developed from different fault sources based mostly on paleoseismological 
evidences.  Of these scenarios, three (3) were used for the loss estimation study, including St. 
Louis, MO (Mw=7.0), Germantown, IL (Mw=7.0) and New Madrid, MO (Mw=7.7). 

2. Due to its proximity to the St. Louis metropolitan area, an Mw 7.0 earthquake event in St. 
Louis will cause over 12 times more direct economic loss than an earthquake event of Mw 
7.7 in the NMSZ. Considering the very low likelihood of having an Mw 7.0 earthquake in St. 
Louis, the impact of a NMSZ earthquake within the life span of bridges could be as 
significant as nearby earthquakes. 

3. In combination with a transportation model, HAZUS can be used for earthquake loss 
estimation of highway systems. This process is complex and tedious, which can be eased by 
a more streamlined software system such as REDARS. 

4. The loss estimation model was applied to the highway transportation system in the St. Louis 
Metropolitan area. Both direct and indirect losses have been calculated due to earthquake 
scenarios from the NMSZ and nearby areas. 

5. Large areas of liquefaction susceptibility increase the consequences of bridge damage. Most 
of the anticipated damage is on river crossings, old structures, and in East St. Louis, in the 
state of Illinois. Under an earthquake event of Mw 7.0 and Mw 7.7, damage and economic 
direct losses range from $70 to $800 million. 

6. Travel time delays and distance can be used to estimate partial indirect losses which can be in 
the same order of magnitude as the direct losses. Partial indirect losses vary depending on the 
ability to restore the highway system, starting at $20 million/day and decreasing depending 
on the ability to restore transportation capacity. 

7. Comparing the partial indirect losses with the direct loss clearly illustrates the significance of 
the partial indirect losses in both magnitude and affected area. Hence, it is important to 
consider not only the direct loss but also the indirect losses of any earthquake situation under 
study. 

8. Bridge inventory data from national sources (e.g., NBI) need to be checked with local state 
databases to confirm its validity, especially for old structures in urban areas that may not be 
in service, replaced or destroyed. 
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CHAPTER 8. POST-EARTHQUAKE DAMAGE EVALUATION WITH 
ELECTROMAGNETICAL WAVEGUIDING SENSORS 

 
 
Bridges, as important components of civil infrastructure, particularly column members and 
beam-column joints in substructures, are vulnerable to lateral earthquake loading. Immediately 
after a major earthquake event, the most pressing need is to send emergency vehicles and rescue 
teams to the affected areas. To meet the urgent need, all bridges along a predesignated 
emergency vehicle access route have to be evaluated within several hours, if not sooner, to 
ensure the bridges are safe for emergency vehicles. The current practice, visual inspections of the 
structural condition of highway bridges, often leads to overconservative conclusions. A decision 
could be made to close a bridge when it is still capable of carrying reduced traffic loads. More 
important, damage such as excessive cracks in reinforced concrete (RC) columns is often 
undetectable under a moderate earthquake event since gravity load will close the cracks 
immediately after the event. A quantitative method is therefore needed as a complementary tool 
to make a more sensible decision on the condition of those bridges that is undetectable or unclear 
from visual inspections. 
 
The impact of such a quantitative method on the post-earthquake emergency rescue and 
reconstruction is not only an economic issue, but may also be a life threatening/safety matter. 
Since approximately 50% of the bridges in the U.S. National Bridge Inventory database have 
either RC or prestressed superstructures and significantly higher percentage for RC substructures 
(Small, 1998), the implementation of a quantitative method could save thousands to millions of 
dollars in emergency operations due to the continuous function of critical bridges along a 
designated emergency vehicular access route that could otherwise be closed from visual 
inspections. Such a method could also indirectly save lives, since emergency vehicles would not 
have to detour and could therefore arrive at the affected area sooner. 
 
During a moderate earthquake event, RC members may be subjected to minor or medium 
damages, such as cracks at plastic hinges. Although cracks are visible on beams, those on 
columns are often undetectable by visual inspection because of gravity load effects. In either 
case, it is desirable to determine the residual strength of steel reinforcements that are covered by 
cracked concrete. The mapping of cracks on the surface of an RC member may yield useful 
information for this purpose. Consequently, both crack sensor and near-field microwave guiding 
devices were used to detect shear and flexural cracks, and evaluate their width, extent, and 
spatial distribution on RC members (Yeh, 1994a; Huber et al., 1997a, 1997b; Chen et al., 2004). 
 
The objectives of this chapter are to propose a new framework for the structural condition 
assessment of RC structures, develop two electromagnetic waveguide systems for the detection 
of cracks in RC structural members, validate the technology with the large-scale testing of 
structures, and discuss the potential for practical implementation of the developed technologies. 
 
CRACK DETECTION SENSORS AND THEIR PRINCIPLES 
 
Several nondestructive evaluation (NDE) techniques, such as ultrasonic, acoustic emission, and 
eddy current, have been available for years (Zoughi, 2000). They were shown to be effective in 
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detecting damage in various applications. These tools are exclusively used to determine the 
severity of damage at a specific location of a structure. However, it is not always feasible to 
determine the location of potential damage in complex civil engineering structures prior to 
testing. New ways of evaluating the structural condition of RC members are thus needed. 
 
New Framework for RC Structural Condition Assessment 
 
A three-level strategy is proposed in this chapter to assess the damage of an RC structural system 
using electromagnetic wave-guiding tools. The first level of detection is to apply the recently 
developed, distributed cable sensors to locate and detect the near-surface cracks in any major 
member of the structure (Chen et al., 2004). The second level of detection is to apply microwave 
technology to refine the crack distribution at critical locations, such as near the beam-column 
joints or where the first-level detection has indicated the occurrence of excessive cracking. The 
third and last level of detection is to infer the structural condition of the member from the 
measured crack patterns (Nazmul and Matsumoto, 2003). Following is a presentation of the 
development, validation, and application of cable sensors and microwave technology toward the 
accomplishment of the first two-level detection in the proposed strategy. 
 
Distributed Cable Sensors 
 
Mechanism 
 
The distributed crack sensors are actually coaxial cables. Two different designs of cables have 
been studied thus far. In the previous study by Chen et al. (2004), each sensor consists of a solid 
inner conductor, a spirally wrapped copper tape outer conductor, and a rubber tube in between 
the conductors as dielectric, which is referred to as a rubber sensor in this report. It differs from a 
commercial coaxial cable in that the topology of the outer conductor of the sensor can change 
with the onset of a crack in the concrete in which it is embedded. For example, Figure 8.1 shows 
the change of current flow path on the outer conductor of the sensor. When two spirals that are 
originally in perfect contact are partially separated, the original continuous cylindrical outer 
conductor at zero load becomes spiral at the location of partial separation, and thus changes the 
topology of the sensor. This topological change results in a detour of the current path. Therefore, 
one of the most critical sensor parameters is the mechanism to allow partial separation of two 
adjacent spirals. In the case of rubber sensors, the outer spirals are bonded with adhesive on the 
rubber tube and it is the flexibility of the rubber tube that enables the separation of spirals when 
subjected to a pair of equal but opposite forces (Chen et al., 2004). 
 

Current flow path

Partial separation of spirals  
Figure 8.1 Current flow change due to separation of spirally wrapped outer conductor. 
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New Design of Sensors and Their Physical Properties 
 
The new design of crack sensors differs from the rubber sensors in the use of dielectric material 
and in the fabrication process of their outer conductor. The new sensor is made up of an inner 
conductor, a rigid dielectric material, and an outer conductor which is coated with a layer of 
solder, as can be seen in Figure 8.2. The inner conductor is made up of 10-gauge twisted silver 
plated copper wires surrounded with a PTFE (Teflon) dielectric. As such, the sensor is herein 
referred to as a Teflon sensor. The outer conductor of the sensor is a stainless steel spiral 
material. The inner conductor is 2.8 mm (0.11 in.) in diameter and the dielectric material is 0.35 
mm (0.014 in.) thick, while each turn of the spiral is 3.0 mm (0.12 in.) in width, as shown in 
Figure 8.2. The spiral is wrapped without adhesive around the dielectric in such a way as to 
ensure that each turn of the spiral is touching edge to edge without any gap or overlapping. The 
spiral can therefore slide along the dielectric. A thin coat of solder is then evenly applied over the 
entire surface of the spiral enabling the spiral to remain in place and allowing for a continuous 
axial current path over the surface of the outer conductor at zero loading. The solder is strong 
enough to hold the spirals in place while still allowing for the spirals to separate when the 
concrete surrounding the sensor cracks and pulls the spirals apart. This enables the outer 
conductor to be electrically continuous but mechanically separate. The sensors can be embedded 
in 1.27 cm × 1.27 cm (½ in. × ½ in.) channels in the face of RC members and grouted into the 
channel using a masonry grout. When the crack propagates across the channel containing the 
sensor, the grout also cracks with the member. The grout adheres to the outer conductor of the 
sensor and when it cracks, the spiral is separated. 
 

 
Figure 8.2 Cut-away sample of a Teflon sensor. 

 
Signal Measurement 
 
The measurement principle implemented in the crack detection system is electrical time-domain 
reflectometry (ETDR). This involves sending a pulse down a signal carrier, cable or sensor, and 
the reflection of that signal is then sampled, as illustrated in Figure 8.3. With a sampling device, 
time-domain reflectometer (TDR), a bandwidth of 20 GHz can be achieved for repetitive signals 
at a sampling rate of 200 kHz, using equivalent sampling techniques. If there is an impedance 
change or discontinuity at one location along the length of the cable, the reflection of the input 
signal at that location will be distinguishable from the remaining portion. This discontinuity is 
because of some type of change or interruption in the path of current. This is brought about by 
either a geometric change of the cable cross-section, or by a change in topology of one of the 
conductors. In the case of the distributed crack sensors in this study, the change in topology of 
the outer conductor is what causes an interruption of current flow at the location of a crack in the 
concrete, as illustrated in Figure 8.1. When the crack in the concrete propagates across the 
sensor, the solder across the joint between the spirals at that location is broken and the spirals are 
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pulled apart. This causes a change in the current path, resulting in a signal discontinuity and 
reflection in the sensor at that particular location. How much separation between spirals and how 
many spirals are pulled apart determines the amplitude of the reflected signal. It is in this way 
that the relative size of the crack can be determined by relating it to the amplitude of the reflected 
signal. Figure 8.4 shows a typical sensor signal in real-time as seen on the screen of the TDR 
(top line only). The location of the discontinuity along the length of the sensor can also be 
determined from the delay time of the reflected wave. The signal on the sampling device shows 
the electrical equivalent of the sensor on the screen in time versus the reflection coefficient, 
which is a measure of how much of the signal is reflected. This reflection coefficient is directly 
related to the discontinuity in the sensor at the point of deformation (Chen et al., 2004). Since the 
material properties of the sensor are known, the velocity of the signal can be determined and the 
time can be directly converted into length, which allows for correlation between the electrical 
location of the discontinuity and the physical location of the crack. 
 
Before any cracking occurs, a baseline signal is recorded. This baseline is subtracted from all 
data taken during testing to get a better understanding of what changes are taking place in the 
sensor. Although the cracks that occur can easily be seen from the raw signal, taking out a 
baseline shows more clearly the change in the reflected signal at the onset of a crack. 

 
 
 
 
 
 
 
 

Figure 8.3 ETDR measurement principle. 
 

Figure 8.4 Real-time snapshot (top) 
and baseline data (bottom). 

  
State-of-the-Art Development 
 
Since the 1950s, ETDR has been applied to power and telecommunication industries to locate 
and identify faults in transmission cables. The technology slowly began to develop some 
applications in geotechnics in the 1970s. More recently, its applications have been extended to 
various topics including the characterization of solute transport parameters (Vanclooster et al., 
1993), monitoring of abandoned mines (O’Connor and Murphy, 1997), determination of the 
volumetric water content of soils in triaxial testing (Grozic et al., 2000), and identification of the 
causes of ground penetration radar reflections (Van Dam and Schlager, 2000). These applications 
can be categorized into two groups. The first group includes the detection of leakage in pipelines 
and the measurement of soil water content, soil salinity, contaminant transport, ground water 
levels, and moisture changes in embankments and pavements. This group of applications is 
based on the change in dielectric permittivity of the cable due to liquid permeation. The second 
group includes the measurement of rock and soil deformation, remote monitoring of slope 
movement, and monitoring of mine stability. This group of applications is based on the change in 
local capacitance of the cable, which results from the change in cross-section as a result of 
external loading. A state-of-the-art review by Benson and Bosscher (1999) and the book by 
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O’Connor and Dowding (1999) summarized the recent development in geo-applications. Several 
doctoral dissertations documented most of the original works (Su, 1987; Pierce, 1998). 
 
However, the use of ETDR for the purpose of damage detection of structures is just beginning. 
Unlike the rock masses or other geotechnical facilities that often undergo significant movement 
in a widespread area, overstress and damage in structures are often localized before the structures 
become unstable. The key issue in this application is to improve the sensitivity of cables to local 
disturbances such as shear and tension effects. At present, its application is limited to RC 
structures. Specifically, transmission cables are embedded into concrete specimens and, as 
distributed sensor, they are able to measure the change of characteristic impedance as a result of 
an external disturbance. Calibrated with actual damage in structures, the change in impedance 
can be used as a damage indicator. 
 
Several investigators have applied ETDR to detect crack development in RC structures. Su 
(1987) and Lin et al. (1998) embedded commercial communication cables into small-scale RC 
beams for this purpose. Their test results did not indicate a strong correlation between the change 
in impedance of the cable used and the crack development in the beam. This is because the cable 
was insensitive to the axial deformation associated with the developed crack. To increase 
sensitivity, Lin et al. (2000) designed and fabricated a new cable. They used rubber as a 
dielectric medium of the cable instead of polyethylene or Teflon materials that are used in 
commercial cables. Rubber was selected because of its low stiffness so that large deformation is 
expected to occur when the cable is subjected to an external load. The new cable has been tested 
and shown to be approximately ten times more sensitive than commercial cables. However, 
cables are subject to strain effects when embedded in concrete. Under this condition, the 
sensitivity of a commercial type of cable to external disturbances is too low to be distinguishable 
from noises in structural applications (Chen et al., 2004), irrespective of the dielectric materials 
used in the design of the cable. 
 
Microwave Technology 
 
Microwave NDE techniques have several advantages including the use of low power, provision 
for noncontact, one-sided and real-time measurement capabilities, and being small, hand-held 
and operator friendly (Zoughi, 2000; Shull, 2002). Microwave signals have the ability to 
penetrate inside of dielectric (nonmetallic) materials. They are also sensitive to dielectric, 
volumetric, geometric, and size distribution of a mixture and its constituents. So, any variation in 
the local dielectric properties (such as presence of a crack) can be readily detected. This makes 
these techniques suitable for material property characterization and detection of defects in 
dielectric media (Qaddoumi, 1998; Bois, 1999; Peer, 2002). Several measurements were 
conducted on artificial/simulated cracks and also on cracks generated by externally loading 
mortar and RC specimens. The results of these measurements were analyzed and an 
electromagnetic model was also developed to simulate crack characteristic signal given the crack 
dimensions and dielectric property of a cement-based structure. 
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NUMERICAL SIMULATIONS OF CABLE SENSOR PERFORMANCE 
 
Finite Difference Time Domain Analysis 
 
Four types of prototype sensors were considered for the crack detection of RC beams and 
columns; they are discussed later. Their dimension and characteristic impedance are presented in 
Table 8.1. The diameter of the sensors and the width of the copper tape were determined based 
on the availability of commercial materials and the insights gained through the analytical study 
(Mu, 2002). They can be classified into two groups by size. Sensor-I and Sensor-II have a larger 
diameter of outer and inner conductors than Sensor-III and Sensor-IV. Each group has two 
cables made of copper tapes of different widths. The dimension of a cable determines its 
characteristic impedance and the value of a lumped inductance. The width of the copper tape 
determines the density of separation turns, which leads to different lumped inductances. 
 

Table 8.1 Types of prototype sensors simulated. 
 
Sensor 

Diameter of the 
inner conductor 

(mm) 

Diameter of the 
outer conductor 

(mm) 

Width of spirally 
wrapped copper tapes 

(mm) 

Characteristic 
impedance 

(Ω) 
I 0.794 7.938 3.175 97  
II 0.794 7.938 6.350 97  
III 0.605 3.175 3.175 69  
IV 0.605 3.175 6.350 69  

 
Before each sensor was embedded into concrete, its response to an applied strain was 
numerically studied with the FIDELITY software. A Finite Difference Time Domain (FDTD) 
model was established for each sensor. One such model is illustrated in Figure 8.5 when the 
spirally wrapped copper tape of a sensor is completely separated for one to four turns. A round 
bar was used to model the inner conductor of the sensor. For its outer conductor, sufficiently thin 
spiral wires were implemented in the FIDELITY and they were accumulated to model a spirally 
wrapped copper tape. A small gap between two adjacent spiral wires was created to represent the 
separation between two rounds of spiral tapes. The sensors were excited by a Gaussian impulse, 
which was integrated over time to obtain the ETDR voltage waveform. By definition, the 
reflection coefficient can be determined from the voltage waveform (Rao, 2002). 
 

                                                           
         (a) One turn                  (b) Two turns               (c) Three turns                     (d) Four turns 

Figure 8.5 FDTD model of sensors under various turns of separation. 
 
Figure 8.6 presents the simulated results or reflection waveforms of one sensor, Sensor-III in 
Table 8.1, over the length of approximately 100-mm (3.94 in.) cables as various turns of 
separation are considered. Only a portion of the reflected wave around the separation of spiral 
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tapes is given in the figure. A decimal value for the turn of separation means a partial separation 
of spiral tapes. For example, 0.2 turns mean that two adjacent rounds of spiral tapes are separated 
in length by 20% of one complete turn. It is seen from the simulation results that the sensor is 
very sensitive to the topological change of the outer conductor. One turn of separation changes 
the reflection coefficient by approximately 40 milli rho. By increasing the turns of separation, 
both the peak value and the bandwidth of the waveform increase. 
 
It can be inferred from Figure 8.6 that as more turns of the spiral tapes are separated, the 
reflection coefficient increases almost linearly at the beginning and then nonlinearly at a reduced 
increasing rate. This is because the reflection coefficient increases nonlinearly with a lumped 
inductance, Lgap, which is in turn proportional to the square of the turn of separation (Mu, 2002). 
For a small value of the turn of separation or a small separation of spiral tapes, the reflection 
coefficient of the cable seems to increase linearly. With further development of more 
separations, the boundary effect from the far end of the wave propagation attenuates and, 
therefore, the maximum reflection coefficient at the near end of the cable approaches an 
asymptotical value corresponding to an infinitely long cable with the uniformly distributed 
separation of spiral tapes. 
 

 
Figure 8.6 Numerical reflection waveform of Sensor-III. 

 
Interrelation Between Reflection Coefficient, Crack Width, and Lumped Inductance 
 
When the outer conductor of a cable is separated at a loading point, the tube of the outer 
conductor that was originally cylindrical becomes a spiral coil of copper tape. To describe the 
extent of separation along the cable that is directly related to crack width, the length of 
separation is defined as the cable length over which separation(s) occurs, regardless of the gap 
size between any two spiral rounds. Since the length of separation is directly related to the crack 
width when a cable sensor is embedded in concrete, it is more relevant to describe the sensor 
behavior with the length of separation and the turn density. The turn density is defined as the 
ratio between the turns of separation and the length of separation. Figure 8.7 presents the 
reflection coefficient at the loading point as a function of the length of separation. It can be 
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0.6 turns 
0.4 turns 
0.2 turns 
0.0 turns
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observed that the sensors made of 3.175 mm (0.125 in.)-wide copper tapes, Sensor-I and Sensor-
III, have a larger value of the reflection coefficient because of their higher turn density. The 
higher turn density corresponds to a larger value of lumped inductance for a given length of 
separation, and thus a larger reflection coefficient. The highest slope of the curves in Figure 8.7 
corresponds to the most sensitive range of the sensors with respect to the length of separation. 
This range can be used to guide the optimum design of a sensor. For all four sensors, this range 
is up to 7.5 mm (0.3 in.), which is significantly higher than the width of a concrete crack of 
engineering interest (Nawy, 2003). Therefore, the design of all sensors seems appropriate for RC 
members. However, in terms of the length of separation, Sensor-I and Sensor-III are more 
sensitive than the other two, as clearly suggested in Figure 8.7. 
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Figure 8.7 Increase of reflection coefficient with separation length. 

 
To fully understand the sensors performance, it is helpful to examine the value of lumped 
inductance associated with the separation of adjacent rounds of spiral tapes. A lumped 
inductance in the order of nano Henry can be determined based on the ETDR waveform from the 
analytical results (Mu, 2003). For the four sensors under investigation, the reflection coefficient 
can be plotted as a function of the lumped inductance, as illustrated in Figure 8.8. The reflection 
coefficient increases nonlinearly with a lumped inductance. For a lumped inductance of one nano 
Henry, the reflection coefficient is over 50 milli rho. The lower the characteristic impedance of a 
sensor, the higher the sensitivity of the sensor will be. In terms of lumped inductances, Sensor-III 
and Sensor-IV seem more sensitive than the other two sensors, as illustrated in Figure 8.8. 
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Figure 8.8 Increase of reflection coefficient with lumped inductance. 
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CALIBRATION AND VALIDATION OF CABLE SENSOR PERFORMANCE 
 
Cable Calibration With Applied Strain 
 
When embedded in concrete, a cable sensor is used to measure the elongation at the location of 
the cracks. To correlate the reflection coefficient from ETDR measurements with the normalized 
elongation or “strain” applied on the sensor, calibration tests were conducted before the sensors 
were put into concrete beams. Since the relation between four prototype sensors can be 
understood by numerical simulations, in this study only Sensor-III was considered for 
experimental calibration. Sensor-III was a rubber sensor made with a single wire of 24 AWG. To 
investigate the effect of separation turns on the reflection coefficient, the sensors tested had a 
varying number of turns of the spirally wrapped copper tape. 
 
Tensile Test Setup of Cables 
 
Each prototype cable was set up in a horizontal position during tests. The overall setup of a 
calibration test, the required data acquisition and their schematic representations are shown in 
Figure 8.9(a, b), respectively. Since rubber is very flexible and can be easily stretched with a 
small load, the cable was loaded at both ends with a pair of equal loads to minimize the potential 
deformation at the fixed support. To reduce the potential sagging of the cable to a minimum, an 
additional support was provided around the mid-span. The elongation of the cable was measured 
with an LVDT toward the right end of the cable, as illustrated in Figure 8.9(b). To investigate the 
effect of separation turns on the reflection coefficient, only a portion of the tested cables with 
different separation turns was made with the new design, and the remaining part is similar to 
commercial cables. The elongation of the newly designed cable was calculated from the 
measured deflection over the entire length of the cable based on the relative stiffness factors 
between the new and the existing designs. The elongation of the cable was finally converted into 
the strain applied on the portion of the newly designed cable by dividing the elongation by the 
base length. 
 

    
(a) Overview          (b) Schematic representation 

 

Figure 8.9 Cable setup for calibration tests. 
 
Calibration Test Results and Analysis 
 
In practical applications, when a cable sensor is embedded in concrete, the number of completely 
separated turns of its outer conductor spirals is likely limited to three. Therefore, only the sensors 
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within three complete turns of the spirally wrapped copper tape were calibrated under various 
strain levels. For repeatability of test data, three identical cables were made with each number of 
turns. Each cable was identified by the number of turns and its sequence. The number of 
separation turns was expressed by English words such as one, two, and three, while their 
sequence was represented by numerical numbers such as 1, 2, and 3. For example, “one2” 
represents the second cable of Sensor-III with one complete turn of the spirally wrapped tapes. 
 
A total of nine cables were tested in calibration studies. With the exception of the first one where 
test data is unavailable due to an unstable boundary condition, the reflection coefficient of each 
cable corresponding to the peak value of reflection waveforms is shown in Figure 8.10 as a 
function of the strain applied on it. Figure 8.10 illustrates virtually no reflection of the eight 
cables at zero strain, indicating that two adjacent rounds of the copper tapes of each cable are 
electrically in nearly perfect contact. In the strain range of engineering interest up to 0.002 
(corresponding to the yielding strain of a Grade 60 steel rebar), the reflection coefficient of all 
sensors ranges approximately from 25 to 110 milli rho, which is substantially higher than what 
was expected of a commercial cable based on its geometric change or within one milli rho from 
the previous analysis. The new design therefore improves the cable sensitivity by 25–110 times 
over the commercial cables. Except for Cable “three1,” the cables of an identical design 
generally have consistent performance when each is subjected to a strain of 0.001 or higher. 
Within the strain level of 0.001, however, the variation of reflection coefficients for identical 
cables increases, especially for the cables of three complete spiral wrappings. Related to the 
initial separation of any two adjacent rounds of spirally wrapped tapes, the inconsistency in 
performance is mainly due to the nonuniformity of the cable fabrication by hand. This factor can 
be corrected when in the future an automatic production line becomes available for practical 
applications. Note that Cable “three1” is not as sensitive to the applied strain as the other two 
cables of the same design. It was observed during tests that the copper tape spirals (outer 
conductor) of Cable “three1” sensor gradually separated under strain actions, while the other two 
separated rapidly from the beginning. It was found that, at the strain level of 0.0045, three rounds 
of spiral tapes of the sensor had not separated completely. It was believed that, with an 
increasing strain, the peak reflection coefficient of the sensor will approach 120 milli rho as the 
other two sensors do. 
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Figure 8.10 Summary of cable calibration test results for Sensor-III. 
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It can also be seen from Figure 8.10 that, on the average, the cables with two turns of spiral 
wrapping in their outer conductor are slightly more sensitive than the cables with one turn of 
spiral wrapping. Since the portion of continuous outer conductors was made of a spirally 
wrapped tape that was covered with a continuous copper tape, it was observed during the tests 
that at the maximum applied strain, the one-turn cables had separated approximately one and a 
half turns of spiral wrapping in the outer conductor. The two-turn cables, on the other hand, were 
not completely separated in their spirally wrapped tape. Overall, it can be observed from this 
figure that the reflection coefficient increases with the separation turns. 
 
To visualize the change in reflection coefficient over the length of a cable, Figure 8.11 shows the 
waveforms (difference) of Cable “three3” at various strains with respect to the initial waveform 
at zero strain. The differenced waveforms are used to remove manufactured defects of a cable 
that may exist before the cable sensor is subjected to loading. As the applied strain increases, 
both the amplitude and bandwidth of a waveform increase steadily except for a significant jump 
at a strain of 4.67 × 10-4. This significant increase in reflection coefficient corresponds to an 
appreciable separation of spiral tapes in the outer conductor of the cable. 
 

 
Figure 8.11 Reflection waveform (difference) over the length of a new cable “three3.” 

 
To confirm that the new design of a cable is significantly more sensitive than other similar 
commercial cable designs, the variation of reflection coefficients along the entire length of Cable 
“three3” is illustrated in Figure 8.12. It can be observed that the maximum difference of 
reflection coefficient at various strains occurs at the location of the new cable. The smaller 
fluctuations adjacent to the new cable are likely attributable to potential sagging of the cable and 
transition from the commercial type of design to the new design. This statement is supported by 
the left span of the cable having a much smaller reflection coefficient associated with its short 
span length. It is also observed that the reflection coefficient suddenly drops to a minimum at the 
location of the first support. This is attributable to the cable being tightly clamped during tests to 
the first support only, significantly reducing the cross-section of the cable or its corresponding 
reflection coefficient. Additionally, Figure 8.12 also indicates a level of nonuniform performance 
of less than 10% “contamination” in reflection coefficient due to imperfection of the cable 
manufactured by hand, noise effect, and, more important, possible shift in base line. It is noted 

Elongation (mm): 
1.68 0.55 
1.48 0.27 
1.07 0.25 
0.60 0.08 
0.56 0.05 
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that the results shown in Figure 8.12 are the original recordings, including the initial readings 
corresponding to zero strain. 
 

 
Figure 8.12 Reflection waveform (original) over the entire length of a cable “three3.” 

 
Small- and Large-Scale RC Specimens and Test Setup 
 
Column Specimens 
 
A total of six RC column specimens were tested on the shake table in the high-bay structures 
laboratory at the University of Missouri-Rolla, as illustrated in Figure 8.13. The shake table has a 
payload capacity of 178 kN (20 tons). It operates effectively in a frequency range of 0.1–10 Hz 
with +/– 2.54 cm (1 in.) stroke. Figure 8.14 shows the dimensions and reinforcement of the 
column specimen. Designed with 27.5 MPa (4 ksi) concrete and Grade 60 rebar, each specimen 
consisted of a footing, a column, and a mass of concrete cast into the top of the column. The 
footing contained No. 13 (#4 in English Unit) longitudinal reinforcement in both the top and 
bottom, which was confined by No. 10 (#3) stirrups spaced every 15.24 cm (6 in.). The column 
was 20.32 cm (8 in.) square in cross-section and 114.3 cm (45 in.) in height. The column 
reinforcement consisted of four No. 13 (#4) rebars confined by No. 10 (#3) stirrups spaced every 
15.24 cm (6 in.). The mass was cast into the top of the column to ensure that the natural 
frequency of the specimen was within the limit of the shaking table or 10 Hz. The final design of 
the specimen allowed for a natural frequency before cracking on the order of 8 Hz. 
 
Beam Specimens 
 
A total of six small-scale RC beam specimens, Figure 8.15, were tested under static and cyclic 
loading. Each beam was 15.24 cm (6 in.) square in cross-section and 91.44 cm (3 feet) in length, 
as shown in Figure 8.16, and was constructed of 27.5 MPa (4 ksi) concrete. All were doubly 
reinforced; two had No. 10 (#3) reinforcing bars in the tension face (type I), while the other two 
had No. 13 (#4) reinforcing bars in the tension face (type II). Both had No. 10 (#3) stirrups 
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spaced at 6.35 cm (2.5 in.) with the compression reinforcement for both types consisting of No. 
10 (#3) rebar. A reinforcement schedule for the two types of beams is also given in Figure 8.16. 
 

 
Figure 8.13 Column specimen. 

 
Figure 8.14 Reinforcement detail (all dimensions in cm).

          
One Teflon sensor was installed in the tension face of each beam that was tested under a three-
point loading system, as shown in Figure 8.15. The beam was simply supported 7.62 cm (3 in.) 
from each end, and the load was applied at the center point (mid-span) of the top of the beam 
through a roller bearing. This series of tests were conducted in three phases. The purpose of the 
first phase of the experiment was to correlate crack width to the change in the reflected signal 
with static tests, and to understand the effect of crack width on the memory feature. The second 
phase was intended to ascertain how many cycles it would take to develop a crack memory with 
cyclic tests. The last phase was designed to understand the effect of loading rate on the memory 
feature with additional cyclic tests. 
 

 
Figure 8.15 Three-point loaded beam.   

 
Figure 8.16 Reinforcement detail (all dimensions in cm). 

        
Beam-Column Specimens 
 
A total of five beam-column specimens were tested as discussed in Chapter 6. The dimensions 
and reinforcement details of a CEUS bridge specimen were described in Figures 6.6 and 6.7. At 
least one cable sensor was embedded 1.27 cm (0.5 in.) deep into the tension or compression 
surface of each specimen for validation of its performance with large-scale structures. In 
addition, the beam-to-column joint area creates a 90º bend; how a cable sensor responds to the 

FRP wrapping 
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bend is another reason for this series of tests. For convenience, the physical specimen similar to 
Figure 6.37 is shown in Figure 8.17. The detail of cable lengths is illustrated in Figure 8.18 for 
the installation of the cable in Specimen #1. Similar deployment of cable sensors are done in 
Specimen #3, but the length of the sensors may be different.  
 

 
Figure 8.17 Large-scale beam and column. 

Cable sensor 79cm

Cable sensor 157cm

Tek11801B Digital 
Oscilloscope with 

SD-24 TDR Plug-in

Coaxial cable 157cm

Load direction

 Compression

Tension

 
 Figure 8.18 Cable sensor deployment.

         
Dynamically Loaded Columns on Shake Table 
 
Column Test Matrix and Results 
 
One sensor was installed in each square RC column that was tested under sinusoidal loading. The 
test matrix of six columns, with and without retrofitting using fiber reinforced polymer (FRP) 
composites, is presented in Table 8.2 for the purpose of illustrating both surface and hidden 
cracks. Each column was tested by incrementally increasing the excitation frequency from 2 Hz 
to 9 Hz, and then back to 2 Hz in order to obtain useful column response data around the natural 
frequency of the column. This was done at increasing stroke levels from 0.254 mm (0.01 in.) to 
3.81 mm (0.15 in.). In general, the largest stroke level corresponds to fracturing of the vertical 
reinforcement at the column-footing interface after approximately 20,000 cycles of loading. 
During testing, it was often observed that the signal from the TDR would reveal cracks in the 
column face before the cracks were observed by visual inspection. At the stroke specified in 
Table 8.2, the crack pattern on all columns and the corresponding TDR signal waveform 
(difference from the baseline prior to loading) are presented in Figure 8.19. It is clearly seen 
from Figure 8.19 that all cracks have been successfully identified with the measured signal. The 
data shown for Columns C1-C4 are at a table stroke level of 0.178 cm, and the data for Column 
C5 was recorded at a stroke level of 0.076 cm. The decreasing levels represent data taken at the 
frequency shown in the legend in Hz. The reflection coefficient changes with the excitation 
frequency, representing the dynamic effect on the column behavior. In Columns C3-C5, FRP 
wrapping was applied to the lower 61 cm (24 in.) of the column. The sensors were installed 
before the FRP was wrapped around the columns so that the ability of the sensors to detect 
cracks beneath such retrofit options, which would normally conceal cracks, could also be 
investigated. In Columns C3 and C4, fibers were oriented horizontally so that the cracks that had 
occurred beneath the FRP would separate the FRP sheets in the weak direction of the fibers and 
could therefore be seen at the surface of the FRP sheets. The sensors accurately detected the 
location of these cracks beneath the wrapping. In Column C5, the cracks beneath the FRP could 
not be physically seen because two FRP sheets had been applied with horizontally- and 
vertically-oriented fibers, respectively. However, Sensor T5 in that specimen did show that there 
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were cracks across the face of the column in the retrofitted region, as indicated in Figure 8.19 for 
Column C5. It is clearly seen from Figure 8.19 that for all excitation frequencies the location of 
the peaks in the signal correlates well with the respective physical location of the cracks. 
 

Table 8.2 Test matrix of column specimens. 
Column Retrofit Stroke (mm) Rubber-Sensor Teflon-Sensor Crack 

C1 No 1.78 N/A T1 Surface 
C2 No 1.78 N/A T2 Surface 
C3 Yes 1.78 N/A T3 Hidden 
C4 Yes 1.78 N/A T4 Hidden 
C5 Yes 0.76 N/A T5 Hidden 
C6 No 0.76 R1 N/A Surface 

 

        
               (a) Column C1                          (b) Column C2 

           
              (c) Column C3           (d) Column C4 

 
(e) Column C5 

Figure 8.19 Differenced signals taken at given excitation frequencies in Hz. 
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Teflon Versus Rubber Sensors 
 
To understand the performance of rubber sensors under dynamic loading, one such sensor was 
installed in Column C6, as indicated in Table 8.2. At an excitation frequency of 5.00 Hz, 5.25 
Hz, 5.50 Hz, and 7 Hz, respectively, the reflected signal from the rubber sensor is shown in 
Figure 8.20 at a stroke of 0.762 mm (0.03 in.). In comparison with Figure 8.19, Figure 8.20 
indicates that the reflected signal from the rubber sensor is considerably smaller in responding to 
the occurrence of cracking. This is due in part to the rubber material likely delaying its response 
to the rapidly cracking effect because of the material viscosity under dynamic loading. 
Therefore, the rubber sensors are more applicable to slowly developed cracks or strain 
measurements, as discussed in Chen et al. (2004). 
 

 
Figure 8.20 Differenced signal from rubber sensor R1 at given frequencies in Hz. 

 
Sensor Fatigue 
 
An issue that needed to be addressed with these new sensors is their fatigue life. During the 
shake table tests, it has been observed that all sensors continued to be functional until the failure 
of tested columns (fracture of main reinforcement) after over 20,000 cycles of motion. The only 
unexpected situation was with a loose connector at the end of Sensor T1 as a result of bending 
back and forth repeatedly during testing, but this connector was easily repaired. In the event that 
a sensor might be damaged, it is relatively simple to cut the sensor from the groove, and replace 
and regrout a new sensor in its place without disturbing the structure itself. This is possible since 
the sensor is embedded into the face of the concrete usually no deeper than 1.27 cm (½ in.). 
 
Discovery of Memory Feature 
 
One of the more interesting discoveries after the dynamic column tests, was the observation of 
the sensor being able to “remember” where the cracks had occurred after testing was completed. 
While it was visually difficult to detect the cracks on the face of the column, the peaks in the 
signal from the sensor corresponding to cracking remained visible in the signal once testing was 
completed. This can be very useful in post-disaster evaluation of RC structural members by 
being able to more accurately and quickly ascertain the damage that occurred to the structure 
during the event. Figure 8.21 shows the signal from Columns C4 and C5 captured after testing 
was completed. It can be seen from Figure 8.21 that the cracks that had opened during motion 
are still visible in the sensor signal. 
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               (a) Column C4               (b) Column C5 

Figure 8.21 Difference data captured during testing and memorized after tests. 
 
As will be discussed in the following section, the observed feature above is actually a result of 
the occurrence of the permanent displacement or misalignment on the sensor. For lack of a better 
term, it is referred to as a “memory” feature in the remaining presentation. The memory feature 
will enable the sensors to be implemented either with or without a network for earthquake 
damage assessment. If a network is used, then it would be possible to acquire real-time data from 
the crack sensors. It is also possible to implement the sensors without a network, since data 
reflecting the important part of the crack history close to the maximum crack width can be 
obtained from the sensor after an event has occurred. This is significant because it allows for 
useful data to be obtained in the event that data acquisition equipment either loses power or is 
damaged. This memory feature was investigated more closely and is discussed in the next 
section of this study. 
     
Statically and Cyclically Loaded Beams for Memory Feature Characterization  
 
With the discovery of the memory feature, a new test protocol was developed to understand 
when the memory feature appears. The memory feature is related to the sliding mechanism of 
spirals over the dielectric of a Teflon sensor. When the crack opens, the spirals are separated 
locally, and when the crack closes again, the spirals can be misaligned which will continue to 
reveal a discontinuity in the signal. A schematic representation of the misalignment is shown in 
Figure 8.22. From this figure, one can see that the edges of the spirals are no longer in contact 
with one another after they have been pulled apart. Therefore the width of a crack, the rate of 
loading, and the number of times that the crack opened and closed are considered possible 
parameters contributing to the permanent deformation of the outer conductor of the sensor at the 
location of a crack. 
 

  
Figure 8.22 Separation and resultant misalignment of spirals under dynamic loading. 
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Test Procedure 
 
The test matrix of beam specimens is given in Table 8.3. For the static loading case, the beam 
was loaded in incrementally increasing levels so that as cracks appeared, their width could be 
physically measured at each loading level to compare with the reflected signal from the sensor. 
The loading was displacement controlled with the Tinius Olsen machine so that the width of the 
cracks remained as constant as possible while measuring was taking place. As the cracks started 
to propagate, their width was measured with a crack scope with a resolution of 0.025 mm (0.001 
in.) and a maximum measurable width of 3 mm (0.12 in.). The loading displacement level was 
measured at the mid-span of the beam and was typically increased in steps of 0.5 mm (0.02 in.). 
However, in some cases when it was observed that the signal from the sensor at the location of a 
crack was changing rapidly, that interval was decreased to 0.25 mm (0.01 in.) so that the 
progressive opening of the cracks could be captured in better detail with additional data points. 
The load deflection was increased until the beam was near the point of yielding based on the 
change in slope of the load-displacement curve. 

 
Table 8.3 Test matrix of beam specimens. 

Beam Type Sensor Effect studied 
B1 I T6 No. of cycle 
B2 I T7 Crack width/No. of cycle 
B3 II T8 Crack width/No. of cycle 
B4 II T9 No. of cycle 
B5 I T10 Load rate 
B6 II T11 Load rate 

 
For cyclic tests with the Tinius Olsen machine, a constant deflection was repeated throughout an 
increasing number of cycles. Each beam was loaded to a maximum deflection of 80% of its 
maximum deflection from the static tests. The deflection value was chosen so that the cracks 
would open significantly yet preventing the beams from yielding or failing. The load was applied 
and then released at a rate of 0.762 mm/sec (0.03 in./sec) which was limited by the loading 
machine. Data was recorded from the sensor at peak displacement and then again after each set 
of cycles was completed, at no load, to capture the memory phenomenon. The beams were tested 
until very little or no change was observed in the reflected signal from the TDR at each crack 
location in the unloaded condition. 
 
To see the effect of a higher loading rate on memory feature, two additional beams (B5 and B6 
in Table 8.3) were cyclically tested. In these cases, a small groove, 3.2 mm in depth (0.125 in.), 
was cut in the bottom center of the beams to control the location of the largest crack. Both beams 
were first loaded statically with the Tinius Olsen machine until the first crack was discernable in 
the signal and visible by sight. Beam B5 and Beam B6 were subjected to a mid-span deflection 
of 2.54 mm (0.1 in.) and 3.81 mm (0.15 in.), respectively, due to their difference in 
reinforcement. Once the data from this setup was recorded, the specimens were placed in the 
MTS880 loading machine and loaded with half-sine motion at a frequency of 1 Hz, or 7.62 
mm/sec (0.3 in./sec), in 5 cycle increments. At the end of each 5-cycle set, data was recorded 
from the crack sensors at zero loading. 
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Crack Width Versus Reflection Coefficient 
 
Figure 8.23 shows the reflected waveform at different loading levels that are represented by the 
mid-span deflections, and the crack pattern corresponding to the largest static load for Beams 
B1-B4. In the figure, the start and end of the sensor is illustrated by dotted lines on the column 
face. It was observed from Figure 8.23 that the smallest detectable crack according to the data 
recorded from the crack sensors was typically around 0.15 mm (0.006 in.). This value of crack 
width is larger than that observed in the previous study (Chen et al., 2004), which is attributable 
to the application of soldering outside the steel spirals. Even so, this is still within the desired 
detectable range, 0.35–0.41 mm (0.014–0.016 in.), for structural applications (Nawy, 2003). 
Figure 8.23 also indicates that the location of most cracks can be clearly identified from the 
measured reflection coefficient. It is noted that some of the cracks shown on the side view of 
beams may not actually pass through the sensor installed at the bottom face of the beams. This 
may explain why a few cracks seem missing from the measured signals. 
 

        
    (a) Beam B1       (b) Beam B2 
 

          
     (c) Beam B3       (d) Beam B4 

Figure 8.23 Difference waveforms at given mid-span deflections in % of span length. 
 
An attempt was made to quantify the relationship between increase in crack width and increase 
in change of the reflected TDR signal from the sensor data. Figure 8.24 shows both the reflection 
coefficient and crack width of Beams B2 and B3 under various loading conditions that are 
represented by the mid-span deflection in terms of percentage (%) of the span length. The crack 
number shown in Figure 8.24 refers to Figure 8.23. In general, the results show an increase in 
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reflection coefficient as the crack width increases, especially at low loads. For each particular 
crack, the curves for the reflection coefficient and the crack width show an excellent trend for 
correlation. It is observed from Figure 8.24 that at a load level of approximately 0.70%, the crack 
width and the reflection coefficient corresponding to Crack #1 of Beam B2 drops steeply. This 
can be explained by the dramatic widening of the adjacent crack, Crack #2, at that loading level, 
resulting in stress redistribution of the beam. The curves corresponding to Crack #1 begin to 
increase again as the loading level increases. The presence of multiple cracks makes it difficult to 
establish a representative correlation between the reflection coefficient and the crack width. It is 
noted that, in Figure 8.23(d), several peaks were shown in the reflection waveform of Beam B4 
between zero and approximately 15 cm (5.9 in.) due to loose contact of the end connection with 
TDR. This problem was identified during the testing and corrected before cyclic tests. 
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(a) Beam B2 
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(b) Beam B3 

Figure 8.24 Change in reflection coefficient at crack location and corresponding crack width 
versus mid-span deflection expressed in % of span length. 

 
Effect of Crack Width on Memory Feature 
 
At the end of static tests of Beams B2 and B3, the reflected waveform was acquired again after 
the loads applied on them had been removed. This time, only the largest cracks (> 0.25 mm) 
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could be seen in the signal, as shown in Figure 8.25. This indicates that crack width is an 
important parameter affecting the memory feature. Even if a large crack opens only one time, the 
crack-induced separation of the spirals of the sensor outer conductor could be so large that 
misalignment of the spirals is likely to occur when the crack closes. As illustrated in Figure 8.1, 
this misalignment will cause a discontinuity in the current flow through the outer conductor of 
the sensor resulting in a permanent change in the reflected signal at that location. However, if the 
crack is small when it is opened, the spirals of the sensor outer conductor can return to their 
original configuration allowing for the current path to be undisturbed and no discontinuity to be 
seen in the signal. It is noted that Figure 8.25(b) indicates some fluctuation of the reflected signal 
within approximately 15 cm due to loose contact of the end connection with the TDR device. 
This was found and tightened immediately after that test. 
 

                 
            (a) Beam B2        (b) Beam B3 

Figure 8.25 Difference signal taken at zero load after static tests were completed. 
 
Effect of the Number of Loading Cyclic on Memory Feature 
 
Even though a crack is relatively small, when the spirals are separated a number of times due to 
opening and closing of the crack, some fatiguing of the spiral material likely takes place, and 
because of permanent deformation, the spirals will again remain misaligned creating a 
discontinuity in the sensor. As shown in Figure 8.25, the largest crack in Beams B2 and B3 
remained in memory after only one cycle of loading. In each case, the rest of the cracks remained 
visible in the signal at no load after no more than 15 cycles, as shown in Figure 8.26. The 
location of the sensor is shown in dotted lines in Figure 8.26. As the number of cycles increased, 
the peaks corresponding to each crack grew in magnitude of reflection coefficient. However, 
typically by 160 cycles, the peaks had stabilized. These observations confirm that the smaller 
cracks do in fact remain detectable in the signal at no load after a very low number of cycles. It 
can be seen from Figure 8.26 that the crack pattern in each beam was consistent. In each 
instance, the cracks near the center of the beam were the largest in width. The cracks that opened 
away from the center were smaller in magnitude. It can be seen that as the number of cycles 
increase, the magnitude of the disturbances in the reflected wave become larger. This figure also 
shows the excellent correlation of the location of major cracks along the beams. 
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     (a) Beam B1             (b) Beam B2 
 

       
     (c) Beam B3            (d) Beam B4 

Figure 8.26 Difference waveform at zero load after given number of cycles (legend). 
 
While the majority of the cracks are apparent in the signal from the sensor at zero loading, some 
of the smallest cracks do not show up even after several cycles. Therefore, it is important in 
practical applications to implement a method of data acquisition that will capture a time-history 
of crack data. This will further improve the performance of the crack sensor system enabling the 
detection of all cracks that are sufficiently large to have structural implications. 
 
Effect of Loading Rate on Memory Feature 
 
The results from the cyclic tests of Beams B5 and B6 are presented in Figure 8.27. They are 
consistent with those from the cyclic tests of Beams B1-B4 under slower loading in that the 
number of cycles required to invoke the memory of the sensor were in the same order. Within the 
first five cycles of loading the largest crack was visible in the signal at zero loading. More cracks 
propagated within the first five cycles as well. The width of those cracks was not able to be 
physically measured with the crack scope due to the test setup. However, they were smaller in 
size than the initial crack in both cases, and were similar in size and in pattern to the cracks in 
Beams B1-B4. The smaller cracks from the previous tests began to remain in the signal at zero 
loading within 15 cycles. Figure 8.27 shows how the cracks became increasingly visible as the 
number of cycles increased. It can also be seen from the photographs that, once again, location of 
the cracks are easily determined from the crack sensor signal. 
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    (a) Beam B5              (b) Beam B6 

Figure 8.27 Difference waveform at zero load after given number of cycles. 
 
Cyclically Loaded Beam-Columns as Test Bed of Cable Sensor Application 
 
With small-scale RC beams and columns, the distributed cable sensors proved to be very 
effective in locating cracks and measuring their width. Their performance is further verified in 
this section with the large-scale beam-column specimens, especially with the presence of a 90º 
bend at the beam-column joint. 
 
Specimen #1 
 
A rubber sensor was installed on the first beam-column assemblage, Specimen #1. Under tension 
loading, the difference waveforms measured from a crack sensor are presented in Figure 8.28, 
corresponding to a load of 80 kN (18 kips), 173 kN (39 kips), 300 kN (68 kips), 1.98 cm (0.78 
in.), and 2.97 cm (1.17 in.). The crack numbers in Figure 8.28 correspond to the crack pattern 
illustrated in Figure 8.29(a, b), at 177.3 kN (38.85 kips) and 1.98 cm (0.78 in.), respectively.  
 

 
Figure 8.28 Difference waveform under tension. 
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(a) Crack pattern at 173 kN (b) Crack pattern at 1.98 cm 
  

Figure 8.29 Crack pattern at 173 kN and 1.98 cm in tension. 
 

By comparing Figure 8.28 and 8.29, it can be seen that the measured waveforms match well with 
their corresponding crack patterns; the sensor has been successful in detecting cracks in the 
large-scale beam-column assemblage. It is also observed that the change in reflection waveform 
follows the development of the cracks. For example, at the load of 86.43 kN (19.43 kips), no 
noticeable crack was identified by visual inspection; the corresponding waveform changes 
slowly except for subtle peaks corresponding to Crack #1 and #2. When 177.3 kN (38.85 kips) 
and 259.2 kN (58.28 kips) are applied on the assemblage, Crack #3 and #4 start appearing in the 
waveform, and Crack #1 and #2 become very obvious. By the time that the specimen is subjected 
to a displacement of 1.98 cm (0.78 in.) and 2.97 cm (1.17 in.), all cracks can be clearly identified 
from the measured signal. 

 
Specimen #3 
 
One Teflon sensor and one rubber sensor were installed on the specimen. The sensors were 
installed along the beam, bent at the construction joint and continued up the face of the column. 
To control the change in reflection at the joint, copper foil tape was wrapped around the sensor at 
the bend because the foil, when bent, reflects a much smaller disturbance when the sensor is 
bent. 
 
The initial testing, which took place in December of 2003, involved no retrofit scheme. The 
beam-column was loaded at three loading levels, 86.43 kN (19.43 kips), 177.3 kN (38.85 kips), 
and 259.2 kN (58.28 kips). There was minor cracking on the face of the column which was 
detected by both sensors, as seen in Figure 8.30 and Figure 8.31. After retrofitting had been 
completed, the specimen was tested again in August of 2004. The same three loading levels were 
applied and the results are shown in Figure 8.30 and Figure 8.31. The magnitude of the reflection 
coefficient for most of the cracks is reduced during the second test, more likely as a result of the 
retrofit. 
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Figure 8.30 Differenced signals taken of the Teflon sensor. 
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Figure 8.31 Differenced signals taken of the rubber sensor. 

 
The higher levels of loading were done on a displacement-controlled basis to control the 
displacement ductility level of the column. During these higher levels, the reflection of the 
respective cracks grew in magnitude, as seen in Figure 8.32. As can also be seen in Figure 8.32, 
the Teflon sensor incurred damage at the construction joint, and the section of the data 
correlation to the beam can no longer be seen as of the loading displacement of 2.97 cm, cycle B. 
The rubber sensor does not show this. The cause of the damage can be seen in Figure 8.33 which 
shows the sensors at the location of the construction joint under load. The rubber sensor, whose 
dielectric is very flexible, was able to stretch and the outer conductor, never losing contact thus 
allowing the signal to be uninterrupted at the joint. However, as can be seen, the outer conductor 
of Teflon sensor had been damaged due to the frailty of the copper foil exposing the Teflon 
dielectric material. It should be noted that the cable itself did not break; only the copper foil was 
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“scraped” off by the excessive motion of the rough concrete against the sensor during cyclic 
testing. The sensors also revealed an increase in crack growth at successive cycles of the same 
load level, as seen in Figure 8.34. This progressive change in the sensor signals indicates the 
widening of the cracks after repeated cycles of loading. 
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Figure 8.32 Differenced signals taken at given load/displacement level. 
 

 
Figure 8.33 Photo of two sensors at the beam-column construction joint. 

 

0 100 200 300 400-10

0

10

20

30

40

50

Distance (cm)

Re
fle

ct
io

n 
co

ef
fic

ie
nt

 (m
rh

o) Disp. 2.97 cm 3rd cycle
Disp. 2.97 cm 2nd cycle
Disp. 2.97 cm 1st cycle
Disp. 1.98 cm 3rd cycle
Disp. 1.98 cm 2nd cycle
Disp. 1.98 cm 1st cycle

Column Beam
0 100 200 300 400-10

0

10

20

30

40

50

Distance (cm)

Re
fle

ct
io

n 
co

ef
fic

ie
nt

 (m
rh

o)

Disp. 2.97 cm 3rd cycle
Disp. 2.97 cm 2nd cycle
Disp. 2.97 cm 1st cycle
Disp. 1.98 cm 3rd cycle
Disp. 1.98 cm 2nd cycle
Disp. 1.98 cm 1st cycle

Column Beam

 
                                   (a) Teflon sensor                                           (b) Rubber sensor 

Figure 8.34 Differenced signals taken at two displacement levels.  
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NEAR-FIELD MICROWAVE MEASUREMENTS 
 
Test Specimens, Setup, and Procedure 
 
Test Specimens 
 
Several mortar and concrete cylindrical specimens, 102 mm (4 in.) in diameter and 203 mm (8 
in.) in length, were cast for the detection of cracks with near-field microwave measurements. 
Each specimen had a 1 mm (0.039 in.) or 2 mm (0.078 in.) wide artificial crack that was created 
on its side face during construction. Both surface crack and interior crack were considered, as 
illustrated in Figure 8.35. The surface crack can be seen on the side surface of the specimen, 
while the interior crack, simulated with an embedded thin plastic sheet, extended to 
approximately 2–3 mm (0.078–0.117 in.) from the cylindrical surface to represent a crack that 
does not yet break to the surface. 
 

                     
Figure 8.35 Test specimens. 

 
Experimental Setup 
 
Figure 8.36 shows the schematics of a laboratory designed microwave reflectometer that was 
used to scan each specimen. The key component of the reflectometer, an open-ended rectangular 
waveguide, is placed away from the specimen by a standoff or liftoff distance, which represents 
the physical space between the waveguide aperture and the surface of the specimen. The 
rectangular waveguide can be positioned either at an inclination angle to the surface of the 
specimen, as shown in Figure 8.36, or perpendicular to the specimen surface (0º incidence 
angle). A microwave oscillator sends a signal to the open-ended rectangular waveguide at a 
given frequency. The incident wave launched from the waveguide propagates through the air 
over the standoff distance and encounters the surface of the specimen. A portion of the incidence 
wave is reflected back to the waveguide and picked up at the waveguide aperture. The reflected 
wave, along with the incident wave, forms a standing wave inside the waveguide. The voltmeter 
reads a voltage proportional to the reflected signal existing at the location of a diode detector in 
the waveguide. This voltage is recorded as the waveguide scans along the length of the 
specimen. 
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The reflected signal depends on the local dielectric property of the material present in the 
vicinity of the open-ended rectangular waveguide. For an inhomogeneous mixture, such as 
mortar or concrete, the local dielectric property of the material varies depending on the 
composition of its constituents (i.e., sand and coarse aggregates) present at that location. Thus, in 
the presence of a defect such as a crack, the defect’s orientation, dimensions, and composition 
directly affect the local dielectric property of the material. The variation in the reflected signal is 
influenced by the variation in the local dielectric property of the material. Crack characteristic 
signal is the detector voltage plotted as a function of scanning distance, obtained when a crack is 
scanned over a waveguide aperture (Huber et al., 1997a; Yeh, 1994a). 
 

 
Figure 8.36 Experimental setup. 

 
Testing Procedure 
 
Each cylindrical specimen, as shown in Figure 8.35, was scanned for eighteen times over its 
side/circular surface with the open-ended rectangular waveguide sensor operated at 10.5 GHz. 
As illustrated in Figure 8.36, each line of scan started at one end of the specimen, along its 
length, and ended at its other end. After one line of scan, the specimen was turned approximately 
20 degrees and scanned again. This process was repeated for eighteen times until the entire side 
surface of the specimen was covered. The eighteen scans were then plotted next to one another to 
produce a coarse two-dimensional (2-D) microwave image of the specimen as if the cylindrical 
surface had been unwrapped into a flat surface. The specimen was also scanned at several 
standoff distances.  
 
Factors Influencing Crack Characteristic Signal 
 
The degree by which these cracks can be detected depends on many factors including standoff 
distance, frequency, homogeneity (i.e., mortar versus concrete) of the specimen, incidence angle 
of the probe, crack opening dimension, and contrast between the dielectric properties of the crack 
(i.e., air) and the specimen (i.e., mortar or concrete) (Zoughi et al., 1996). Soaking the specimens 
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into water can increase this contrast. Indeed, in practice structural columns may be subject to 
moisture. Thus, in addition to the measurements mentioned above, the specimens were also 
soaked for about 24 hours and then similar scans were obtained right after their removal from a 
water bath, approximately two hours after removal from the bath (i.e., some of the water 
evaporating), and one day later. 
 
Moisture and Water 
 
A representative set of results is included in this report. Figure 8.37 shows the microwave images 
of the mortar specimen with a 1 mm (0.039 in.) wide surface breaking crack at a standoff 
distance of 3 mm (0.117 in.). The results clearly show the presence of the crack. They also show 
the expected improvement in the contrast when the specimen is moist.  

 

 
(a) Dry specimen 

 
(b) Soaked specimen scanned just after removal from bath 

 
(c) Soaked specimen scanned approximately two hours after removal from bath 

 
(d) Soaked specimen scanned one day after removal from bath 

Figure 8.37 Results of the mortar specimen: 1 mm-wide surface breaking crack. 
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Similarly, the microwave images for the 2 mm (0.078 in.) wide surface breaking crack in mortar 
specimen were obtained at the same standoff distance. They are presented in Figure 8.38. As 
expected, this wider crack can be more easily detected from the images than the narrower one in 
the previous case, especially when the specimen is dry. Figure 8.39 is a reproduction of the 
results for the dry case in a cylindrical format, clearly indicating the location of the crack. 
 

 
(a) Dry specimen 

 
(b) Soaked specimen scanned just after removal from bath 

 
(c) Soaked specimen scanned approximately two hours after removal from bath 

 
(d) Soaked specimen scanned one day after removal from bath 

Figure 8.38 Results of the mortar specimen: 2 mm-wide surface crack. 
 
Interior cracks are more difficult to detect. Figure 8.40 shows the images obtained from the 
specimen with a 2 mm (0.078 in.) wide simulated interior crack. The results do not indicate the 
presence of the crack as clearly as when it is surface breaking. This is primarily due to the lack of 
adequate microwave signal penetration into the specimen at 10.5 GHz. Results may be improved 
by lowering the frequency of operation and increasing the incident power level. 
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Figure 8.39 3-D images for dry specimen: 2 mm-wide surface crack, 3 mm standoff distance. 

 

 
(a) Dry specimen 

 
(b) Soaked specimen scanned just after removal from bath 

 
(c) Soaked specimen scanned approximately two hours after removal from bath 

Figure 8.40 Results of the mortar specimen: 2 mm-wide interior crack. 
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Coarse Aggregates 
 
In the presence of aggregates, the detection of cracks in a concrete specimen becomes more 
challenging. Figure 8.41 shows the results for the 1 mm (0.039 in.) wide surface breaking crack 
in concrete. The results clearly indicate the existence of the crack. However, due to presence of 
the aggregates, 6.35–12.7 mm (0.25–0.5 in.) in size, the images become less uniform and appear 
noisier. This is the direct result of the increased inhomogeneity associated with concrete 
materials in comparison with more uniform mortar specimens. Operating at lower frequencies 
not only allows for more signal penetration, but it also reduces the effective inhomogeneity of 
the specimen since the wavelength is longer at lower frequencies. However, operating at lower 
frequencies decreases the sensitivity to the presence of smaller cracks; i.e., the resolution 
degrades. In practical applications, a proper tradeoff must be made between the two effects. 
 

 
(a) Dry specimen 

  
(b) Soaked specimen scanned just after removal from bath 

 
(c) Soaked specimen scanned approximately two hours after removal from bath 

 
(d) Soaked specimen scanned one day after removal from bath 

Figure 8.41 Results of the concrete specimen: 1 mm-wide surface crack. 
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Incidence Angle 
 
Figure 8.42 shows the scan results of a concrete specimen with an interior crack at different 
incidence angles. Positioning the open-ended rectangular waveguide at an inclination to the 
specimen lengthens the crack characteristic signal as the waveguide sees the crack over a period 
of time so that the crack virtually becomes “wider” (Huber et al., 1997b). This increases the 
crack detection sensitivity as the likelihood of detecting a signal which exists for a longer 
duration is greater than the likelihood of detecting a signal which exists for a shorter duration. 
However, when operating at larger incidence angles, for instance 40º, the waveguide begins to 
see the surroundings as well, and thus making the results less sensitive to local variations in the 
material. This decreases the crack detection sensitivity as the level of crack characteristic signal 
decreases. Therefore, an optimum incidence angle has to be determined. 
 

 
(a) Angle = 0º and distance = 10.0 mm 

 
(b) Angle = 20º and distance = 4.5 mm 

 
(c) Angle = 30º and distance = 2.0 mm 

 
(d) Angle = 40º and distance = 0.5–1.0 mm 

Figure 8.42 Images at various incidence angles and standoff distances:1–2 mm interior crack. 
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The images in Figure 8.42 do not clearly show the crack pattern. They were therefore processed 
by placing a threshold level on the gray scale intensity in the image. Figure 8.43 shows the 
processed images of those obtained by scanning the concrete specimen at 30º incidence angle. 
The crack pattern can be easily identified in the processed image, as marked with a box. 
 

 
(a) Original image 

 

 
(b) Processed image 

Figure 8.43 Effect of image processing: concrete specimen with 1–2 mm wide interior crack at 
30º incidence angle. 

 
Frequency of Operation 
 
To study the influence of operating frequency on the detection of cracks, measurements were 
conducted at 10.5 GHz (X-band) and 7.5 GHz (J-band), respectively. The aperture dimension of 
the rectangular waveguide becomes larger at lower frequencies (J-band); hence, specimens with 
larger dimensions, 152 mm (6 in.) in diameter and 305 mm (12 in.) in length, were used for this 
investigation. These specimens included a 1 mm (0.039 in.) thick plastic sheet embedded at a 
depth of approximately 15 mm (0.585 in.) from the side/circular surface. The images from 
scanning the large concrete specimen at 10.5 GHz (X-band) are presented in Figure 8.44. They 
do not show the crack pattern because of inadequate penetration of microwave signals at 10.5 
GHz. 
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(a) Angle = 0º and distance = 8.5 mm 

 
(b) Angle = 20º and distance = 4.0 mm 

 
(c) Angle = 40º and distance = 0.5–1.0 mm 

Figure 8.44 Images of concrete specimen (152 mm × 305 mm) at different incidence angles and 
distances: 1 mm-wide interior crack, operating frequency = 10.5 GHz (X-band). 

 
To increase the penetration of signals, the same specimen as the one used for Figure 8.44 was 
scanned at 7.5 GHz (J-band). The results are presented in Figure 8.45. As expected, lowering the 
operation frequency increases the depth of penetration of microwave signals into the specimen, 
allowing for the detection of cracks at greater depths, as clearly illustrated in Figure 8.45(b), but 
decreasing the ability to detect small cracks (resolution). These images also tend to be smoother 
than the images obtained at X-band as the effective inhomogeneity of the concrete is reduced. It 
can be seen that a crack is detected at J-band with an incidence angle of 20º. Although the crack 
characteristic signal can be further lengthened at a 30º incidence angle, contrast in the intensity 
of the signal between the crack and the specimen is decreased. As mentioned earlier, the interior 
crack is no longer visually identifiable in the images obtained at higher incidence angles 
(approximately 40º).  
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(a) Angle = 0º and distance = 6.5 mm 

 
(b) Angle = 20º and distance = 3.5 mm 

 
(c) Angle = 30º and distance = 1.0 mm 

 
(d) Angle = 40º and distance = 1.0 mm 

Figure 8.45 Images of concrete specimen (152 mm × 305 mm) at different incidence angles and 
standoff distances: 1 mm-wide interior crack, operating frequency = 7.5 GHz (J-band). 

 
Cracks in Axially Loaded RC Cylinders 
 
Test Specimens 
 
In the previous section, experimentations were conducted on several mortar and concrete 
specimens with artificial/simulated cracks. The width of these simulated and interior cracks was 
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about 1–2 mm (0.039–0.078 in.). This section extends the previous investigation into the 
detection of cracks that are induced by external loading. 
 
Mortar and concrete cylindrical specimens were cast with two different sizes: 102 mm × 203 mm 
(4 in. × 8 in.) and 152 mm × 305 mm (6 in. × 12 in.) (diameter × length). Each 102 mm × 203 
mm (4 in. × 8 in.) concrete specimen was reinforced with a 6.35 mm (0.25 in.) rebar passing 
through the center of the specimen along its length. For a 152 mm × 305 mm specimen (6 in. × 
12 in.), the rebar passes through the specimen along its length but at a depth of 51 mm (2 in.) 
from the side surface of the specimen, as illustrated in Figure 8.46. This depth of 51 mm (2 in.) 
was chosen because in practice columns generally have rebars at a depth of 38–51 mm (1.5–2 
in.). A notch was cut in the middle of the rebar prior to producing the test specimens so that 
cracks could be produced near this location once the rebar was loaded, see Figure 8.46. 
 

 
Figure 8.46 Schematic of a load-induced crack at the location of notch on rebar. 

 
The portion of the rebar protruding out of the specimen was attached to a Tinius Olsen machine 
for external loading. As the tension applied on the rebar gradually increases, a transverse crack is 
expected to initiate at the location of the notch and propagate to the closest surface of the 
specimen. After reaching the surface and upon further loading, the crack widens while slowly 
extending to the other side of the specimen. The specimen breaks when a crack propagates 
throughout its cross-section.  
 
Testing Procedure and Results 
 
As the loading on the rebar was gradually increased, a single one-dimensional (1-D) scan was 
performed along the length of the specimen for each increment of loading using a microwave 
reflectometer. All of the line scans obtained at each increment of loading were later compared 
with the line scan performed at zero loading (average/static variation) to detect the presence of a 
load-induced crack and its propagation. 
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These 1-D scans were conducted manually by moving the open-ended rectangular waveguide 
over the specimen while recording the diode detector voltage. The system records the diode 
detector voltage at a rate of 100 data points per second. The number of data points recorded in 
each scan depends upon the speed at which the manual scan is performed. Also, with a non-
constant speed during each individual scan, the recorded data is either compressed or expanded 
in time. Using a cross-correlation approach, the scans can be properly lined up and compared. 
    
Several mortar specimens, Figure 8.47, were tested at X-band and J-band. The results of one 102 
mm × 203 mm (4 in. × 8 in.) mortar specimen tested at X-band are presented in Figure 8.48. The 
mortar specimen was scanned with a standoff distance of 3 mm and at 0º incidence angle. The 
corresponding unprocessed data is shown in Figure 8.48. These sets of scans were performed at 
the same location for each increment of loading. All of them fall in the same range of voltage, 
but in Figure 8.48 they were shifted so as to depict the differences between them. As explained 
earlier, these line scans are aligned in space by cross-correlating them with the no load condition 
(reference line scan) on the rebar as shown in Figure 8.49. 
 

 
Figure 8.47 Mortar cylinder testing with an X-band rectangular waveguide. 
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Figure 8.48 Unprocessed line scans for various loadings on mortar specimen at X-band. 
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Figure 8.49 Aligned line scans for various loadings on mortar specimen at X-band. 

 
From Figure 8.49, it can be seen that the prominent features of the line scan for the no load 
condition, also referred to as the average/static variation, are preserved in all of the line scans. 
This particular specimen failed at about 25.81 kN (5800 lbf). The last scan performed before the 
specimen failed was at a load of 24.48 kN (5500 lbf) and, at this load, the specimen had a 
hairline crack throughout its cross-section. Thus, the difference in line scans obtained at 24.48 
kN (5500 lbf) of load and at no load should have the crack characteristic signal. The topmost 
graph in Figure 8.49, corresponding to 24.48 kN (5500 lbf) of load, clearly shows a crack 
characteristic signal. It can also be seen that the crack characteristic signal does exist in some of 
the other scans. In order to see the crack characteristic signals more clearly, the static variation at 
no load was removed from all line scans. Figure 8.50 shows the difference obtained after 
removing the average/static variation. We can see the presence of crack characteristic signal 
starting from 16.91 kN (3800 lbf) of load. At that load, the hairline crack was barely visible by 
naked eyes. As the load increases, the crack is widened and the prominence of the crack 
characteristic signal increases.  
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Figure 8.50 Aligned line scans after removal of the average/static variation at zero load. 
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Line scans shown in Figure 8.49 are aligned by cross correlating each of them with no load 
condition. However, these line scans are not perfectly aligned, implying there is no point-to-point 
alignment. If the line scans were perfectly aligned, then the coherent subtraction of no load 
condition from all the line scans would have been more sensitive to detect the presence of crack 
characteristic signal at a load lower than 16.91 kN (3800 lbf). However, more complex 
measurement techniques have to be applied to obtain a coherent (i.e., magnitude and phase) 
measurement. 
 
Cracks of Cyclically Loaded RC Beams in Flexure 
 
Three-foot-long RC beams, Figures 8.15 and 8.16, with a 127 mm × 127 mm (5 in. × 5 in.) 
square cross-section were tested. Here, line scans were performed simultaneously with two open-
ended rectangular waveguides operating at X-band (10 GHz) and K-band (24 GHz). The higher 
the operating frequency, the smaller the dimension of a rectangular waveguide aperture will be. 
For example, the K-band waveguide aperture is 10.7 mm × 4.3 mm (0.421 in. × 0.169 in.) 
smaller than X-band aperture. Rectangular waveguides with smaller apertures are more sensitive 
to small variations in the local dielectric property of the material than those with larger apertures 
(X-band). They have the ability to detect cracks of smaller dimensions (high resolution). 
However, they are also sensitive to non-crack local variations, such as the presence of coarse 
aggregates, making it challenging to identify a crack characteristic signal on scanning an 
inhomogeneous media such as concrete. 
 
The RC beams were initially statically loaded in flexure to generate cracks, as shown in Figure 
8.51. The beams were slowly loaded and unloaded; the amplitude was gradually increased each 
time. Line scans were performed along the length of the beam after each cycle of loading and 
unloading operation. After unloading the beam, cracks were partially closed leaving hairline 
cracks which were barely visible. After removing the static variation, some of these partially 
closed cracks were detected at K-band (24 GHz) (line scan performed at no load condition) but 
were not detected at X-band (10 GHz). 
 
Line scans were also performed at different heights from the bottom face of the beam (see Figure 
8.51) where the crack was expected to initiate. The larger the height of the line scan from the 
bottom face, the smaller the crack width/opening is. This investigation can allow for the potential 
of this technique to detect real cracks of varying widths to be gauged. However, it was difficult 
to detect the cracks as they were closing after the beam had been unloaded. In order to generate 
cracks that remain permanently open to a significant degree after unloading, RC beams were 
loaded cyclically. 
 

 
Figure 8.51 Schematic of testing procedure. 
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Testing Procedure 
 
Each beam had initial hairline cracks that were induced by loads in the previous static tests. It 
was then subjected to cyclical loading for a stipulated number of cycles to generate cracks that 
remain permanently open. Four line scans were performed at heights of 20 mm, 30 mm, 40 mm, 
and 50 mm from the bottom face of the beam. These set of line scans were repeated after each set 
of loading cycles. Repeated cyclical loading of RC beams increases the crack opening. In order 
to measure the increase in width of the cracks, for each crack extensometers were placed on the 
under side of the RC beams. 
 
A manual scanning system was used to record the detector voltages of X-band and K-band 
sensors/probes as well as the distance moved by the probes. The manual scanner records 28 data 
points for every 5 mm (0.2 in.) scanned. As the distance information is recorded by the manual 
scanner, line scans performed at different cycles can be perfectly aligned to remove the line scan 
performed at no load condition (static variation). Figure 8.52 shows the manual scanning system 
used for scanning the RC beam. 
 

 
Figure 8.52 Manual scanning system used for scanning the RC beam. 

 
Results and Analysis 
 
The results of two RC beams scanned at X-band are discussed here. Figure 8.53(a) shows the 
first RC beam before cyclical loading with two extensometers attached to the bottom face of the 
beam. Figure 8.53(b) shows the cracks on the RC beam after cyclical loading. The deflection of 
the beam during the cycling was set to 7.6 mm (0.3 in.). The RC beam had two hairline cracks 
prior to cyclical loading. The width of the cracks was measured by the extensometers. After the 
beam had been cyclically loaded, the cracks were widened to 0.675 mm (0.0266 in.) and 0.244 
mm (0.0098 in.), respectively. 
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       (a) Before cyclic test    (b) After cyclic test 

Figure 8.53 Cracks in RC beam: (B3 in Table 8.3). 
 
The results of scanning this RC beam with a K-band waveguide are inconclusive because of the 
severe surface roughness of the specimen. The size of the voids present on the surface of the RC 
beam, Figure 8.53(a, b), are about the size of a K-band waveguide aperture. Thus, the surface 
roughness resulted in high reflection at the waveguide aperture and subsequently masked the 
crack characteristic signals. 
 
Figure 8.54 shows the results of scanning the RC beam with an X-band waveguide at a standoff 
distance of 4 mm (0.156 in.). The line scans shown in the figure are performed at a height of 30 
mm from the bottom face of the RC beam. Figure 8.55 shows the results of line scans after 
removing the line scan conducted before cycling (0 cycles), which clearly depict crack 
characteristic signals of both cracks. 
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Figure 8.54 Line scans conducted after various cycles at X-band. 
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Figure 8.55 Difference line scans with static variations removed. 

 
The second beam also had two cracks present prior to cyclical loading. One crack was present at 
the center of the beam to which an extensometer was attached, and the other was a hairline crack 
at a distance of about 90 mm (3.54 in.) from the center of the beam. The deflection of the beam 
during the cycling was set to 5.6 mm (0.22 in.). Figure 8.56(a) shows the RC beam before 
cyclical loading with the extensometer attached to the bottom face. Figure 8.56(b) shows the 
cracks on the RC beam after 105 cycles of loading. The extensometer indicated that the width of 
the center crack was widened by 1.6 mm (0.063 in.) as a result of the cycling action. The hairline 
crack which was present prior to the cyclical loading also expanded, and a third hairline crack 
appeared in between the two existing cracks.  
 

                  
(a) Before cyclic test      (b) After cyclic test 

Figure 8.56 Cracks in RC beam (B3 in Table 8.3). 
 
The surface of the second beam is relatively smoother without many voids present. Thus, the 
results were better than the results obtained with the first beam. Four line scans were performed 
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at heights of 20 mm (0.787 in.), 30 mm (1.181 in.), 40 mm (1.575 in.), and 50 mm (1.968 in.) 
from the bottom face of the beam. The sets of line scans performed at different heights were 
placed adjacent to each other forming a 2-D microwave image.  
 
The microwave images of the boxed area in Figure 8.56, which was scanned with an X-band 
waveguide at a standoff distance of 5 mm (0.197 in.), were presented in Figure 8.57(a) before a 
cycling load was applied, in Figure 8.57(b) after 65 cycles of loading, and in Figure 8.57(c) after 
105 cycles with the static variation removed. In these figures, two data points were plotted for 
every 1 mm (0.0394 in.) scanned. It can be observed from Figure 8.57(c) that all three cracks, 
and the new hairline crack in between the two existing cracks, can be clearly identified. As 
indicated in Figure 8.57(b), the new hairline crack has not yet formed after 65 cycles of loading. 
At this stage, even the left crack induced during static tests was narrow and short, as seen from 
the image. 
 

 
(a) Before cyclic test 

 
(b) After 65 cycles 

 
(d) After 105 cycles with static variation removed 

Figure 8.57 X-band microwave images of scanned area: 4 lines with 125 mm of scan length. 
 
The microwave images scanned with a K-band waveguide at a standoff distance of 4 mm (0.157 
in.) are shown in Figure 8.58(a, b) before and after a cyclic load was applied on the beam, 
respectively. Since K-band sensor is more sensitive to local variations than X-band, the 
reflection from the surface of the beam is much higher because of the presence of voids or coarse 
aggregates. As a result, the crack characteristic signals present around the voids or aggregates 
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were masked, as indicated in Figure 8.58. It can be seen from Figure 8.58(a) that a high 
reflection was recorded in the middle region of the beam where the new hairline crack is later 
formed as a result of cyclical loading. Figure 8.58(b) shows only two cracks, and the new 
hairline crack formed between them was masked. 
 

 
(a) Before cyclic test 

 

 
(b) After 105 cycles 

Figure 8.58 K-band microwave image of scanned area: 4 lines with 125 mm of scan length. 
 
The complete set of results of cyclical loading the RC beams indicated that crack characteristic 
signals performed at different heights from the bottom face of the beam have signal strengths 
proportional to the crack width. Thus, line scans performed away from the bottom face do not 
show the presence of crack characteristic signals as the crack widths get smaller. 
 
ELECTROMAGNETIC MODELING 
 
The microwave images obtained from the rectangular waveguide sensor, or crack characteristic 
signals, can be used to locate cracks on the surface of RC members. It is difficult, however, to 
utilize the images for the determination of crack width and depth. To quantify their relation, an 
electromagnetic model will be developed in this section. Such a model can be applied to 
optimize the measurement parameters for crack detection and, more important, to extract the 
information on crack width and depth from the crack characteristic signal. This extraction 
process is typically referred to as a reverse engineering problem, which is difficult to solve in 
practical applications. As a first step toward this endeavor, a forward model will be developed in 
this section, allowing the simulation of the crack characteristic signals of a cracked concrete 
surface given the operating frequency, crack width, crack depth, dielectric property of the 
concrete, waveguide dimensions, and standoff distance. To simplify the simulation, cracks are 
assumed to have an infinite depth. This will ensure that there is no microwave signal reflecting 
back as a result of the termination of the crack. 
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Mortar Specimens 
 
Two mortar specimens having dimensions of 102 mm × 203 mm × 203 mm (4 in. × 8 in. × 8 in.) 
were prepared with 0.55 water-to-cement ratio and 2.25 sand-to-cement ratio. These mortar 
cubes were used to produce the cracks of various widths, as shown in Figure 8.59. The depth of 
the simulated cracks is 203 mm (8 in.), and at such depth the microwave signal reflected from 
the crack termination is negligible. Thus, these simulated cracks can be assumed to be 
electrically infinitely deep. This arrangement of mortar cubes allows the simulation of any crack 
width, which is important for the calibration of the electromagnetic model. 
 

 
Figure 8.59 Arrangement of mortar cubes to simulate crack. 

 
Calibrated Measurements With Network Analyzer (Coherent Measurements) 
 
A total of three crack widths, 0.5 mm, 1.0 mm, and 2.0 mm (0.02 in., 0.039 in., and 0.078 in.), 
and ten standoff distances from 0.5 mm (0.02 in.) to 5.0 mm (0.195 in.) in steps of 0.5 mm (0.02 
in.) will be considered to facilitate the development of the forward model. For calibration of the 
model, the arrangement shown in Figure 8.59 was scanned with an open-ended rectangular 
waveguide for each crack width and several standoff distances. The magnitude and phase of 
reflection coefficient was measured with an HP8510C vector network analyzer. These 
measurements were conducted every day as the mortar specimens were curing, starting from day 
3 to day 13. The average dielectric property (ε'r - ε"r) of the mortar specimens was also measured 
every day (Bois et al., 1999). Crack characteristic signals were obtained as a function of varying 
standoff distance, crack width, and dielectric property of mortar specimens. Figure 8.60(a, b) 
shows the magnitude and phase of the reflection coefficient as a function of standoff distance for 
a 2 mm (0.078 in.) wide crack on day 13. Figure 8.61(a, b) shows the magnitude and phase of the 
reflection coefficient as a function of crack width at a standoff distance of 2.0 mm (0.078 in.) on 
day 13. 
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Figure 8.60 Reflection coefficient for a 2 mm-wide crack on day 13 at different standoff 
distances. 

 
The small degree of asymmetry in the crack characteristic signals shown in Figures 8.60 and 
8.61 is primarily attributed to the not-so-sharp edges of the crack produced using two mortar 
cubes. Figure 8.62 shows the measured average dielectric property (ε'r - ε"r) of mortar cubes from 
day 3 to day 13 (Bois et al., 1999). It can be observed that the water content decreases as the 
specimen cures, lowering its dielectric property. Figure 8.63(a, b) shows the magnitude and 
phase of reflection coefficient as a function of dielectric property of the specimen. As a result of 
reduction in dielectric property of the specimen, the magnitude of reflection coefficient 
effectively decreases. 
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Figure 8.61 Reflection coefficient for different crack widths at a standoff distance of 2.0 mm on 
day 13. 
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Figure 8.62 Average dielectric property of mortar cubes from day 3 to day 13. 
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Figure 8.63 Reflection coefficient for a 2 mm-wide crack at a standoff distance of 0.5 mm 
measured on different days. 

 
Similarity to Eddy Current Signals 
 
By examining the magnitude and phase of the crack characteristic signals shown in Figure 8.60, 
it seems that these signals do not follow any particular pattern. However, after the magnitude and 
phase of a crack characteristic signal are presented in a complex plane, a unique feature is 
revealed. For example, Figure 8.64 shows how magnitude and phase of the crack characteristic 
signal of a 2-mm (0.078 in.) crack measured at a 2 mm (0.078 in.) standoff distance vary in the 
complex plane. The complex representation of the crack characteristic signal looks similar to the 
impedance plane diagrams from eddy current testing, which is promising for the determination of 
crack width. 
 
The crack signal in the complex plane looks like a spiral that opens up as the waveguide flange 
approaches the crack and reaches the tip of the spiral when the waveguide aperture is exactly in 
the middle of the crack. This part of the crack signal is represented by empty circles in Figure 
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8.64. The crack characteristic signal should then retrace back to the center of the spiral as the 
waveguide crosses over the crack. However, as shown in Figure 8.64, the crack signal in the 
complex plane does not retrace to the center of the spiral on the same exact path. As mentioned 
earlier, this asymmetry in the crack characteristic signal is primarily attributed to the not-so-
sharp edges of the crack produced using two mortar cubes. 
 

               
Figure 8.64 Complex plane representation of reflection coefficient of 2 mm wide crack at a 

standoff distance of 2.0 mm on day 13. 
 
Variation of Standoff and Crack Width 
 
In an ideal case such as a crack on a smooth concrete surface, the crack characteristic signal is 
expected to be symmetric about the center line of the crack. Therefore, only half of the crack 
signal is plotted in the following presentations for the purpose of calibrating an electromagnetic 
model. Figure 8.65 and Figure 8.66 show the variation of crack signals as a function of standoff 
distance and crack width, respectively. As one can see, the spiral shape represented by empty 
circles in Figure 8.64 is preserved in the complex representation of a crack characteristic signal 
irrespective of the standoff distance, crack width, and dielectric property of the specimen. 
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Figure 8.65 Variation of standoff distance for crack characteristic signals of a 2 mm-wide crack 

on day 13. 
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Figure 8.66 Variation of crack width at standoff distance of 3.5 mm on day 13 for various crack 
widths. 
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Numerical Simulations of Crack Characteristic Signal 
 
HFSS (High Frequency Structure Simulator) Model 
 
This section discusses the results of the comparison between measured crack characteristic 
signals and those obtained from a 3-D electromagnetic field solver. Figure 8.67 illustrates a 
schematic of the model developed in Ansoft HFSS 9.0 to simulate a crack (Ansoft Corporation, 
Pittsburgh, PA). 
 

 
Figure 8.67 Schematic of HFSS model developed for simulating crack characteristic signal. 

 
A 203 mm × 203 mm × 203 mm (8 in. × 8 in. × 8 in.) mortar specimen was prepared and a notch 
of 1.143 mm (0.045 in.) wide and 5.0 mm (0.195 in.) deep was cut in it with a hacksaw. The 
dielectric property of this cube was measured to be (5.96 – j1.02) at 10 GHz. To reduce the 
computation time in Ansoft HFSS, a smaller mortar block was created with the same notch 
dimensions. Figures 8.68 and 8.69 show the magnitude and phase of simulated and measured 
crack characteristic signals obtained at a standoff distance of 1.0 mm (0.039 in.) and 4.0 mm 
(0.156 in.), respectively. Two sets of measurements were performed along the two scan lines that 
are parallel to each other and separated by a distance of 1.5 cm (0.585 in.), as shown in Figure 
8.67.  



 345

0.2

0.25

0.3

0.35

0.4

-60 -40 -20 0 20 40 60

Measurement1 Measurement2 Ansoft HFSS

M
ag

ni
tu

de

Scan length (mm)  
(a) Magnitude 

168

170

172

174

176

178

180

182

184

-60 -40 -20 0 20 40 60

Ph
as

e 
(d

eg
)

Scan length (mm)  
(b) Phase 

Figure 8.68 Measured and simulated characteristic signals of a crack of 1.143 mm wide and 5.0 
mm deep: standoff distance = 1.0 mm, dielectric property = 5.96 – j1.02 at 10.0 GHz. 

 
It can be observed that HFSS model can accurately simulate crack characteristic signal given the 
standoff distance, operating frequency, dielectric property of cement-based material, waveguide 
dimensions, crack width, and crack depth. However, it should be noted that the simulation time 
is about one hour to compute one point. It takes approximately 15 hours to simulate one crack 
characteristic signal using HFSS. 
 
Ansoft HFSS can simulate crack characteristic signals for cracks with finite depth, whereas the 
empirical model is limited to cracks which are electrically infinitely deep. This tool can be used 
to simulate crack characteristic signals prior to conducting measurements in the field, which will 
aid in estimating the sensitivity of rectangular waveguide probes to detect cracks of small 
dimensions. Ansoft HFSS may also be useful in the inverse problem, which comprises of 
estimating crack depth and width information from crack characteristic signals. 
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Figure 8.69 Measured and simulated characteristic signals of a crack of 1.143 mm wide and 5.0 
mm deep: standoff distance = 4.0 mm, dielectric property = 5.96 – j1.02 at 10.0 GHz. 

 
This Study 
 
The empirical model is limited to cracks of infinite depth only and comprises three stages to 
simulate a crack characteristic signal. The three stages in simulating a crack signal in complex 
domain involve computing the magnitude and phase of reflection coefficient of open-ended 
rectangular waveguide at the aperture when: 

1. Open-ended rectangular waveguide is placed on an infinite half-space (cement-based 
material) at a given standoff in the absence of a crack: the starting point. 

2. The crack is placed in the middle of the waveguide aperture: the end point. 
3. Open-ended rectangular waveguide moves from the starting point (with the crack being 

located outside the waveguide flange) to the end point (where the crack is located in the 
middle of the waveguide aperture): the intermediate points. 
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The starting point, end point, and intermediate points are shown in Figure 8.70 for a 2.0 mm 
(0.078 in.) wide crack at a standoff distance of 3.5 mm (0.137 in.) on day 13. Half of the crack 
characteristic signal can be simulated once these points are computed. The other half of the crack 
characteristic signal is symmetric wherein the waveguide crosses over the crack to the other side. 
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Figure 8.70 Measured characteristic signal of a 2.0 mm-wide crack at a standoff of 3.5 mm on 

day 13 comprising of starting point, intermediate points, and end point. 
 
The first step in simulating the crack characteristic signal involves computing the starting point. 
This can be accomplished by using a custom-built electromagnetic model (“nlayer”) available 
from previous studies dealing with the interaction of open-ended rectangular waveguide with an 
infinite half-space of a dielectric material (Bakhtiari et al., 1994). The inputs to “nlayer” program 
are the thickness of each layer, the dielectric property of each layer, and the frequency of 
operation. In this case, the inputs to the program are the standoff distance and the dielectric 
property of the cube, as shown in Figure 8.71. The program computes the reflection coefficient at 
the open-ended rectangular waveguide aperture. Figure 8.72 shows a comparison between the 
computed starting point and the measured crack signals at different standoff distances. These 
results indicate that the starting points computed from “nlayer” program at different standoff 
distances agree well with the starting points of measured crack characteristic signals in the 
complex domain. 
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Figure 8.71 Inputs to “nlayer” code at open-ended waveguide aperture (starting point). 
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Figure 8.72 Computed versus measured starting points at different standoff distances for a 2.0 

mm-wide crack on day 13 (4.11 – j0.56) at 10.0 GHz. 
 
The second step involves computing the end point when the waveguide is right on top of the 
crack. This can be achieved by replacing the mortar cube and the crack present in it with an 
effective dielectric medium (ε'eff - ε"eff), as shown in Figure 8.73, and subsequently computing 
the reflection coefficient from the same “nlayer” code which was used for computing the starting 
point. 
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Figure 8.73 Schematic showing how the model is simplified to compute the end point. 

 
The effective dielectric constant is computed using a simple mixing rule: 
 

 (  ) (1  )aireff cement based materialvolume fraction volume fractionε ε ε −= × + × −
  (8.1) 

 
However, the volume fraction is weighed with the near-field pattern of the open-ended 
rectangular waveguide (Qaddoumi, 1998). The near-field pattern for an open-ended rectangular 
waveguide can be computed using an available electromagnetic model previously developed 
(Hughes, 2003). Figure 8.74 shows the electric field intensity plot used to weigh the volume 
fraction in the dielectric mixing formula. 
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Figure 8.74 Intensity plot of electric field component perpendicular to the crack with the 

waveguide at a standoff distance of 3.5 mm at 10.0 GHz. 
 
The third step involves computing the intermediate points which comprise of the reflection 
coefficient of the open-ended rectangular waveguide with the crack moving from the tip of 
waveguide flange to the middle of the waveguide aperture. This is accomplished empirically by 
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taking two template signals from the measurements at standoff distances of 0.5 mm (0.02 in.) 
and 4.5 mm (0.176 in.) for a crack width of 2.0 mm (0.078 in.). These templates are primarily 
used to obtain the overall shape of the crack characteristic signal and can be used to simulate a 
crack of any given width. The standoff distances of 0.5 mm (0.02 in.) and 4.5 mm (0.176 in.) are 
chosen because these template signals encompass all the possible shapes of a crack characteristic 
signal, as can be observed from Figure 8.65. Crack signals at any other standoff distance can be 
obtained by interpolating or extrapolating the two template signals, as shown in Figure 8.75. 
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Figure 8.75 Crack signals at other standoff distances obtained by interpolating or extrapolating 

the template signals at standoff distances of 0.5 mm and 4.5 mm. 
 
Once the template signal is found for a given standoff distance, a scaled version of this signal is 
rotated and translated such that it fits between the starting and the end points. Thus, the crack 
characteristic signal is simulated in the complex domain for a given standoff distance, crack 
width, and dielectric property of the mortar cube.  
 
Results and Discussions 
 
The simulated crack characteristic signals in the complex domain are unwrapped to get the 
magnitude and phase plots of the reflection coefficient of open-ended rectangular waveguide. 
Figures 8.76 through 8.78 are some results showing a comparison between the measured and the 
simulated crack characteristic signals. For a 2.0 mm (0.078 in.) wide crack, Figures 8.76 and 
8.77 show magnitude and phase of measured and simulated crack characteristic signals at 
standoff distances of 0.5 mm (0.02 in.) and 5.0 mm (0.195 in.). For a 1.0 mm (0.039 in.) wide 
crack, Figure 8.78 shows the magnitude and phase of measured and simulated crack 
characteristic signals at a standoff distance of 3.5 mm (0.137 in.). 
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Figure 8.76 Measured and simulated crack signals for crack width of 2.0 mm at standoff distance 
of 0.5 mm. 

 
The results show that the simulated crack characteristic signals are similar to the measured 
signals. This model has the potential to accurately simulate crack characteristic signals for a 
given standoff distance, operating frequency, waveguide dimensions, and crack width. 
 
POTENTIAL APPLICATIONS IN CIVIL INFRASTRUCTURES 
 
Both cable sensors and microwave technology can be used to effectively detect surface cracks 
that are being developed on RC members. Cable sensors are also a viable means of locating 
hidden cracks near the surface of RC members, or in detecting damage in inaccessible areas. 
These applications include, but are not limited to: 

• Monitoring of the behavior of RC pile and shaft foundations. 
• Monitoring of the behavior of massive concrete structures such as dams. 
• Monitoring of hidden cracks in RC columns retrofitted with steel, concrete, or FRP 

jacketing. 
• Recording of the damage that has occurred during a recent disaster event such as an 

earthquake, explosion, and/or wind gust. 
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Figure 8.77 Measured and simulated crack signals for crack width of 2.0 mm at standoff distance 
of 5.0 mm. 

 
Two Teflon sensors were installed on the underside of the concrete deck of a bridge being load-
tested, perpendicular to the traffic direction, as illustrated in Figure 8.79(a). The bridge is a three-
span structure with a total length of 38.7m (127 ft), Figure 8.79(b), located in Dallas County, 
Missouri. The superstructure has three RC beams that were cast integrally with the deck. The 
sensors were installed in November of 2003 before tests were conducted. As expected, there 
were no significant changes due to the loading of the bridge. The vehicles were parked back to 
back, as seen in Figure 8.80, in the lane opposite to the lane directly above the location of the 
sensors. The second loading case which affected the sensors, the trucks were parked back to 
back, similar to Figure 8.80, but in the center of the bridge width. These tests were repeated in 
May of 2004. The sensors were once again measured under the same load cases. The data from 
Figure 8.81 and Figure 8.82 reflect the signal from each sensor at zero loading after each load 
case had been completed in both November and May. Sensor 2 showed little change during the 
months of inactivity, while Sensor 1 showed a very small crack after the loading test in May. The 
location of the sensor in the deck was visually inspected for cracks and none were seen. 
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Figure 8.78 Measured and simulated crack signals for crack width of 1.0 mm (0.039 in.) at 
standoff distance of 3.5 mm. 

 

             
            (a) Installed sensors    (b) Overview 

Figure 8.79 Sensor implementation on Dallas County Bridge. 
 

 
Figure 8.80 Trucks in loading position. 

 

Crack Sensors 
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Figure 8.81 Difference signals taken at zero loading at bridge site (Sensor 1). 
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Figure 8.82 Difference signals taken at zero loading at bridge site (Sensor 2). 

 
CONCLUSIONS 
 
Distributed cable sensors were developed for the location detection and size measurement of 
cracks that traverse the cables. Their dynamic performance has been studied through the shake 
table tests of six RC columns. After the discovery of the memory feature of the sensors, an 
attempt was made to quantify the memory feature with a series of static and cyclic tests of six 
RC beams. On the other hand, microwave technology was investigated to conduct crack mapping 
on the surface of an RC member after the location of cracks of structural implications has been 
identified. Based on the analyses and experiments, the following conclusions can be drawn: 
1. The newly designed Teflon sensors have performed well under static and dynamic loads 

while rubber sensors are more suitable for structures subjected to static loads. Both sensors 
proved to be rugged and durable. In the shake table column testing application, both sensors 
survived over 20,000 cycles of loading without failure. In the crack width calibration and 



 355

cyclic testing, the Teflon sensors encountered numerous relatively large cracks and did not 
show any signs of failing. 

2. For a particular crack, the increase in crack width was in general agreement with the increase 
in reflection coefficient at the crack location. However, the relationship between physical 
width and resulting change in reflected signal is inconsistent throughout the number of cracks 
due to multiple crack effects on stress redistribution, unknown sensor-concrete interaction, 
and adhesion. It was observed that the smallest crack width that is discernable according to 
the sensor is approximately 0.15 mm (0.006 in.). Although larger than that of the sensors 
without soldering on spirals, this value is much smaller than the smallest crack width of 
structural implications. 

3. In almost all test cases, the location of the cracks can be clearly identified from the measured 
signal when the cracks open. Even after the load has been removed, large cracks (> 0.225 
mm) can remain permanently discernable in the sensor signal, while small cracks (< 0.20 
mm) remain detectable in the signal typically after no more than 15 cycles of loading. The 
memory feature depends on both the crack width and the number of loading cycles; it is 
independent of the load rate within the test range up to 7.62 mm/sec (0.3 in./sec). 

4. For cyclic testing, the Agilent Infiniium DCA Wide-Bandwidth Oscilloscope is sufficient for 
the acquisition of reflection waveforms at any time. Even for harmonic/dynamic testing in 
the frequency range of 1–9 Hz, though somewhat challenging, the capturing of data at the 
moment of maximum crack width proved to be achievable. In both cases, the signal from the 
sensor on the TDR screen changes in real time as the cracks opened and closed. This 
observation reveals the possibility for future data acquisition techniques using a TDR 
sampling device with a GPIB interface card that will enable a time-history of crack 
propagation to be captured. 

5. To improve upon the lower limit of detectable crack width and the correlation between 
reflected signal and crack width, further research in three areas is necessary: (a) use of an 
automatic spray metallization process, (b) understanding of the concrete-to-sensor interfacial 
and adhesion behavior, and (c) controlled cyclic testing of beams with a progressively 
increasing single crack. 

6. A portable hand-held probe of certain size can be directly applied to map the crack 
distribution on the surface of a concrete member at a given standoff distance and operating 
frequency. The width of cracks can potentially be identified by comparing the simulated with 
the measured crack characteristic signals, which is a function of standoff distance, operating 
frequency, waveguide dimensions, and crack width. The simulated crack characteristic 
signals were generated with the electromagnetic model that was developed in this study and 
well validated with test results. 

7. To directly determine the width and depth of a crack, an inverse model needs to be developed 
to relate the crack size to the magnitude and phase of crack characteristic signals provided 
the dielectric properties of the material is known a priori. The current study also needs to be 
extended to the detection of cracks that may not be oriented perpendicular to the direction of 
line scan performed, which is more realistic in practical applications. Therefore, the influence 
of polarization of signals and crack orientation must be included in both forward and inverse 
models.  
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CHAPTER 9. CONCLUDING REMARKS 
 
 
This report summarizes the results and findings from a pilot study on several earthquake 
engineering issues of national significance, focusing on the regional seismic activity near the 
New Madrid Seismic Zone (NMSZ) in the Central United States. The NMSZ is the location of 
several of the largest earthquake events (1811–1812 earthquakes) in the contiguous United 
States. In the past three decades, due to the infrequent nature of earthquake occurrence in this 
region, limited attention has been paid to the potential threat that the NMSZ has to the national 
and regional transportation infrastructures along the corridor from California to New York. This 
study represents the first systematic earthquake hazards investigation in the proximity to the 
NMSZ, addressing several unique and important issues related to the safety of the transportation 
network system. 
 
The topics of this study included near-field rock and ground motion, deep soil deposit response, 
bridge response to near-field ground motion, seismic retrofit of bridge systems, loss estimation 
methodology, and post-earthquake assessment of structural conditions. The study involved a 
group of researchers from various disciplines, including seismology, geology, geotechnical and 
structural engineering, and economy. Based on extensive numerical simulations and physical 
tests, both recommendations for practical implementation and future research needs are given 
below. 
 
RECOMMENDATIONS 
 
The results and findings on various topics were presented from Chapter 2 to 8 with main 
conclusions summarized at the end of each chapter. Following is a list of recommendations that 
can guide the seismic design and retrofit of bridge structures in the Central and Eastern United 
States (CEUS): 
1. The uncertainties of near-field rock motions in the NMSZ were quantified with a composite 

source model and an equal-weight logic tree for various earthquake source parameters, rock 
properties, and source-site distances. Due to lack of ground motion records, the maximum 
standard deviation of spectral accelerations or total uncertainty ranges from 0.5 g to 2.3 g. It 
increases significantly as the bridge site gets closer to the strike-slip fault, especially in the 
fault-normal component of motion due to forward rupture directivity effects. This level of 
uncertainty needs to be considered in the evaluation of a bridge structure. In comparison with 
the southwestern segment (strike-slip fault), the Bootheel lineament (reverse fault) 
introduced 26%, 11%, and 51% higher uncertainties for the fault-parallel, fault-normal, and 
vertical components of motion, respectively. 

2. At intermediate and long periods, due to forward rupture directivity effects, the average 
spectral acceleration generated with the composite source model and equal-weight logic tree 
is generally higher than those derived from attenuation curves, point-source or finite-fault 
models from rupture scenarios of the southwestern segment. A total of 60 sets of rock and 
ground motion time-histories were generated from this study, representing various 
combinations of fault mechanism, earthquake magnitude, and bridge site. They can be 
directly used by researchers, engineers, and educators for geotechnical and structural analysis 
of critical infrastructures in the NMSZ. 
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3. For near-field strong earthquake motions associated with a reverse fault mechanism, the 
vertical spectra are significantly higher than their corresponding horizontal spectra. 
Therefore, the rule-of-thumb ratio of two-thirds between the vertical and horizontal spectra 
can be a poor descriptor of vertical motions. However, a ratio of two-thirds is generally 
appropriate for intermediate and long periods of spectral accelerations associated with a 
strike-slip fault mechanism. 

4. The fling step in the fault-parallel component of rock motions depends on the fault 
mechanism, depth to top of the fault, and stress drop, while the velocity pulse in the fault-
normal component mainly changes with the hypocenter location along the strike, rupture 
velocity, and depth to top of the fault. The fling step in rock associated with an MW 7.5 
earthquake event can be as high as 2.0 m and the velocity pulse can be 2.6 m/sec. When a 
near-field rock motion is propagated through deep soil deposits to the ground surface, the 
fling step in the rock motion disappears due to the flexibility of deep soil deposits (over 600 
m). 

5. Based on the site response analyses conducted on deep soils in the vicinity of the NMSZ, 
most of the nonlinear behavior of soils occurred in the shallow soils as expected.  Increased 
shear strains and degradation of soil properties were evident in the upper 60 m. This indicates 
that the site characterization and the determination of nonlinear properties to evaluate the 
seismic response of the bridge foundations should be focused on these upper soils. Beyond 
this depth, the sandy soils show little degradation in modulus and remain in elastic range 
under earthquake loading due mainly to the effect of confining pressure. Below 60 m, the 
measurement of soil properties can also be limited to low strain methods. Neglecting the 
influence of confining pressure on site response analysis will significantly underestimate the 
ground response in deep soil sites. 

6. In comparison with the recommended LRFD Guidelines for the seismic design of highway 
bridges, the fault-normal spectral accelerations of the simulated ground motions are slightly 
higher at a site within 10 km of the causative fault. However, the geometric average of the 
fault-normal and fault-parallel components agrees well with the LRFD Guidelines. As the 
site is farther away from the fault by 10 km, the near-field effect decreases. 

7. Liquefaction can occur in the NMSZ due to an MW 6.5 or stronger earthquake event. The 
extent of the liquefied zone increases with earthquake magnitude. Due to liquefaction, the 
strain in soils becomes higher, the acceleration at the ground surface is lowered, and the 
deformation in soil medium is increased. Based on the evaluation of liquefaction potential, 
both L472 and A1466 sites are likely to liquefy when the peak ground acceleration is larger 
than 0.1 g. 

8. A modified hyperbolic model was developed incorporating Masing rules. This model was 
implemented in the FLAC computer code that was calibrated with the 1971 failure of the 
Upper San Fernando Dam. Based on this calibrated model, the earthquake-induced 
deformation was determined to have exceeded 1.0 m when the approach embankment was 
subjected to an MW 7.0 earthquake event. Liquefaction that occurs in the foundation soils can 
further increase the deformation of the approach embankments of Bridge A1466. 

9. Under the maximum considered earthquake, the vertical ground acceleration increases the 
axial compressive forces in the columns by an average of 1.78 times for Bridge L472 (3.7 km 
from the fault) and 1.62 times for Bridge A1466 (10.9 km from the fault). The influence of 
the vertical acceleration is remarkably reduced with lower moment magnitudes. It is 
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important to consider the effect of vertical accelerations in the design of bridges near an 
active fault. 

10. A site-specific rock and ground motion simulation is recommended for the evaluation of 
highway bridges in the NMSZ within 10 km from active faults. The resulting rock motions 
should include at least velocity pulses that affect the seismic response of the bridges. It is 
also important to consider the effects of vertical motion on the bridges’ behavior. 

11. For highway bridges in the NMSZ located 10 km (6.2 miles) or more away from active 
faults, a simple methodology based on the average directivity conditions at the site and the 
directivity models is recommended to take into account near-field effects in their design 
response spectra. 

12. CFRP wrapping for repairing of a cracked RC column can prevent the column from failing in 
shear. Grouting of shear cracks in column repair is sufficient to allow the column to return to 
its full service. CFRP wrapping on bent cap/column joints is effective in enhancing the 
displacement ductility capacity of a beam-column component up to 4–5, which is satisfactory 
for moderate earthquakes. 

13. An interlocked nail joint of two steel sheets fails in steel sheet bearing when a gap of 12.7 
mm is provided between the two connected ends. A circular RC column wrapped with a thin 
steel sheet and jointed with 2-row 25-mm long nails can prevent shear failure. Together with 
steel rings provided in plastic hinge areas, the steel sheet strengthening technique is effective 
in achieving the satisfactory performance of the column for both moderate and large 
earthquakes. 

14. A lap-spliced nail joint of two steel sheets fails in steel bearing when the number of rows of 
nails is five or more. Similar to interlocked joints, the lap-spliced joint can also effectively 
connect a thin steel sheet for the seismic retrofit of a circular column under earthquakes of 
varying magnitudes. 

15. For a bent cap/column joint, steel plates can be placed around the bent cap to form two cages, 
one on either side of the column. The two cages can be connected with x-shaped diagonal 
plates on the front and back side of the joint. Such a retrofit technique can prevent shear 
failure of the joint but not widening of shear cracks at the joint, resulting in pullout of the 
longitudinal reinforcement in the column, unless prestressing is provided along the axis of 
the bent cap. 

16. Post-earthquake structural condition assessment can be rapidly carried out with the use of 
coaxial cable sensors for RC structures. A cable sensor can directly render damage location 
and severity in an RC member and requires minimum data interpretation during an 
earthquake event. The sensors can also record the most severe damage scenario without the 
use of a data acquisition. As such, they provide the reliability needed the most for post-
earthquake assessment of structural conditions. 

17. The microwave technology developed in this study used a portable hand-held probe for the 
detection of both surface and near-surface interior cracks. It can be applied to map cracks in a 
local area after cable sensors have identified the location of the cracks that have structural 
implications. The crack mapping on the surface of an RC member will ultimately provide 
information on the residual strength of main reinforcement in the structural member. 

18. The loss estimation study integrated the use of established methodologies in earthquake 
losses and transportation models. Both direct losses and indirect (partial) losses were 
calculated and compared. The direct losses range from $70 to $800 million for bridge 
structures along the highway system for a New Madrid and St. Louis earthquake event, 
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respectively.  The partial indirect losses could be as much as $20 million per day depending 
on the ability to restore the transportation system to normal conditions. 

 
FUTURE RESEARCH NEEDS 
 
This study was the first systematic investigation on many contemporary issues in earthquake 
engineering that are pertinent to the NMSZ. Due to limited time and resources, a number of 
issues were addressed in a qualitative manner. Future research is needed to provide quantitative 
relations for inclusion in design provisions in the following identified areas. 
1. The composite source model used to generate rock motions assumed that the source of a 

strong earthquake be taken as a superposition of the radiation from a significant number of 
circular subevents. The subevents are allowed to overlap within the plane of a seismic fault. 
While justifiable for interplate earthquakes due to existing weak surfaces along the fault, this 
assumption is likely overconservative for intraplate earthquakes and results in large 
uncertainties. Therefore, it is of engineering interest to investigate how a restraint of non-
overlapping subevents would affect the characteristics of rock motions. 

2. Although the computational tools used for site response analysis and liquefaction evaluation 
have been validated with the field measurements obtained from California sites, the 
numerical results simulated with the computational tools for deep soil deposits are yet to be 
ultimately validated with a special subsurface exploration program for deep soil deposits. 
The Network for Earthquake Engineering Simulations (NEES) facilities, recently made 
available to researchers, may provide a unique opportunity to conduct a series of in situ tests 
to understand the characteristics of deep soil deposits. 

3. Due to the unique features of the bridges in CEUS, the bridge structures behave quite 
differently from those structures in the Western Coast that have been studied for years. Since 
the recurrence period of large earthquakes in the NMSZ is long compared to the life span of 
bridges, the behavior of the bridges in CEUS can never be fully understood and validated 
unless in situ testing of representative existing bridges has been conducted. Again, the NEES 
facility provides the engineering community with a unique opportunity. 

4. In the seismic retrofit of bent cap/column joints, GFRP anchors were provided between the 
CFRP sheets and concrete, which are effective for moderate earthquakes. Their performance 
under severe earthquakes is subject to further study. Although the anchors prevented 
potential delaminating of the longitudinal CFRP sheets and reduced buckling of the 
compressive CFRP sheets, the concrete at the joint surface that supported the anchors is 
likely to spall under a severe earthquake. 

5. The column softening and bent cap RC strengthening technology for the seismic retrofit of 
Alaska bridge structures was successful to certain degree. Improvements need to be 
implemented for this retrofit scheme in order to prevent joint shear failure and subsequent 
pullout of the column longitudinal reinforcement. These improvements may include 
providing continuous reinforcement across the transverse direction of the joint in order to 
prevent unrestricted dilation of the joint. Also, additional hoops will be provided around the 
column reinforcement within the gap region in order to reduce the unbraced length of the 
column longitudinal reinforcement and postpone the onset of low cycle fatigue of this 
reinforcement. 

6. The potential direct and indirect losses of the transportation infrastructure in the St. Louis 
metropolitan area were evaluated for each earthquake scenario in a deterministic approach. 
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As a result, an MW 7.0 earthquake event in St. Louis will cause over 12 times more direct 
economic loss than an earthquake event of MW 7.7 in the NMSZ. Considering the very low 
likelihood of an MW 7.0 earthquake event in St. Louis, this relative impact from the two 
scenario earthquakes needs to be further investigated within the life span of bridges. 

7. Although coaxial cable sensors have been demonstrated for their high sensitivity, spatial 
resolution, and ruggedness for structural applications, their performance needs to be 
validated in field conditions on real-world structures. In addition, the new framework for RC 
structural condition assessment using the surface crack mapping data acquired from cable 
sensors and microwave technology needs to be developed. 

8. Although coaxial cable sensors have demonstrated high sensitivity, spatial resolution, and 
ruggedness for structural applications, their performance needs to be validated in field 
conditions on real-world structures. In addition, the new framework for RC structural 
condition assessment using the surface crack mapping data acquired from cable sensors and 
microwave technology needs to be developed. 
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APPENDIX A. SELECTED ROCK/GROUND MOTIONS FROM RUPTURE 
SCENARIOS OF THE SOUTHWESTERN SEGMENT 

 
 

Table A.1 Parameters of the selected rock motions. 

Peak rock acceleration (g) Near-field characteristics 
Bridge MW Suite # Sim 

# 
FP FN V Velocity pulse (m/sec) and 

No. of pulses 
Fling 
(m) 

1 1 1.52 2.37 1.45 – a 1.89 
2 8 1.51 1.51 0.95 1.91 (2) 0.53 
3 50 1.29 1.77 1.17 2.07 (1) 0.41 
4 70 1.06 1.97 1.39 3.61 (2) 0.58 

7.5 

5 77 1.44 1.54 1.21 – 1.81 
1 25 0.69 1.34 0.60 1.40 (1) 0.51 
2 32 0.93 1.05 0.64 – 0.19 
3 55 0.73 1.12 0.90 1.53 (1) 0.16 
4 82 0.95 1.02 0.89 1.32 (1) 0.06 

7.0 

5 88 1.16 0.87 0.81 1.09 (1) 0.31 
1 1 0.54 0.74 0.62 – 0.21 
2 3 0.58 0.71 0.42 0.52 (1) 0.13 
3 9 0.68 0.58 0.45 0.33 (1) 0.20 
4 21 0.48 0.58 0.43 0.47 (1) 0.28 

L472 

6.5 

5 53 0.60 0.78 0.58 0.30 (– b) 0.04 
1 22 1.08 1.13 0.83 1.31 (1) 0.87 
2 27 0.90 0.73 0.57 – 0.84 
3 48 0.71 0.89 0.68 1.81 (1) 0.29 
4 56 0.78 0.73 0.69 1.05 (1) 0.46 

7.5 

5 83 0.82 0.82 0.52 – 0.64 
1 4 0.71 0.62 0.47 – 0.22 
2 9 0.69 0.71 0.46 – 0.31 
3 12 0.63 0.66 0.53 0.43 (1) 0.24 
4 31 0.92 0.54 0.38 – 0.33 

7.0 

5 59 0.59 0.65 0.50 0.39 (1) 0.10 
1 37 0.32 0.19 0.16 – 0.04 
2 55 0.19 0.19 0.13 0.21 (1) 0.02 
3 71 0.16 0.19 0.13 0.18 (1) 0.02 
4 96 0.17 0.18 0.16 0.13 (2) 0.04 

A1466 

6.5 

5 100 0.16 0.17 0.12 – 0.02 
a Backward rupture directivity (with no velocity pulses) 
b Forward rupture directivity (with no velocity pulse) 
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(a) L472 site, MW 7.5: Sim #50 (b) L472 site, MW 7.0: Sim #82 
Figure A.1 Time-histories of rock motion (1). 
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(a) L472 site, MW 6.5: Sim #21 (b) A1466 site, MW 7.5: Sim #22 
Figure A.2 Time-histories of rock motion (2). 
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(a) A1466 site, MW 7.0: Sim #59 (b) A1466, MW 6.5: Sim #55 
Figure A.3 Time-histories of rock motion (3). 
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   Table A.2 Parameters of the corresponding free-field motions. 

Peak free-field acceleration (g) Near-field characteristics 
Bridge MW Suite # Sim 

# 
FP FN V c Velocity pulse (m/sec) and 

No. of pulses 
Fling 
(m) 

1 1 1.69 2.27 1.45 – – 
2 8 1.36 1.94 0.95 2.38 (– d) – 
3 50 1.25 1.80 1.17 2.69 (–) – 
4 70 1.47 1.98 1.39 3.81 (3) – 

7.5 

5 77 1.62 2.09 1.21 – – 
1 25 0.80 1.17 0.60 1.72 (–) – 
2 32 0.99 1.07 0.64 – – 
3 55 0.86 1.27 0.90 2.07 (1) – 
4 82 1.12 1.28 0.89 2.07 (2) – 

7.0 

5 88 1.05 0.87 0.81 2.06 (1) – 
1 1 0.59 0.73 0.62 – – 
2 3 0.68 0.66 0.42 1.29 (1) – 
3 9 0.73 0.56 0.45 1.15 (1) – 
4 21 0.58 0.72 0.43 1.17 (–) – 

L472 

6.5 

5 53 0.78 0.61 0.58 0.40 (–) – 
1 22 1.14 1.28 0.83 2.37 (2) – 
2 27 1.04 1.01 0.57 – – 
3 48 0.82 0.96 0.68 2.81 (2) – 
4 56 0.92 0.73 0.69 2.39 (2) – 

7.5a 

5 83 0.74 0.87 0.52 – – 
1 4 0.68 0.68 0.47 – – 
2 9 0.73 0.69 0.46 – – 
3 12 0.69 0.67 0.53 1.60 (3) – 
4 31 0.77 0.53 0.38 – – 

7.0a 

5 59 0.63 0.74 0.50 0.87 (4) – 
1 37 0.58 0.21 0.16 – – 
2 55 0.32 0.32 0.13 0.69 (–) – 
3 71 0.31 0.31 0.13 0.59 (1) – 
4 96 0.40 0.40 0.16 0.83 (1) – 

A1466 

6.5b 

5 100 0.22 0.36 0.12 – – 
a Liquefaction is taken into account 
b Liquefaction is unlikely to occur  

c Same as rock motion 
d No free-field velocity pulse though it exists on rock outcrops 
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(a) L472, MW 7.5: Sim #50 (b) A1466, MW 7.0: Sim #82 
Figure A.4 Time-histories of free field/ground motions (1). 
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(a) L472, MW 6.5: Sim #21 (b) A1466, MW 7.5: Sim #22 
Figure A.5 Time-histories of free field/ground motions (2). 
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(a) A1466, MW 7.0: Sim #59 (b) A1466, MW 6.5: Sim #55 
Figure A.6 Time-histories of free field/ground motions (3). 
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Figure A.7 Displacement time-histories at the bottom/top of embankment for A1466 site from 

rupture scenarios of the southwestern segment corresponding to MW 7.5: Sim #22. 
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Figure A.8 Displacement time-histories at the bottom/top of embankment for A1466 site from 

rupture scenarios of the southwestern segment corresponding to MW 7.0: Sim #12. 
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Figure A.9 Time-histories at the bottom/top of embankment for A1466 site from rupture 

scenarios of the southwestern segment corresponding to MW 6.5: Sim #55. 
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APPENDIX B. SUPPORTING CALCULATION SHEETS FOR INDIRECT COSTS 
 
 

Table B.1 Summary of assumptions used in calculations (1). 
Numerical Assumption Description Value at Source 

Annual working hour  2,000 hours     DOT Document   
[DOT,1997]   

Number of persons per vehicle 
for commuting trip 

Average of number 
persons per vehicle varies 
by commuting trip purpose 

 
1.316 persons 

Percentage of each trip type in 
study area by trip purpose 

The percentage of trips by 
purpose in St. Louis 
metropolitan area 

       Work Trip=22.82% 
Non-work Trip=63.78% 

Commercial Trip=13.4% 

 
 
 

EWGW 

Average age of tractor/truck  2.5 year 
Average age of trailer  4 year 
Depreciation per year of 
tractor/truck 

 16% 

Depreciation per year of trailer  12% 
Depreciation due to time  40% 
Repair/Maintenance due to time  20% 
Cost of money  12% 
Insurance due to time  15% 
Driver wage burden Overhead cost in 

percentage of hourly wage 
26% 

 
 
 

The same value 
used in the Waters' 

study (Waters et 
al., 1995) 

 
Table B.2 Summary of assumptions used in calculations (2). 

Variable Additional Assumption 
Depreciation due to distance Other than travel time, depreciation depends only on travel distance  
Repair/Maintenance due to 
distance 

Other than travel time, repair/maintenance depends only on travel 
distance  

Number of persons per vehicle 
for commuting trip 

This number is applicable for every commuting trip in the study area. 
Moreover, it also assumes that every person in the vehicle is adult 

Percentage of each trip type in 
study area by trip purpose This percentage is applicable for every zone in the study area 

 
Table B.3 Detail partial loss calculation. 

   Hourly Increased Scenario Cost (2004 USD) Most Affected Route  
@ Day Time Distance Cost Time Cost Total Cost From Zone To Zone Cost 

0 Peak  $610,507 $1,006,612 $1,617,119 864 597 $27.14 
 Off-Peak  $135,970 $521,944 $657,914 1107 1047 $9.44 

30 Peak  $5,149 $102,124 $107,273 820 266 $8.22 
 Off-Peak  -$7,706 $116,209 $108,503 1107 1043 $9.44 

90 Peak  -$30,957 $149,302 $118,345 338 763 $8.19 
 Off-Peak  -$37,734 $87,232 $49,498 363 780 $7.16 

250 Peak  -$31,748 $63,051 $31,303 1071 431 $7.11 St
. L

ou
is

 

 Off-Peak  -$13,833 $33,740 $19,907 159 899 $6.77 
500 Peak  $0 $0 $0 n/a n/a n/a 

 Off-Peak  $0 $0 $0 n/a n/a n/a 
 



 394

Table B.4 Summary of St. Louis scenario losses. 
 St. Louis Scenario (Million Dollar) 

@ Day Peak Off-Peak Daily Loss 
0 $4.23 $1.55 $20.59 

30 $2.90 $0.67 $2.60 
90 $2.90 $0.68 $1.53 

250 $2.93 $0.62 $0.53 
500 $0.00 $0.00 $0.00 

 




